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Preface

Of all the major forms of multi-storey building construction, structural precast concrete is perhaps 
understood by the fewest practitioners. This is a significant ‘blind spot’ in that part of the building 
profession associated with the design and construction of large or small multi-storey precast and 
prestressed concrete frames. This is due mainly to two particular factors:

	 The notion of using a modular form of construction, such as precast concrete, is not widely taught 
at undergraduate level because it is thought of as being too restrictive in the wider application of 
theory and design instruction.

	 Precast concrete design is usually carried out in-house by the small number of specialist engineers 
employed by the precast manufacturing companies.

Consequently, the trainee structural designer is rarely exposed to the virtues of using precast con-
crete in this way. Opportunities to study the basic concepts adopted in the design, manufacturing and 
site erection stages are not often made available to the vast majority of trainees.

Even where precast concrete is accepted as a viable alternative form of construction to e.g. steelwork 
for medium to high-rise structures, or to insitu concrete for some of the more complex shaped build-
ings, or to masonry for low-rise work, it is often considered only at a late stage in the planning process. 
In these situations, precast concrete is then often restricted to the substitution of components carrying 
their own locally-induced stresses. The economic advantage of the precast components also carrying 
global stresses is lost in the urgency to commence construction. Indeed, precast component design 
has long been considered as having a secondary role to the main structural work. Only more recently 
have precast designers been challenged to validate the fundamental principles they are using, and to 
give clients confidence in precast concrete design solutions for entire structures.

To meet ever-increasing building specifications, precast manufacturing companies have considera-
bly refined the design of their product. They have formed highly effective product associations dealing 
with not only the marketing and manufacturing of the product, but also with technical matters. These 
include common design solutions, research initiatives, education, unified design approaches, and, 
importantly, the encouragement of a wider appreciation of precast structures in the professional design 
office. Even so, the structural and architectural complexity of some of the more recent precast frames 
has widened the gap between precast designers and the rest of the profession. The latter have limited 
sources for guidance on how the former are working. Satisfying codes of practice and the building regu-
lations plays only a minor role in the total package; there is so much more, as this book shows.

Nowadays, the use of precast reinforced and prestressed concrete for multi-storey framed buildings is 
widely regarded as an economic, structurally sound and architecturally versatile building method. Design 
concepts have evolved to satisfy a wide range of commercial and industrial building needs. ‘Precast con-
crete frames’ is a term which is now synonymous with high quality, strength, stability, durability and 
robustness. Design is carried out to the highest standard of exactness within the concrete industry  
and yet the knowhow, for the reasons given above, remains essentially within the precast industry itself.

Precast concrete buildings do not behave in the same way as cast-in situ ones. The components 
which make up the completed precast structure are subjected to different forces and movements from 
the concrete in the monolithic structure. It is necessary to understand where these physical effects 
come from, where they go to, and how they are transferred through the structure.

Consequently, this book aims to disseminate understanding of the disparate procedures involved in 
precast structural design, from drawing office practice to explaining the reasons for some of the more 
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intricate operations performed by precast contractors on site. The principal focus is upon on skeletal-
frame type structures, the most extensively used form of precast structural concrete. They are defined 
as frameworks consisting essentially of beams, columns, slabs and a small number of shear walls.

From the structural and architectural viewpoints, skeletal frames are the most demanding of all 
precast structures. They contain the smallest quantity of structural concrete per unit volume. The 
precast components can be coordinated into the architectural façade, both internally and externally, 
to meet the social, economic and ecological demands that are now required. Ever greater accuracy, 
quality control, and on-site construction efficiency are being demanded and achieved. The construc-
tion industry is turning to high-specification prefabricated concrete for its advancement, using 
‘factory engineered’ precasting techniques.

The chapters in this book have been arranged so that different parts of the design process can be 
either isolated (for example in the cases of precast flooring, or of connections), without the reader 
necessarily referring to the overall frame design, or read sequentially to realise the entire design. 
Chapters 1 to 3 present an overview of the subject in a non-technical way. Chapters 4 to 9 describe, 
in detail, the design procedures that would be carried out in a precast manufacturing company’s 
design office. Chapter 10 describes the relevant site construction methods. Numerous examples have 
been used to demonstrate the application of design rules, many of which are not code-dependent.

There are many aspects to the design of precast skeletal frames that have evolved through the 
natural development of precast frame design since the 1950s. One aim of this book is to update and 
coordinate this information for the future. Historically, the precast concrete industry considered many 
of its design techniques commercially sensitive, particularly those for connector design, and was 
consequently criticised by developers and consultants. More information is now freely available since 
the expiry of many patents of ideas. One of the main purposes of the first edition was to bring together 
in a coherent manner, for the benefit of everyone, the widely varied design methods used in the 
industry. The second edition aims to extend that process in the context of continually developing 
technology and the introduction of Europe-wide design requirements embodied in the Eurocodes. It 
also demonstrates the trend towards greater, often fully serviced, spatial precast components.

Precast concrete designs are not entirely code-dependent, but the primary recommendations are 
in accordance with Eurocode 2 (BS EN 1992-1-1) and its predecessor BS 8110. Where the design 
procedures from the two codes differ, they are explained. Where major differences occur, or accumu-
late in design examples, the text is presented in two parallel columns with the Eurocode version in 
the left column and the BS 8110 text in the right column. When minor textual differences occur for 
the application of the two codes, Eurocode 2 forms the basic text, with the alternative BS text within 
braces or curly brackets thus: {to BS 8110}. It may help the reader to know that the authors have 
retained braces exclusively for this purpose, leaving the use of round brackets for the two contextually 
differentiable functions of parenthesis or mathematical grouping, and square brackets for references.

The combination of a broad overview, background research, and detailed analysis, the references 
to the familiar British Standards and the new Eurocodes, and an extensive range of illustrations 
together combine to offer a valuable resource for both undergraduate and practising engineers in the 
field of precast concrete.

The authors are indebted to the following individuals and companies for their personal assistance 
and corporate help in the preparation of this book: Beresford Flooring Ltd (Derby, UK), Bison Manu-
facturing (Swadlincote, UK), British Precast Concrete Federation and Precast Flooring Federation 
(Leicester, UK), CERIB (Epernon, France), Composites Ltd (formerly Composite Structures, Eastleigh, 
UK), Corsmit Consulting Engineers (Rijswijk, Netherlands), The Concrete Centre (formerly British 
Cement Association, Camberley, UK), Creagh Concrete (Antrim, UK), Ergon (formerly Partek, Lier, 
Belgium), Andrew T. Curd & Partners (USA), Federation International du Beton (fib), Gruppo Centro 
Nord (Cerano, Italy), Hume Industries Berhad (Malaysia), The New Civil Engineer (London), Peikko 
Finland Oy (Lahti, Finland), Precast Concrete Structures Ltd (Gloucester, UK), SCC Ltd (Stockport, 
UK), Spenncon AS (Sandvika, Norway), Spiroll Precast Services Ltd (Derby, UK), Strängbetong AB 
(Stockholm, Sweden), T&A Prefabricados (Igarrasu, Brazil), Tarmac Building Products Ltd (Etting-
shall, UK), Trent Concrete Ltd (Nottingham, UK), University of California (San Diego, USA), Waycon 
(Plymouth, UK) and Mr Arnold van Acker (fib Commission member).



Notation

Latin upper-case letters
A	 Accidental action
A	 Cross-sectional area
Ab	 Cross-sectional area of bolts
Abst	 Area of bursting reinforcement
Ac	 Cross-sectional area of concrete
Ac′	 Gross cross-sectional area of hollow-core slabs
Ac′(net)	 Net cross-sectional area of hollow-core slabs
Ad	 Area of diagonal reinforcement
Af	 Cross-sectional area of flange
Ahd	 Area of diaphragm reinforcement
Ak	 Contact area in castellated joint
Ap, Aps	 Area of a prestressing tendon or tendons
As	 Cross-sectional area of tension reinforcement
As′	 Area of compression reinforcement
As″	 Area of longitudinal reinforcement in top of boot of beam
Asc	 Total area of reinforcement in column
Ash	 Area of horizontal reinforcement
Ashv	 Area of horizontal punching shear reinforcement
As,min	 Minimum cross-sectional area of reinforcement
Asv	 Area of shear reinforcement
Asw	 Cross-sectional area of shear reinforcement; area of reinforcing bars welded to plate

B	 Breadth of void in slab; breadth of building; breadth of foundation

C	 Compressive force

D	 Diameter of mandrel; depth of pocket in foundation; depth of floor diaphragm; 
depth of hcu

DEd	 Fatigue damage factor

E	 Effect of action; Young’s modulus of elasticity
E′	 Equivalent Young’s modulus in precast in situ joint
Ec	 Tangent modulus of elasticity of normal weight concrete at a stress of σc = 0
Ec′	 Young’s modulus of in situ concrete
Ec(28)	 Tangent modulus of elasticity of normal weight concrete at 28 days
Ec,eff	 Effective modulus of elasticity of concrete
Ecd	 Design value of modulus of elasticity of concrete
Eci	 Young’s modulus of concrete at transfer
Ecm	 Secant modulus of elasticity of concrete
Ec(0)	 Tangent modulus of elasticity of normal weight concrete at a stress of σc = 0
Ec(t)	 Tangent modulus of elasticity of normal weight concrete at time t
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Ei	 Young’s modulus of infill concrete
Ep	 Design value of modulus of elasticity of prestressing steel
Es	 Design value of modulus of elasticity of reinforcing steel
EI	 Bending stiffness
EQU	 Static equilibrium

F	 Action; force
Fbt	 Ultimate tensile force in bars at start of bends
Fc	 Compressive force in concrete
FcR	 Ultimate compressive resistance force
Fd	 Design value of an action; tensile force in diagonal reinforcing bars
Fh	 Tensile force in horizontal reinforcing bars
Fk	 Characteristic value of an action
Fs	 Tensile force in reinforcing bars
Ft	 Notional tensile force in stability ties
Ft′	 Tensile force in stability ties
FtR	 Ultimate tensile resistance force
Fv	 Shear force to one side of interface (composite construction)

G	 Shear modulus
Gk	 Characteristic permanent action

H	 Total height of building; length of foundation; horizontal force
Hbst	 Bursting force
Hv	 Horizontal resistance of infill wall

I	 Second moment of area of concrete section
Ic	 Transformed second moment of area of composite section
Ico	 Compound second moment of area

K	 Stress factor M/fck b d2 {M/fcu b d2}; shrinkage factor
Kb	 Flexural stiffness of connections between members
Ks	 Shear stiffness of connections between members
Kt	 Bond length parameter

L	 Length; span; length of void in slab; length of building base plate overhang distance
L′	 Clear opening between columns; length of wall
Le	 Effective length
Ls	 Clamping length
Lsb	 Bond length
L1	 Distance from face of column to load
L2, L3	 Length of stress block (insert design)
L4	 Length of embedment of insert

M	 Bending moment
M′	 Moment of resistance based on strength of concrete = 0.206 fck b d2 {0.156 fcu b d2}
Madd	 Additional bending moment due to deflection = Nau

Mb	 Bending moment due to shrinkage
Mc	 Balancing bending moment due to shrinkage
MEd	 Design value of the applied internal bending moment
Mh	 Bending moment in floor diaphragm
Mmax, Mmin	 Maximum and minimum bending moment
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Mnet	 Mmax-Mmin

Mo	 Decompression bending moment
MR	 Moment of resistance
Msr	 Serviceability moment of resistance
MRd {Mur}	 Ultimate moment of resistance
M1, M2, M3	 Strength of connections in frames

N	 Axial force; number of strands/wires/bolts
NEd	 Design value of the applied axial force (tension or compression)

P	 Prestressing force
P0	 Initial force at the active end of the tendon immediately after stressing
Ppo {Pf}	 Prestressing force after all losses
Ppi {Pi}	 Initial prestressing force
Ppmi	 Prestressing force at installation
Ppm0 {Pt}	 Prestressing force at transfer
Pr	 Prestressing force after initial relaxation
Pt	 Prestressing force at transfer

Qk	 Characteristic variable action
Qfat	 Characteristic fatigue load

R	 Resistance; prop force
Ra	 Roughness factor
Ry	 Diagonal resistance of infill wall

S	 Internal forces and moments; first moment of area; plastic section modulus
Sc	 First moment of area to one side of interface
SLS	 Serviceability limit state

T	 Torsional moment; tension force
TEd	 Design value of the applied torsional moment

ULS	 Ultimate limit state

V	 Shear force; reaction force
Vco	 Shear resistance in flexurally uncracked prestressed section
Vcr	 Shear resistance in flexurally cracked prestressed section
Vd	 Shear force in dowel
VEd	 Design value of the applied shear force
Vh	 Horizontal shear force
Vr	 Increased shear capacity due to additional reinforcement (insert design)
VRd,c {Vco}	 Shear resistance in flexurally uncracked prestressed section
VRd,cr {Vcr}	 Shear resistance in flexurally cracked prestressed section
VRd,CF	 Ultimate shear capacity (compression field theory)
Vuh	 Ultimate horizontal shear force

W	 Self weight of column
Wk	 Characteristic wind load
Wu	 Ultimate wind load

X	 Distance to neutral axis; stress block depth factor



xiv  Notation

Z	 Elastic section modulus
Zb, Zt	 Elastic section modulus at extreme bottom and top fibres
Zb,co Zt,co	 Compound elastic section modulus at extreme bottom and top fibres
Zc	 Elastic cracked concrete section modulus
Zu	 Elastic uncracked concrete section modulus

Latin lower-case letters
a	 Distance; lever arm distance; distance to wall from shear centre; geometrical data
Δa	 Deviation for geometrical data
a′	 Distance from compression face to point where crack width is calculated
ab	 Clear distance between bars; cover to inside face of bars
acr	 Distance from nearest bar to point where crack width is calculated
aeff	 Effective bearing length at corbel
af	 Tangent of coefficient of friction, i.e. μ = tan αf

au	 Sway deflection
av	 Lever arm distance to shear force

b	 Overall width of a cross-section, or actual flange width in a T- or L-beam
be, beff	 Effective breadth
bl	 Length of bearing
bp	 Breadth of bearing
bt	 Breadth of section at centroid of steel in tension
bv	 Breadth of shear section or shear web
bw	 Width of the web on T-, I- or L-beams

c	 Cover distance; distance to centre of bar
cmin	 Minimum distance to bar in tension
cw	 Crack width

d	 Diameter; depth; effective depth of a cross-section to tension steel; depth of web in 
steel sections

d′	 Effective depth to compression steel
d″	 Effective depth to tension steel in boot of beam
df	 Effective depth to edge of foundation pocket
dg	 Largest nominal maximum aggregate size
dh	 Effective depth of half joint
dn	 Depth to centroid of compression zone

e	 Eccentricity
e′	 Effective eccentricity; lack of verticality
ei {eadd}	 Second order eccentricity
enet	 Net eccentricity
ex	 Minimum eccentricity (infill wall)

fb	 Ultimate bearing stress; limiting flexural compressive stress in concrete
fbc	 Bottom fibre stress due to prestress after losses
fbci	 Bottom fibre stress due to prestress at transfer
fbd	 Ultimate bond stress
fbpd	 Ultimate bond stress within the anchorage length
fbpt	 Bond stress within the transmission length
fc	 Compressive strength of bearing material
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fc′	 Effective compressive strength of precast in situ concrete joint
fcc	 Prestress at centroid of tendons after losses
fcci	 Prestress at centroid of tendons at transfer
fcd	 Design value of concrete compressive strength
fci	 Characteristic compressive cube strength of concrete at transfer
fck	 Characteristic compressive cylinder strength of concrete at 28 days
fcm	 Mean value of concrete cylinder compressive strength
fcp	 Prestress at centroidal axis (taken as positive)
fcpx	 Prestress at centroidal axis at distance x from end of section
fct	 Limiting flexural tensile stress in concrete
fctk	 Characteristic axial tensile strength of concrete
fctm	 Mean value of axial tensile strength of concrete
fcu	 Characteristic compressive cube strength of concrete
fcu′	 Characteristic compressive cube strength of infill concrete, ditto at lifting
fcyl	 Characteristic compressive cylinder strength of concrete
fk	 Characteristic compressive strength of brickwork
fp	 Tensile strength of prestressing steel
fpb	 Design tensile stress in tendons/wires
fpe	 Final prestress in tendons/wires after losses
fpi {fi}	 Initial prestress in tendons
fpk	 Characteristic tensile strength of prestressing steel
fpm0 spm0	 Prestress at transfer
fpo spo spm∞ {fpe}	 Final prestress in tendons/wires after losses
fp0,1	 0.1% proof-stress of prestressing steel
fp0,1k	 Characteristic 0.1% proof-stress of prestressing steel
f0,2k	 Characteristic 0.2% proof-stress of reinforcement
fpu	 Characteristic strength of prestressing tendons/wires
fRd	 Ultimate bearing stress
fs	 Stress in reinforcing steel bars
ft	 Tensile strength of reinforcement; limiting direct (splitting) tensile stress in concrete
ftc	 Top fibre stress due to prestress after losses
fti	 Top fibre stress due to prestress at transfer
ftk	 Characteristic tensile strength of reinforcement
fv	 Characteristic shear strength of brickwork
fy	 Yield strength of reinforcement
fyb	 Characteristic strength of bolts
fyd	 Design yield strength of reinforcement
fyk	 Characteristic yield strength of reinforcement
fykw {pweld}	 Strength of weld material
fyv	 Characteristic strength of reinforcing steel links/stirrups
fywd	 Design yield of shear reinforcement
fywk {fyv}	 Characteristic strength of reinforcing steel links/stirrups

gk	 Characteristic uniformly distributed dead load

h	 Height; floor-to-floor height; overall depth of section
h′	 Clear floor-to-floor height; reduced depth at half joint
hagg	 Nominal size of aggregate
hs	 Depth of slab in composite construction

i	 Radius of gyration
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k	 Coefficient; factor; core distance = I/(0.5 hA)
ks	 Shear stiffness in joints
kb	 Flexural stiffness in joints
kj	 Rotational stiffness in joints

l	 Length; span; distance between column-to-column centres
lb	 Bearing length
lbd	 Design anchorage length
le	 Effective length
l0	 Clear height between restraints
lbpd {lp}	 Prestress anchorage {development} length
lpt1	 Prestress transmission length, lower bound
lpt2 {lt}	 Prestress transmission length, upper bound
lr	 Distance between columns or walls (stability ties)
lt	 Prestress transmission length
lw	 Length of weldment
lx	 Penetration of starter bar into hole
lz	 Distance between positions of zero bending moment

m	 Mass; distance from centre of starter bar to holding down bolt (base plate); modular 
ratio

madd	 Additional bending moment due to deflection = NEdei

ms	 Modular ratio (of elastic moduli) at service
mu	 Modular ratio (of strength) at ultimate

n	 Number of columns in one plane frame, number of bars in tension zone of wall; 
number of storeys

pb	 Bearing strength of steel plate
pweld	 Strength of weld material
pyk {py}	 Strength of steel plate

q	 Pressure (key elements)
qk	 Characteristic uniformly distributed live load

r	 Radius; radius of gyration; bend radius of reinforcing bar
1/r	 Curvature at a particular section

s	 Spacing of reinforcing bars

t	 Thickness; time being considered; temperature range
teff	 Effective thickness
t0	 The age of concrete at the time of loading

u	 Perimeter of concrete cross-section, having area Ac; perimeter distance
u, v, w	 Components of the displacement of a point

v	 Thickness of in situ infill; vEdi {v} ultimate shear stress
vave	 Average interface shear stress
vc	 Design concrete shear stress
vh	 Design interface shear stress
vRdi {vu}	 Ultimate shear stress resistance
vt	 Design torsion stress
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w	 Length of steel plate; uniformly distributed load; breadth of compressive strut
w′	 Diagonal length of infill shear wall
wk	 Characteristic uniformly distributed wind pressure

x	 Neutral axis depth; dimension of stirrup in boot of beam; distance to centroid of 
stabilising system

x, y, z	 Coordinates
xse	 Average crack spacing

ypo	 Half bearing breadth (bp/2)
y0	 Half section breadth (b/2)

z	 Lever arm of internal forces

Greek upper-case letters
Δ	 Second order deflection; deformation; construction tolerance distance
Φ	 Reinforcing bar or dowel diameter; ductility factor

Greek lower-case letters
α	 Angle; ratio; ratio Zr/Zb; coefficient of thermal expansion; characteristic contact 

length in infill wall
αc	 Ratio of sum of column stiffness to beam stiffness
αcmin	 Minimum value of αca

α1	 Ratio of distance to shear plane/transmission length lx/lpt2 

β	 Angle; ratio; coefficient

γ	 Partial factor
γA	 Partial factor for accidental actions, A
γC	 Partial factor for concrete
γF	 Partial factor for actions, F
γF,fat	 Partial factor for fatigue actions
γC,fat	 Partial factor for fatigue of concrete
γG	 Partial factor for permanent actions, G
γM	 Partial factor for a material property, taking account of uncertainties in the material 

property itself, in geometric deviation and in the design model used
γP	 Partial factor for actions associated with prestressing, P
γQ	 Partial factor for variable actions, Q
γS	 Partial factor for reinforcing or prestressing steel
γS,fat	 Partial factor for reinforcing or prestressing steel under fatigue loading
γf	 Partial factor for actions without taking account of model uncertainties
γg	 Partial factor for permanent actions without taking account of model uncertainties
γm	 Partial factors for a material property, taking account only of uncertainties in the 

material property

δ	 Increment/redistribution ratio; deflection; shear slip

ε	 Strain
εb	 Free shrinkage strain in precast beam or slab
εbb	 Free shrinkage strain in bottom of precast beam or slab
εbt	 Free shrinkage strain in top of precast beam or slab
εc	 Compressive strain in the concrete
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εc1	 Compressive strain in the concrete at the peak stress fc

εcu	 Ultimate compressive strain in the concrete
εf	 Strain of reinforcement or prestressing steel at maximum load
εm	 Free shrinkage strain in in situ concrete flange or topping
εs	 Average strain at level where crack width is calculated
εsh	 Steel strain; relative shrinkage strain εf–εbt

εu	 Shrinkage strain
εu	 Strain at the level where crack width is calculated
εuk	 Characteristic strain of reinforcement or prestressing steel at maximum load

ζ	 Reduction factor/distribution coefficient

η	 Total losses in prestressing force; force reduction factors

θ	 Angle; slope of infill wall

λ	 Slenderness ratio; relative stiffness parameter; joint deformability

μ	 Coefficient of friction; degree of prestress force Pi/P

ν	 Poisson’s ratio; strength reduction factor for concrete cracked in shear

ξ	 Ratio of bond strength of prestressing and reinforcing steel; bursting coefficient; 
prestress loss due to elastic shortening

ρ	 Stress; reinforcement ratio = A/bd; oven-dry density of concrete in kg/m3

ρ1000	 Value of relaxation loss (in %), at 1000 hours after tensioning and at a mean tem-
perature of 20°C

ρl	 Reinforcement ratio for longitudinal reinforcement
ρw	 Reinforcement ratio for shear reinforcement

σc	 Compressive stress in the concrete
σcp	 Compressive stress in the concrete from axial load or prestressing
σcp	 Spalling stress
σcu	 Compressive stress in the concrete at the ultimate compressive strain, εcu

τ	 Torsional shear stress; shear stress

ϕ	 Diameter of a reinforcing bar or of a prestressing duct; rotation; diameter
ϕn	 Equivalent diameter of a bundle of reinforcing bars
ϕ(t,t0)	 Creep coefficient, defining creep between times t and t0, related to elastic deformation 

at 28 days
ϕ (∞,t0)	 Final value of creep coefficient

ψ	 Factor defining representative values of variable actions
ψ0	 Factor for combination values
ψ1	 Factor for frequent values
ψ2	 Factor for quasi-permanent values



CHAPTER 1

Precast Concepts, History and 
Design Philosophy

1.1  A Historical Note on the Development of Precast Frames

Precast concrete is not a new idea. William H. Lascelles (1832–85) of Exeter, England devised a system 
of precasting concrete wall panels, 3 ft × 2 ft × 1 inch thick, strengthened by forged, ⅛ inch-square 
iron bars. The cost was 3d (£0.01) per ft2. Afterwards, the notion of ‘pre-casting’ concrete for major 
structural purposes began in the late nineteenth century, when its most obvious application – to span 
over areas with difficult access – began with the use of flooring joists. François Hennebique (1842–
1921) first introduced precast concrete into a cast-in situ flour mill in France, where the self-weight 
of the prefabricated units was limited to the lifting capacity of two strong men! White [1.1] and Morris 
[1.2] give good historical accounts of these early developments.

The first precast and reinforced concrete (rc) frame in Britain was Weaver’s Mill in Swansea.  
In referring to the photograph of the building, shown in Figure 1.1, a historical note states: . . .  
the large building was part of the flour mill complex of Weaver and Co. The firm established themselves 
at the North Dock basin in 1895–6, and caused the large ferro-concrete mill to be built in 1897–98.  
It was constructed on the system devised by a Frenchman, F. Hennebique, the local architect being  
H. C. Portsmouth . . .  At this time Louis Gustave Mouchel (1852–1908, founder of the Mouchel 
Group) was chosen to be Hennebique’s UK agent. Mouchel used a mix of cast-in situ and prefabricated 
concrete for a range of concrete framed structures, building at the rate of 10 per year for the next  
12 years.

The structure was a beam-and-column skeletal frame, generally of seven storeys in height, with 
floor and beams spans of about 20 feet. The building has since been demolished owing to changes in 
land utilisation, but as a major precast and reinforced concrete construction it pre-dates the majority 
of early precast frames by about 40 years.

Bachmann and Steinle [1.3] note that the first trials in structural precast components took place 
around 1900, for example at Coignet’s casino building in Biarritz in 1891, and Hennebique and  
Züblin’s signalman’s lodge in 1896, a complete three-dimensional cellular structure weighing about 
11 tons [1.3].

During the First World War storehouses for various military purposes were prefabricated using rc 
walls and shells. Later, the 1930s saw expansions by companies such as Bison, Trent Concrete and 

The background to the relevance of precast concrete as a modern construction method for multi-storey 
buildings is described. The design method is summarised.

Multi-storey Precast Concrete Framed Structures, Second Edition. Kim S. Elliott and Colin K. Jolly.
© 2013 Kim S. Elliott and Colin K. Jolly. Published 2013 by Blackwell Publishing Ltd.
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Girling, with establishments positioned close to aggregate reserves in the Thames and Trent Valley 
basins. The reason why precast concrete came into being in the first place varies from country to 
country. One of the main reasons was that availability of structural timber became more limited. 
Some countries, notably the Soviet Union, Scandinavia and others in northern Continental Europe, 
which together possess more than one-third of the world’s timber resources but experience long and 
cold winters, regarded its development as a major part of their indigenous national economy. Struc-
tural steelwork was not a major competitor at the time outside the United States, since it was batch-
processed and thus relatively more expensive.

During the next 25 years developments in precast frame systems, prestressed concrete (psc) long-
span rafters (up to 70 feet), and precast cladding increased the precasters’ market share to around 15 
per cent in the industrial, commercial and domestic sectors. Influential articles in such journals as 
the Engineering News Record encouraged some companies to begin producing prestressed floor slabs, 
and in order to provide a comprehensive service by which to market the floors these companies 
diversified into frames. In 1960 the number of precast companies manufacturing major structural 
components in Britain was around thirty. Today it is about eight.

Early structural systems were rather cumbersome compared with the slim-line components used 
in modern construction. Structural zones of up to 36 inches, giving rise to span/depth ratios of less 
than 9, were used in favour of more optimised precasting techniques and designs. This could have 
been called the ‘heavy’ period, as shown in C. Glover’s now classic handbook Structural Precast Con-
crete [1.4]. Some of the concepts shown by Glover are still practised today and one cannot resist the 
thought that the new generation of precast concrete designers should take heed of books such as this. 
It is also difficult to avoid making comparisons with the ‘lighter’ precast period that was to follow in 
the 1980s, when the saving on total building height could, in some instances, be as much as 100 to 
150 mm per floor.

Attempts to standardise precast building systems in Britain led to the development of the National 
Building Frame (NBF) and, later, the Public Building Frame (PBF). The real initiative in developing 
these systems was entrenched more in central policy from the then Ministry of Public Building and 
Works than by the precasting engineers of the building industry. The NBF was designed to 
provide: . . . a flexible and economical system of standardised concrete framing for buildings up to six 

Figure 1.1  Weaver’s Mill, Swansea – the first precast concrete skeletal frame in the United Kingdom, 
constructed in 1897–98 (courtesy of Swansea City Archives).
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storeys in height. It comprises a small number of different precast components produced from a few 
standard moulds [1.5].

The consumer for the PBF was the Department of Environment, for use within the public  
sector’s expanding building programme of the 1960s. Unlike the NBF, which was controlled by  
licence, the PBF was available without patent restrictions to any designer. The structural models were 
simple and economical: simply supported, long-span, prestressed concrete slabs up to 20 inches deep 
were half recessed into beams of equal depth. By controlling the main variables, such as loading 
(3+1 kN/m2 superimposed was used throughout), concrete strength and reinforcement quantities, 
limiting spans were computed against structural floor depths. Figures 1.2 and 1.3 show some of the 
details of these frames. Diamant [1.6] records the international development of industrialised build-
ings between the early 1950s and 1964. During this period the authoritative Eastern European work 
by Mokk [1.7] was translated into English, and with it the documentation of precast concrete  
had begun.

Unfortunately, the modular design philosophy was reflected in the façade architecture. The results 
were predictable, exemplified at Highbury Technical College in Portsmouth (now a part of the Uni-
versity of Portsmouth) shown in Figure 1.4. The precast industry has found it difficult to dispel the 
legacy of such architectural brutalism.

Following the demise of the NBF and PBF, precast frame design evolved towards more of a client-
based concept. Standard frame systems gave way to the incorporation of standardised components 
into bespoke solutions. The result, shown in Figure 1.5 of Western House (1990), Surrey Docks (1990)  
and Merchant’s House (1991), established the route to the versatile precast concrete concepts of the 
present day.

In the mid-1980s, the enormous demands on the British construction industry led developers to 
look elsewhere for building products, as the demands on the British precast industry far exceeded its 
capacity. Individual frame and cladding companies (with annual turnovers of between £1 m and £3 m) 
were being asked to tender for projects that were singularly equal to or greater in value than their 
annual turnovers. Programmes were unreasonably tight and it seemed that the lessons learned from 
mass-market-led production techniques of the 1960s had gone unheeded. One solution was to turn 
to Northern Europe, where the larger structural concrete prefabricators were able to cope with these 
demands. Concrete prefabricated in Belgium was duly transported to the London Docklands project, 
shown in Figure 1.6.

In making a comparison of developments in Europe and North America, Nilson [1.8] states: Over 
the past 30 years, developments of prestressed concrete in Europe and in the United States have taken 
place along quite different lines. In Europe, where the ratio of labor cost to material cost has been relatively 
low, innovative one-of-a-kind projects were economically feasible. . . . In the U.S. the demand for skilled 
on-site building labor often exceeded the supply, so economic conditions favored the greatest possible 
standardisation of construction . . . 

North America’s production capabilities are an order of magnitude greater than those of Europe. 
Figure 1.7 shows the construction of a 30-storey, 5000-room hotel and leisure complex in Las Vegas. 
The conditions to which Nilson refers are changing. The gap between labour and material costs in 
Europe is now closer to that of North America. At the same time, progressively lower oil and trans-
portation costs into the early twenty-first century made it feasible to manufacture components virtu-
ally anywhere in the world and transport them to regions of high construction demand. Recent 
indications are that increasingly scarce energy resources and narrowing pay differentials will reverse 
this trend.

While the market share for complete precast concrete frames has remained constant in the UK, the 
development of high-strength concrete for columns and the use of innovative shallow prestressed 
concrete beams, together with speed of construction to rival that of steelwork, has led to successful 
tower buildings in Northern Europe, particularly in Belgium and Holland. The twin-tower building 
‘galaxy’ in Brussels, Figure 1.8, is such an example. With column sizes of 600 mm diameter (cast in 
two-storey heights using 95 N/mm2 concrete strength) and beam and floor spans up to 9.2 m × 405 mm 
depth, construction rates achieved 2 storeys in 8 working days [1.9].
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Figure 1.5  Examples of precast construction of the 1980s. (a) Western House, Swindon (courtesy Trent 
Concrete Ltd); (b) Surrey Docks, London (courtesy Crendon Structures); (c) Merchant House, London [1.10].

(a)

Figure 1.4  Precast construction of the 1960s using the National Building Frame, The building is Highbury 
College, now part of the University of Portsmouth (courtesy of Costain Building Products).
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(b)

(c)

Figure 1.5  (Continued)

Changes to the way in which the construction industry should operate in a ‘zero-waste and zero-
defects’ environment were given in the 1998 Egan Report [1.11]. The report called for sustained 
improvement targets: 10 per cent in capital construction costs; 10 per cent in construction time; 20 
per cent of defects, and a 20 per cent increase in predictability. Further, the report goes on: . . . The 
industry must design projects for ease of construction, making maximum use of standard components and 
processes. Although the reports did not use the term ‘prefabrication’, to many people that is what 
‘predictability’ and ‘standard components’ mean. The precast concrete industry is ideally placed to 
accommodate these higher demands by using experienced design teams and skilled labour in a 
quality-controlled environment to produce high-specification components. Figure 1.9 illustrates this 
in the repetitive use of granite cast spandrel beams and columns to form a building in the convoluted 
shape of a shell. Since 2000, high-quality architectural finishes have been more widely adopted for 
the exposed structural components, as illustrated in the integrated structure in Figure 1.10. The 
requirement for off-site fabrication will continue to increase as the rapid growth in management 
contracting, with its desire for reduced on-site processes and high-quality workmanship, will favour 
controlled prefabrication methods. The past five years have witnessed extensive developments in 
student accommodation – for example in Figure 1.11, where some 600 rooms were constructed using 
precast wall and floor systems in just over eight months, and were completed for occupancy within 
18 months of site possession in 2009.
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Figure 1.6  An early example of quality architecturally detailed precast concrete imported from Belgium. 
(a) Overall impression. (b) Architectural detail. (Courtesy of A. Van Acker, TU Ghent.)

(a)

(b)
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Figure 1.7  MGM Hotel and Casino at Las Vegas, US constructed in 1992 (courtesy of A. T. Curd).

Figure 1.8  36-storey precast skeletal tower buildings in Brussels (courtesy of Ergon, Belgium).
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Figure 1.9  Granite aggregates in spandrel beams and columns, polished to reflect the Australian sunshine at 
No. 1 Spring Street, Melbourne, 1990.

Figure 1.10  Asticus Building, London, 2010. Precast cruciforms form (a) the exterior structure, and (b) architectural finish.

(a) (b)
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1.2  The Scope for Prefabricated Buildings

1.2.1  Modularisation and standardisation

The precast industry is still struggling to overcome the misconceptions of modular precast concrete 
buildings. This is not surprising, as many texts refer to: . . . the design of a precast concrete structure on 
a modular grid. The grid should preferably have a basic module of 0.6 m . . . [1.12]. The Continental 
Europeans introduced the phrase ‘modular coordination’, which meant the interdependent arrange-
ment of dimensions, based on a primary value accepted as a module [1.13]. This dimension was 30 cm 
horizontally and 10 cm vertically. Moreover, the storey height in precast concrete apartment buildings 
was fixed at 280 cm, with the horizontal grid dimension on a 30 cm incremental scale between 270 cm 
and 540 cm. Strict observance of these rules facilitated the optimum assembly of prefabricated struc-
tures – in other words, all prefabricated buildings looked the same. And they were nearly all boxes 
– ‘People are getting tired of this shoe-box architecture’, said Harry Seidler, OBE, architect for the 
nautilus-shaped building in Figure 1.9.

There is a clear distinction between ‘modular coordination’ and ‘standardisation’. The precast 
industry deplores the former and encourages the latter. What is the difference and how can this be?

Modularisation offers zero flexibility off the modular grid. The end product is evident in the com-
parison of the two buildings adjacent to Vauxhall Bridge in London, shown in Figure 1.12. Interior 
architectural freedom is possible only in the adoption of module quantities and configuration, and 
one cannot escape the geometrical dominance and lack of individuality of the older building on the 
left of the photograph. Exterior façades may of course be varied indefinitely, as in the ‘twin façade’ 

Figure 1.11  Student accommodation buildings at the University of West of England, Bristol. Precasted by 
Buchan, UK.
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system shown in Figure 1.13, but that requires a full precast perimeter wall. In skeletal frames; one 
need go no further than the adoption of families of modular precast concrete components to obtain 
the optimum solution for any building, within reasonable limits.

Industrial modularised buildings were introduced in Europe in the 1950s, during the mass con-
struction period following the Second World War. The problems in the architectural and social 
environment brought a re-emergence of traditional methods, and closer control on design and factory 
production. This has inevitably led to a new philosophy in what is called the ‘modulated hierarchical 
building system’ [1.14], which aims at the subdivision of a building into:

	 functional systems, i.e. space utilisation both vertically and horizontally, personnel coordination, 
adaptability to changing needs

	 technical systems, i.e. the structural design, the façade, mechanical and electrical services, waste 
disposal, and air-conditioning systems.

Precast modular frame manufacturers have been able to synthesise these requirements through 
continuous development of improved products and creative use of limited ranges of precast concrete 
products.

Standardisation is quite different from modularisation. It refers to the manner in which a set of 
predetermined components are used and connected. The buildings shown in Figures 1.14 to 1.16 were 
constructed using more or less the same family of standardised components. (The Reinforced Con-
crete Council has published case studies on precast frames, e.g. [1.10], where this may also be appreci-
ated.) By adjusting beam depths, column lengths, wall positions, etc. the same components in any of 
these buildings could have been used to make a completely different structure. This is not possible 
with the modular system vision of the 1960s.

The four basic types of precast concrete structure are:

(1)	 The portal frame, Figure 1.17, consisting of columns and roof rafters or beams, provides large 
and adaptable ground-floor space. Portal frame structures are used for single-storey retail, ware-
housing, and industrial manufacturing facilities.

Figure 1.12  Examples of past and present use of precast concrete, Vauxhall Bridge, London.
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Figure 1.13  Principle of the twin facade system: (a) diagrammatic representation and (b) offices, Brussels.

(a)

(b)
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Figure 1.14  Structural ‘grey’ precast frame at Nottingham, UK (1995).

Figure 1.15  Commercial office development (courtesy of Crendon Structure, 1988).
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Figure 1.16  Visual structural units with a polished concrete finish (courtesy of Trent Concrete Ltd, 1992).

Figure 1.17  Typical arrangement of portal frames.
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Figure 1.19  Crosswall construction.

Figure 1.18  Wall frames used in apartment buildings and retail units near Sydney.

(2)	 The crosswall frame, Figures 1.18 and 1.19, consisting of solid or voided vertical wall and hori-
zontal slab units only. Here the structural walls serve as shear walls to resist lateral forces that 
increase with height, and also as acoustic and thermal partitioning. However, the walls interrupt 
the internal space and reduce functional flexibility. Wall frame structures are used extensively for 
multi-storey hotels, retail units, hospitals, housing, and partitioned offices.

(3)	 Volumetric, or cellular, structures such as that in Figure 1.20 are developments of wall frames in 
which a number of the walls and floors are constructed together as units. These units are suitable 
for high levels of factory installation of finishes and services, e.g. complete bathrooms, plumbing 
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and wiring. Cellular units are then assembled to provide grouped, individual facilities such as 
student accommodation, hotel rooms or prisons.

(4)	 Skeletal structures, Figure 1.21, consisting of columns, beams and slabs for low- to medium-rise 
buildings, with a small number of walls for high-rise. Skeletal frames are used chiefly for com-
mercial offices and car parks, where both clear spans and multiple storeys are required.

Skeletal frames are the most architecturally and structurally demanding, because in both disciplines 
designers feel that they have free rein to exploit the structural system by creating large, uninterrupted 
spans while reducing structural depths and the extent of the bracing elements. This results in a large 
proportion of the connections being highly stressed and difficult to analyse.

Non-structural or structural load-bearing panels or cells may also be incorporated in the frame, 
usually in the perimeter, and in the service cores. These units may be used as decorative cladding with 
a very wide range of finishes, textures, etc., thermal and sound insulation, fixings and other provisions. 
As decorative cladding, they are beyond the scope of this book and are documented elsewhere 
[1.15–1.17].

The skeletal structure is distinguished from other types because imposed gravity loads are carried 
to the foundations by beams and columns, and horizontal loads by columns and/or walls. The struc-
tural efficiency of a building is related, to a certain degree although not absolutely, to the mass of the 
structure. The volume of vertical structural concrete in a skeletal precast structure is in the order of 
1 to 2 per cent of the volume of the building (for typical 3 to 3.5 m storey heights and 6 to 8 m beam 
spans). For a cross-wall frame the figure is closer to 4 per cent. Flooring is the most significant factor, 
with prestressed concrete voided slabs adding a further 4 per cent, compared with 7 to 8 per cent for 
solid concrete slabs.

1.3  Current Attitudes towards Precast Concrete Structures

The use of multi-storey precast concrete frames has evolved to improve the economy of high-
specification buildings. Architectural precast concrete components are being used structurally on an 

Figure 1.20  Volumetric structure.
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Figure 1.21  Skeletal structure and definition of components.
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increasing number of prestigious commercial buildings, incorporating steelwork, timber and masonry 
for overall benefit. Designers are becoming more aware of the high-quality finishes possible in pre-
fabricated units, affecting the way that the traditional precast structures are conceived and designed. 
The clients, and other parts of the construction industry, are calling for multi-functional design, where 
the use of all the components forming the building must be optimised.

The market share of commercial buildings, offices, schools, hotels, hospitals and car parks, etc. has 
fluctuated between as little as 5 per cent and nearly 15 per cent. Figure 1.22 shows the typical break-
down of market share in the multi-storey building market. Figure 1.23 shows the approximate break-
down of the UK’s 2007 £2.6bn precast concrete market by product classification [1.18].

Compared with Continental Europe, Scandinavia and North America, the United Kingdom’s 
precast concrete marketplace is small. Precast concrete frames, flooring and cladding represent 
approximately 22 per cent, 57 per cent, and 21 per cent of the total precast industry turnover, 
respectively.

To place this into context, Table 1.1 shows the approximate quantities of precast concrete flooring 
used in Europe in 1990 [1.19]. Total structural precast turnover in each country is nearly proportional. 
This variation in market penetration is not apparent in design and production matters, where concrete 
technology and production engineering are found to be broadly similar [1.20].

Use of precast concrete construction beyond five storeys has been rare in the UK until recently. 
Unlike the attitude in Continental Europe, North America and New Zealand, precast concrete is still 
considered as an alternative means of medium-rise (five to ten storeys) building construction to in 
situ concrete and structural steel. The possible reasons for this are three-fold:
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Figure 1.22  Market share for precast concrete in the multi-storey building market [1.18]. (a) Market share 
by value. (b) Non-housing market share. (c) Housing market share.
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Figure 1.23  Market share for components of precast concrete.
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(1)	 There is a widespread lack of knowledge on the structural mechanics of precast construction, 
because the topic is rarely taught at a university and is not covered by post-graduate training in 
professional design practices. Precast has a low profile in academia, attracting little fundamental 
research funding from government. Few technical training courses have been organised, though 
the trade associations (The Concrete Centre, British Precast Concrete Federation, and Precast 
Flooring Federation) publish much general guidance and publicity material. As a result, precast 
concrete is perceived as difficult to specify for total building construction.

(2)	 Structural design and erection is nearly always (in 95 per cent of cases) carried out by the nomi-
nated precast manufacturer, thus depriving the consulting engineer of direct control over the 
frame design. Few clients, particularly government departments, will commit to a single-source 
manufacturer prior to design. There is a greater tradition of ‘design and build’ in the Continental 
construction industry.

(3)	 There is a lack of manufacturing capacity. Large-scale precast production demands capital invest-
ment. In a volatile economy, as has been seen in the UK since 1970, manufacturing companies 
have been forced to ride the crests and troughs with equal acumen if production capacities are 
to be maintained. Whereas structural steel can be stockpiled ready for cutting, and in situ concrete 
be poured at short notice, precast products must be manufactured to order.

In some countries precast concrete is viewed as a ‘value-added product’ and therefore carries a VAT 
surcharge over cast-in situ concrete.

On a worldwide scale the scope for high-specification precast concrete in buildings is still very large. 
The trend seems to be that in places where contracts are controlled by the contractor, rather than by 
the architect or client, precast is used mainly for the horizontal components, such as prestressed floors. 
This is reflected in the increase in use of precast concrete floors in residential building ground floors, 
up from 5 per cent in 1970 to 70 per cent in 2005. It is a well-known fact that precast manufacturers 
make less money from making vertical components than horizontal ones.

Furthermore, in certain regions, e.g. in the Middle East and Far East, the demand is growing at  
a rate greater than the increase in available technology. The major restraint for precast in the Far  
East is the very competitive cost for cast-in situ concrete, where site labour costs are typically single 
percentage points of the European costs. Building development is moving at such a swift pace  
that the frame geometry is fixed before the precast manufacturer has a chance to submit a more 
economical layout.

Table 1.1  Quantities of precast concrete flooring used in Europe

Country

Production of hollow-cored flooring

millions of m2 m2 per capita

Germany 0.6 0.01
France 1.6 0.03
UK 2.8 0.05
Italy 3.4 0.06
Belgium 0.8 0.08
Denmark 0.7 0.15
Norway 0.9 0.22
Sweden 2.5 0.30
Netherlands 5.1 0.36
Finland 3.0 0.65

Note:  On average 1 m2 equates to about 0.12 m3 of concrete, weighing 290 kg.
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Precast breaks down conveniently into three markets:

  residential (mainly 2–4 storeys) 5–15%
  commercial (offices, hotels, retail supermarkets, factories) 50–70%
  services (car parks, hospitals, colleges, sports stadiums) 20–40%

Product breakdown based on volume of concrete produced can be grouped into four markets:

  architectural façades, structural and non-structural 20–30%
  walls (non-decorative) 5–30%*
  floor slabs 50–60%
  beams and columns 10–15%

Note that volume of concrete produced is possibly not the best indicator with which to assess the 
industry. For example, the cost and the effort expended in manufacturing floor slabs is considerably 
less than for an architectural panel of similar weight, in some cases by a factor exceeding 10.

There is no doubt that the key to a successful precast concrete business is size. Output capacity has 
had a significant influence on the survival of precast companies in building. Using the American 
market as a role model (although a similar but scaled-down trend was seen in the UK and Europe), 
the profit margins for US companies were as shown in Table 1.2 [1.21].

Over this same period the approximate volume of precast reinforced and prestressed concrete 
produced per capita increased from 0.015 m3 to 0.025 m3 by the mid-1980s, but has fallen back to 
about 0.015 m3 today.

1.4  Recent Trends in Design, and a New Definition for Precast Concrete

Responding to the reduced market of the 1990s, the industry saw a new movement in the design of 
precast structures, and a new definition to the word ‘design’. It no longer meant ‘ωL2/8’. In a shrinking 
market the design of structural concrete frames for prestigious commercial buildings came under 
closer scrutiny as architects, design engineers and contractors strived to find optimum economy, speed 
of erection and the highest specification for their projects. The construction industry required a 
multiple choice in the selection of building components, and it was likely that the increasing demand 
on the performance of these components would overtake the existing technology used in their manu-
facture and utilisation.

Building design therefore became a multi-functional process, where the optimum use of all com-
ponents forming the building was maximised. Attention was directed towards the structural frame, 

* The production of walls for wall frames varies widely in different countries.

Table 1.2  Profit margins for US companies

Decade Annual turnover Annual profit (approx)

1970s <$ 3.0 m 1.1%
>$ 3.0 m 4.6%

1980s <$ 7.5 m 1.8%
>$ 7.5 m 8.2%

1990s <$ 15.0 m 1.2%
>$ 15.0 m 6.6%
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which could no longer be considered as serving only a structural function, but must be harmonised 
with the requirements of the building in total. Combined architectural/structural precast concrete 
components were therefore used on an increasing number of prestigious commercial buildings, as 
‘specifiers’ became more aware of the high-quality finish possible in prefabricated units. However, 
changes had to be made to the way those traditional precast concrete structures were conceived and 
designed. Despite the cutbacks in staffing levels, the precast concrete industry was ideally placed to 
accommodate these higher demands by using experienced design teams and skilled labour in a 
quality-controlled environment to produce high-specification components, which served all the 
structural, architectural and services functions simultaneously.

An excellent example of the use of architectural/structural components is shown in Figure 1.16 
above. White marble was originally chosen as separate cladding material to the external façade of a 
plain, precast concrete frame, including the expressed external columns. During the conceptual design 
stage it was realised that a white marble façade would have poor weathering characteristics, so it was 
replaced with a white, polished concrete, manufactured using 10 mm size Spanish Dolomite aggregate 
and white Portland cement, wet-ground and polished to produce a ‘marble’ appearance. The external 
façade was cast simultaneously with the structural components to reduce the overall cross section and 
eliminate unsightly joints to the front of the columns and beams [1.22].

Figure 1.24 shows prefabricated piers faced with load-bearing bricks used to support precast con-
crete floor units, spanning 14 m × 3.6 m wide, expressed as a rippling concrete band of vaulted units. 

Figure 1.24  Prefabricated brick piers and concrete floor units.
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Figure 1.25  Profiled white concrete columns supporting a steel roof (courtesy of Crendon Structures Ltd).

The components were manufactured as single long-span units, with dummy joints to give the appear-
ance of numerous individual arched units in the short-span direction. The alternative design would 
have been to support vaulted panel units on longitudinal beams spanning between the piers. Struc-
tural and architectural variety was incorporated into this scheme at several levels. L-shaped blocks 
and quadrangles were joined with towers of glass blocks, which accommodated stairs and also acted 
as flue stacks to drive natural ventilation. Energy-saving features included structural components 
projected beyond the façade to shade windows, and the thermal mass of the floors limited peak 
summer temperatures.

The advantages of using single-piece visual concrete components are also evident from the  
photograph in Figure 1.25 of a building where cantilever columns support a lightweight steel roof. 
Concrete strengths of 50 MPa were achieved using white Portland cement and 10 mm down limestone 
aggregates. The structural capacity is no different from a column made from ordinary grey 
concrete.

1.5  Precast Superstructure Simply Explained

1.5.1  Differences in precast and cast-in situ concrete structures

Cast-in situ concrete structures behave as three-dimensional (3-D) frameworks. Continuity of dis-
placements and equilibrium of bending and torsional moments, and shear and axial forces, are 
achieved by reinforcing the joints so that they have strengths equal to the members. However, for 
design purposes the frames are usually designed in 2-D plane stress, although the presence of the 
floor slab in the third dimension will affect the manner in which the plane frame behaves. This is 
particularly important in the end bay, where the beams and columns in the 2-D idealisation may be 
subject to torsional stresses and biaxial bending, respectively.

Figure 1.26(a) shows the approximate deflected shapes and bending moment distributions for a 
two-storey continuous frame subjected to gravity and horizontal loads. The foundations are assumed 
to be fully encastred in this example, which we may call frame F1. The relative magnitudes of the 
moments in the beams and columns depend on the relative stiffness (EI/L) of the columns and beams 
meeting at a joint. The joints depend on having equal strength M1 to the members.
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If the strength of the joints in either of the beams in this frame were deliberately weakened  
to M2 (e.g. by omitting reinforcement), the behaviour of the frame (called F2) would be equal to 
that of frame F1 up to the point where the moment in the joint reached M2. Upon further 
loading the frame F2 would therefore develop plastic hinges at the joints. The difference between the 
bending moments in the column above and below the joint would be equal to the moment in the 
beam, M2.

Figure 1.26  Moments and deflections: (a) in continuous frameworks and (b) in a unbraced structure.

(a)

(b)
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Taking this to the limit, if the joints were weakened to M3 = 0, a pinned connection would result 
and the deflections and moments would be as shown in Figure 1.26(b). Note how the column 
moments have increased to allow for the fact that the moments can no longer be distributed into the 
beams. The difference between the bending moments in the upper and lower column at the joint is 
now zero. This is how a ‘skeletal’ precast structure behaves, because the beam–column connections 
are ‘pinned’ and the structure can be readily precast, with the individual components being bolted, 
dowelled or welded together on site. If there are no other stabilising elements in the structure, the 
ends of the columns at the foundations must be encastred.

The key elements in the design of skeletal structures are given by Elliott in journal papers and 
textbooks [1.23–1.25].

The term ‘pin-jointed’ refers essentially to the manner in which connections between columns, 
beams and floor slabs are made. The form of construction does not lend itself to seismic design and, 
conversely, in seismic zones fully rigid frame connections do not lend themselves to the safest and 
most economical use of precast concrete. Between these two extremes are semi-rigid connections, and 
design methods are now available for the post-elastic regime to be considered for the ultimate limit 
state design of columns in precast structures [1.26].

In buildings of more than about three storeys the horizontal sway deflections may become excessive, 
so that additional bracing must be used. Thus stability walls, cores or other forms of bracing are used. 
The usual practice is to place the stabilising units around lift shafts or stairwells so that the open-plan 
office space is not interrupted. The thickness of the walls varies from 125 mm to about 250 mm, 
depending on the size of the building. It is possible to cast door or window openings in walls, provided 
that viable force paths are maintained.

The structure is now classed as ‘braced’. Figure 1.27 and the foundations may now be pinned.  
This simplifies foundation construction considerably and means that braced precast structures  
can be erected over in situ concrete retaining walls, beams, etc. and poor ground. The stabilising 
elements are so massive that the stiffness of the frame elements and connections is not important. 
Bending moments due to sway are small and columns can only deflect between floors as pin- 
ended struts.

In all cases, braced or not, horizontal wind loads are transmitted to the vertical frames through the 
precast floor, sometimes using unscreeded slabs, as though the floor were a deep beam on plan. One-
way spanning, prestressed (or reinforced) precast floor slabs are seated on, or are recessed into, beams. 

Figure 1.27  Moments and deflections in a braced structure.
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Figure 1.28  Detail of slab to beam bearing: (a) edge beam to hollow-core slab; (b) edge beam to double-tee 
slab; (c) internal beam to slab connections.

(a)

(c)

(b)

The structural zone is sometimes less than in an equivalent fire-protected steel frame, often showing 
a saving of 100 mm per floor [1.27, 1.28]. The slab bearing shown in Figures 1.28(a), 1.28(b) and 
1.28(c) is designed as a simple pinned joint, despite the presence of the reinforced concrete in situ 
infill which penetrates into the floor slab and obviously provides some moment restraint. Beam design 
is to ordinary reinforced (rc) or prestressed concrete (psc) principles, and composite construction 
with the floor slab is occasionally appropriate. Precast staircases and landings are designed as inclined 
solid rc or psc units, and are omitted from the floor plate action.

Beams are connected to columns and walls using connectors that are, in the main, designed as 
pinned joints: Figure 1.29(a). Eccentric loading is applied to the column, which is continuous at the 
connection, and the bending moment is distributed in the column according to simplified 2-D frame 
analysis. Alternatively the beams may be connected on the tops of columns, Figure 1.29(b), or made 
continuous across the top of single-storey columns, Figure 1.29(c), and connected to the neighbouring 
beam away from the highly stressed column connection. Columns are considered continuous at floor 
joints, even though mechanical connections, called ‘splices’, are often made at this level, as shown in 
Figure 1.30.

In this book, architectural aspects will be dealt with in Chapter 3, the frame analysis and design 
methods in Chapter 4, component design in Chapters 5 and 6, the design of connections in Chapter 
7, and the analysis and design for horizontal stability will be in Chapter 8.

1.5.2  Structural stability

Structural stability is the most crucial issue in precast concrete design, because it involves the design 
both of the precast concrete components and of the connections between them.



Figure 1.29  Beam to column connections: (a) beam to column connection – continuous column; (b) beam 
to column connection – discontinuous column and beam; (c) beam to column connection – continuous 
beam.

(a)

(b)

(c)
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The first design features are stability and robustness. Precast systems are scrutinised by checking 
authorities more for structural stability, integrity, resistance against abnormal loading and robustness 
than for the design of individual precast components (slabs, beams, etc.), which usually have adequate 
factors of safety. In general ‘stability’ means adequate resistance against side-sway, and ‘integrity and 
robustness’ means correct joint design, attention to details and the prevention of progressive collapse. 
Chapter 9 describes in detail how to achieve structural integrity and resistance to accidental loading.

The problem is to ensure adequate ultimate strength and stiffness, but more importantly to ensure 
that the failure mode is ductile. Large factors of safety are less relevant to the overall performance 
criteria if brittle, or sudden, failures result. Brittle failures involve the rapid release of large amounts 
of energy.

Two design stages are considered:

	 Temporary stability during frame erection:  This has certain implications for design, e.g. the axial 
load capacity of temporary column splices must be greater than (at least) the self-weight of the 
upper column before the in situ infill grout has hardened and rendered the splice permanent.
Chapter 10 will deal further with this topic.

	 Permanent stability:  This may be subdivided into four further stages:
	 horizontal diaphragm action in the precast floor slab;
	 transfer of horizontal loading from the floor slab and into the vertical bracing elements and 

thus into the foundations;
	 component design; and
	 connection and joint design.

The contribution to the lateral strength and stiffness of the structure from the in situ reinforced 
concrete infill strips is paramount. These strips provide the necessary tie forces that eliminate relative 
displacements between the various parts of the frame and ensure interaction between the compo-
nents. The general idea is shown in Figure 1.31. These positions are not always easy to define, and no 

Figure 1.30  Principle of column splices. The substructure member could also be a wall or beam.
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experimental work has addressed this problem directly. Engineers are cautious not to allow service 
openings or novel connections in these highly sensitive areas.

Stability may be achieved in several ways, but in the vast majority of cases it is based on either:

(1)	 an ‘unbraced’ (or ‘sway’) structure, Figure 1.26b, where stability is provided within the skeletal 
structure by cantilever action of the columns; or

(2)	 a ‘braced’ structure, Figure 1.27, where resistance against horizontal loading is not provided by 
the skeleton of the beams, columns and slabs. In other terminology, e.g. using in situ concrete, 
this would be called a ‘no-sway’ frame.

Combinations of the above are possible, giving what is then known as a ‘partially braced’ structure: 
Figure 1.32. It is perfectly reasonable for the frame to be braced in one plane and rely on column 
action in the other plane, particularly if the building is long and narrow. The design of these structural 
systems will be dealt with in Chapter 8, but it is important that sufficient bracing elements, e.g. walls, 
service shafts, columns, etc., are provided at the very outset of design, not at the end.

The positioning of shear walls is often a contentious issue. A conflict with architectural require-
ments as to the number of walls and their positions is usually the biggest problem. In general, it  
is necessary to ‘balance’ the flexural resistances (i.e. summation of stiffness) of the walls in the  
structure (in two mutually perpendicular directions) to avoid torsional effects as far as is reasonably 
practical. A design method for the different types of wall used in precast concrete frames is given in 
Chapter 8.

1.5.3  Floor plate action

Floor plate action means the transfer of horizontal loading across a building. It is sometimes called 
‘diaphragm action’, because the floor is a relatively thin membrane. There has been a considerable 

Figure 1.31  Continuity ties in the in situ concrete infill.
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debate about whether a precast concrete floor, consisting of a large number of discrete elements, tied 
together only around their edges as shown in Figure 1.33(a), can in fact be used as a floor diaphragm. 
The ability of discrete components to act compositely as a single diaphragm has now been demon-
strated [1.29, 1.30]. Various structural models have been proposed for the shear transfer mechanism, 
which relies on the development of clamping forces generated in the tie bars placed in the in situ 
concrete strips at the ends of the slabs. Shear forces parallel with the span of the flooring units are 
transmitted to shear cores or other stabilising features by deep beam action. Shear forces perpendicu-
lar to the span of the floor slab are carried to successive bays of flooring by the shear friction rein-
forcements in the in situ concrete strips in the beam to slab connections.

If this cannot be achieved, for example in precast floor units with discontinuous or thin flanges, 
then a structural topping screed is used, as shown in Figure 1.33(b).

1.5.4  Connections and joints

The term ‘connection’ refers to major structural connections between precast components, whereas 
the term ‘joint’ is used to describe a more simplified jointing between components. For example, the 
entire junction between beams and column is called a connection, whereas the halving detail between 
landing and stair flight is classed as a joint.

Connections between components are the most important factors influencing the design, construc-
tion and in-service behaviour of precast structures. The many different types of connection used by 
designers make it difficult to generalise on rules and guidance notes, particularly because engineers 
practise different methods of making the same type of connection. The major connections are 
between:

	 column or wall to the foundation
	 column to column
	 beam to column or wall
	 beam to beam
	 slab and/or staircase to beam or wall
	 slab to slab
	 structural steelwork, in situ concrete, timber and masonry to precast concrete components.

Figure 1.32  Partially braced structure.
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Figure 1.33  Basic principles of the precast floor diaphragm. (a) Precast concrete floors only and (b) precast 
floors with and in situ structural topping.

(a)

(b)
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Joints are required mainly (but not exclusively) to transmit compression, tension and/or shear 
stresses. Bending and torsion moments can usually be resolved into these three components. Typical 
forms of joint construction involve wet grouting, dry-pack grout, adhesives, neoprene pads, welds, 
bolted cleats, dowels and screwed rods. Examples of joints are:

	 bearings between slabs and beams or walls
	 interfaces between precast and in situ concrete, e.g. structural topping
	 scarf or halving joints between stair components
	 trimmer angles forming holes in floor decks
	 site erection aids (temporary or permanent).

1.5.5  Foundations

Loads and moments in columns are transferred to in situ concrete foundations through deep pockets, 
base plates or grouted sleeves. Wall loads and moments are usually spread over such a large area that 
the connections are made up of simple compression and tension joints.

The various options for foundations are shown in Figures 1.34(a), 1.34(b) and 1.34(c). The avail-
able depth of foundation may be the deciding factor in the type of stabilising system used in the 
structure, e.g. a shallow footing requires that a braced structure is used. The main criteria for founda-
tions are simplicity in design and ease of erection of the precast superstructure.

Foundation design is much simplified in braced frames where only vertical axial loading is present, 
with small bending moments due to the carry-over couples resulting from eccentric loads at the first-
floor beam connection. Simple pad footings are used in most instances, although the columns in a 
braced frame may be spliced onto the tops of in situ concrete retaining walls.

Moment-resisting foundations are required in unbraced frames. These may be very expensive in 
poor ground, and because of this it is often advisable to liaise with other bodies on the overall eco-
nomics of unbraced structures. Structures exceeding three storeys or about 12 m in height should 
certainly be designed as braced. Precast box foundations have been tried, but the preparation of level 
ground for them outweighs most of the advantages.

1.6  Precast Design Concepts

1.6.1  Devising a precast solution

In their recent book, Bruggeling and Huyghe [1.31] state: Prefabrication does not mean to ‘cut’ an 
already designed concrete structure into manageable pieces . . . 

The correct philosophy behind the design of precast concrete multi-storey structures is to consider 
the frame as a total entity, not an arbitrary set of elements each connected in a way that ensures 
interaction between no more than the two elements being joined. Thus it is clear that all the aspects 
of component design and structural stability are dealt with simultaneously in the designer’s mind. 
The main aspects at the preliminary stage include:

	 structural form
	 frame stability and robustness
	 component selection
	 connection design.

These items cannot be dealt with in isolation. For example, the nature of the column–beam con-
nection dictates the arrangement and function of the reinforcement in the ends of beams, and the 
manner in which floor slabs are connected to edge beams influences the torsional behaviour of  
the beam. Frame design is therefore an integrated process in which many of the iterative steps are not 



Figure 1.34  Alternative methods of making a column – foundation connection. (a) Pocket in pad footing; 
(b) base plate to in situ wall. Alternative methods of making a column-connection. (c) Base plate to pad footing. (d) Grouted 
projecting bars in pad footing or basement wall.

(a)

(b)

(c) (d)
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so obvious, because they are now hidden within the natural evolution of the design, detailing and site 
erection procedures. It must also be remembered that two additional procedures, namely manufacture 
and site erection, are also directly influential in making design decisions.

The correct order for dealing with the framing plan is:

	 positions of construction joints
	 positions of lift shafts and stairwells, which provide the locations for shear walls and/or cores
	 positions of shear walls (if more than three storeys, or if on poor ground)
	 positions of columns
	 structural floor zones
	 cantilevers
	 direction of span and length of span of beams and slabs at all floors, and roof if different in plan
	 use of non-preferred structural components
	 use of structural precast concrete cladding
	 positions of service areas and major holes in floor slabs
	 staircases and precast lift-shaft boxes.

The main building function is assessed with respect to:

	 architectural and aesthetic requirements
	 loadings, i.e. dead, imposed dead, live, wind, seismic (occasionally), lateral load due to temperature, 

creep, shrinkage, and miscellaneous loads such as vibrating or mobile machinery
	 fire and durability
	 building regulations and codes of practice
	 design guides and manuals.

The first task is therefore to establish an economical plan layout for the optimisation of the 
minimum number of the least-cost components versus overall building requirements. The optimum 
is usually found in a rectangular grid where the beams span in a direction parallel with the greater 
dimension of the frame. As a general rule, the minimum construction depth, for the same span and 
loading, is achieved when the ratio of the floor span/beam span = 1.5 to 2.0.

Figure 1.35 shows three options, for each of which there is a weighted function reflecting design, 
detailing, manufacture and construction effort and relative costs. There is a delicate balance between 
the architect’s wishes and the precaster’s pragmatism. Precast component selection will follow logically 
and simply once the optimum layout has been achieved. So too will service routes, as the most favour-
able option shown above will allow easy highways for pipes and cables.

The optimum solution in terms of building efficiency and cost is not always obvious. Consider the 
three different floor layouts shown in Figure 1.35. Scheme A (Figure 1.35(a) ) may appear to give the 
best solution in terms of number of building components, and this is certainly the most favoured 
solution. However, as the data in Figure 1.36 show, scheme C (Figure 1.35(c) ) offers the lowest ratio 
of floor zone to bay area, with a saving of about 100 to 150 mm per floor. If, in this case, the cost of 
the peripheral cladding is such that the saving in surface area exceeds the additional expense of the 
precast components, scheme C would be the cheapest. This simple example must be treated with 
caution, as there are many more variables affecting the final cost.

The rules for determining whether a structure is to be braced or unbraced are fairly clear-cut, and 
they affect both prefabricated steel and concrete frames alike. Table 1.3 gives guidance.

The robustness of the structure must also be considered at the conceptual stage, particularly if a 
structural floor topping is not being used. Making sure that all the necessary peripheral and internal 
ties can indeed be placed and be continuous and fully anchored at their ends is a design exercise in 
its own right. Dangerous congestion of ties can be avoided if the layout of beams is thought through 
at this early stage.



Figure 1.35  Options for layout of primary beams and floor slabs. (a) Scheme A: one-way spanning system 
with beams spanning in the larger building dimension. (b) Scheme B: one-way spanning system with beams 
spanning in the smaller building dimension. (c) Scheme C: two-way spanning system.

(a)

(b)

(c)
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1.6.2  Construction methods

Precast frames can greatly improve buildability, because many of the sensitive site operations are 
moved to the protective environment of the factory. Seasonal variations are less critical to site progress, 
and are totally nullified at the factory. Depending on the circumstances of the design, size and com-
plexity of the building and the conditions at the construction site (i.e. access), prefabrication has the 
following approximate savings over cast-in situ construction at the site:

  scaffolding material and labour to erect scaffold 80–90%
  shuttering and formwork 90–95%
  delivery and pouring wet concrete* 75–95%

Figure 1.36  Structural zones versus bay area for the structural layouts shown in Figure 1.35.

Table 1.3  Storey heights of precast concrete frames and type of bracing [1.32]

Approximate economical range 
for number of storeys Type of frame Bracing element(s)

2
 Unbraced

Cantilevered columns
Up to 3 Cantilevered columns (roof load small)

3 or 4 to 6 Precast wind posts (deep columns)
Up to 4

 Braced

Steel cross bracing
Up to 5 or 6 Brick or block infill walls

3 to 5 or 6 Precast hollow-core infill walls
3 to 10 Precast solid infill walls
3 to 10 Precast solid cantilever walls
3 to 12 Precast hollow-core shear walls

10 to 15 Precast concrete shear box(es)
15 to 20 In situ conrete shear core(s)
Up to 5

 Partially braced*
Brick or block infill walls

5 to 10 Precast infill walls
5 to 12 Precast hollow-core shear walls

*  Uppermost one or two storeys unbraced.

* Lower value where structural floor toppings are used.
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  delivery and fixing of loose reinforcement 90–95%
  time of construction of superstructure (above foundations) 25–50%
  total construction time 10–30%
  site labour on superstructure 75–90%
  total site labour 50–75%

One of the key issues is programming the deliveries to site so that the construction team is not 
under pressure to construct hastily, nor to fix any of the components out of sequence. This could 
impair the temporary stability of the structure, as the height to the centre of the mass of the concrete 
above the level at which the frame is stable could be prohibitive to further progress. The rule is that 
components should not be fixed more than two storeys ahead of the last floor to be fully tied into 
the stabilising system. This allows time for the in situ concrete at the lower levels to mature. Theoreti-
cally it is possible to erect precast frames of up to about seven or eight storeys in height before the 
components are permanently structurally tied together; however, there is evidence that this is folly, 
and it leaves no room for error.

On-site construction methods have a significant influence on design. Most of these concern con-
nection details, jointing materials, and temporary stability. In many instances the construction 
sequence will dictate the design of the frame. Often, the positions of shear walls, sizes of beams, spans, 
etc. can be finalised only when the construction programme is finalised, and the type and capacity of 
the crane is agreed. Significant economies can be achieved if the designer takes into account all the 
benefits available on site. In this respect construction sequences are self-defined, with columns, walls, 
beams, slabs and staircases being the obvious progression. However, the main decision to be made at 
the design stage is a logistical one.

The two main options are:

	 completion of frame floor by floor, Figure 1.37
	 completion of frame to roof block by block, Figure 1.38.

Figure 1.37  Construction sequence floor by floor (courtesy of Trent Concrete Ltd).
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Figure 1.38  Construction sequence block by block (courtesy of Blatcon Ltd).

The following points should be considered:

	 positions of shear walls and maturity of connections, which may dictate site progress
	 possibility of temporary instability and the need to design some of the key components to eliminate 

it unless foundation fixity is available
	 availability and/or positioning of equipment to transport and erect every component
	 size and weight of components
	 safety and speed of construction
	 tolerances for economical construction.

The vast majority of precast structures are erected by fixing gangs with many years of experience 
in handling precast concrete. Many precasting companies employ their own fixing teams, and that is 
obviously beneficial as far as feedback to the design office and factory is concerned. Information about 
adequate tolerances is essential to the smooth running of a site. The UK Precast Concrete Industry 
Training Association [1.33], the UK Structural Products Association [1.34] and the UK Precast Floor-
ing Federation [1.35] have published guides to the safe erection of precast concrete frames, cladding 
and flooring.

Programming can increase the overall speed of construction by allowing parts of the building to 
be released to following trades while work continues on erecting the rest of the precast structure. To 
construct bays to the full height while backing out of the building enables the structure to be released 
bay by bay. The alternative method, to construct floor by floor, releases lower floors while work con-
tinues on the erection of the floors above. Access can often be gained within two or three weeks of 
starting precast construction.
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The construction cost element, which includes transportation costs, varies with building size, 
number of storeys and the structural grid. In general it is about 8 to 12 per cent of the cost of the 
precast structure (not the finished building). The information may sometimes be deceptive, as the 
cheapest site cost may have hidden extras, e.g. the cheapest beams are the longer, which means greater 
depth and hence a greater structural zone.

Speed of construction is a major consideration in most building projects and it is there that the 
design of precast structures should be carefully considered. This advantage is maximised if the layout 
and details are not too complex. Designing for maximum repetition will make manufacture of the 
precast units easier and construction faster, but precast concrete can also be used in complex and 
irregular structures, although it may not then provide the same efficiency of construction as a ration-
alised design. The fixing rates shown in Table 1.4 vary depending on the shape and size of the struc-
ture, i.e. the number of linear components such as beams and columns per unit area of the building. 
The data refer to typical site progress using a fixing gang of no more than five persons, and one crane. 
A precast solution can stretch to a considerable number of non-standard details, say about 30 to 40 
per cent of the total, before the fixing rates reduce dramatically.

The rates given in Table 1.4 are presented in terms of the floor area covered within the beam and 
column grid: for example, 100 m2 could be a 12.0 m span floor carried on 8.5 m span beams, and so 
on. They do not include major volumes of cast-in situ concrete, such as structural toppings. The rates 
are affected by vertical transportation time, typically 3–5 minutes extra per item for buildings of more 
than about 6–10 storeys, respectively. The data also reflect the different environmental factors, e.g. 
winter versus summer weather and daylight hours, regionally available plant, particularly 5–10 tonne 
lifting capacity tower cranes, and ground conditions from green field to congested city sites. The data 
were collected from UK companies between 1990 and 1996.

The three-storey building shown in Figure 1.39 [1.36] achieved the following fixing rates on a 
6 m × 6 m grid layout:

  columns (14.5 m long) 30 per week
  beams (6 m long generally) 45 per week
  floor slabs (6 to 17 m span) 2335 m2 per week
  façade panels 750 m2 per week

The structural form of a precast structure may be influenced by the manner in which it is built, 
the site access for long vehicles, and the capacity of the craneage. One of the most important decisions 
pertaining to temporary stability is the availability of a stiff shear core, or shear walls (or other forms 
of bracing) in two orthogonal directions at all times during construction. This may not seem to be a 
problem, but consider this structure shown in Figure 1.40, which would be constructed to its full 
height, bay by bay. If the shear core were available only up to point X, the previous bays would be 
unstable. In low-rise buildings of fewer than four storeys the columns can be stabilised by propping 

Table 1.4  Site fixing rates for generalised frame layouts

Frame layout
Example bay area*

(m2)
Site fixing rate per week

(m2)

Rectangular grid 100 1000–1500
Rectangular grid 40–50 600–800
Non-rectangular grid 100 900–1200
Non-rectangular grid with staggered columns 40–50 300–400

*  A ‘bay’ is defined by the area enclosed between four columns.
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at the ground level (assuming a sound footing is available, which is not always the case). However 
once a column splice is included, permanent stability is required.

In all cases the precast frame is correctly aligned and levelled as each floor is completed. Following 
trades may take up residence at each floor level immediately after the floor level above has been 
completed. Precast frames may lend themselves to partial completion and a phased hand-over. This 
depends very much on the form of the structure, and the divisions are dictated by the positions of 
fully stabilised subframes.

The construction programme may be dictated by the sequence in which components can be fixed. 
If the plan area is small, say less than 300 m2, it is possible that the fixing rate can progress faster than 
the maturity rate of the connections. It may then be advantageous to design a connection that  
has no restriction on maturity, e.g. a bolted or welded plate, rather than specifying one with a cast- 
in situ ‘stitch’.

Figure 1.40  Preferred sequence of erection on confined sites.





CHAPTER 2

Procurement and Documentation

2.1  Initial Considerations for the Design Team

The International Federation for Structural Concrete, usually referred to as fib (Fédération Interna-
tionale du Béton) aims ‘to develop at an international level the study of scientific and practical matters 
capable of advancing the technical, economic, aesthetic and environmental performance of concrete 
construction’ [2.1]. fib was created in 1998 by the merger of the CEB (Comité Euro-International du 
Béton) and the FIP (Fédération Internationale de la Précontrainte). The success of fib may be attrib-
uted to the fact that while the CEB had excellent authorship of standards and codes, and good funding 
possibilities, the FIP had in-depth technical knowledge through its industrial and academic member-
ship. Many members contributed to both organisations, making the transition almost seamless. fib 
publications are well respected throughout the world and many of the Recommendations and Guides 
to Good Practice are used in design offices, while several have been adopted into national codes – for 
example, there are substantial similarities between the Eurocode EC2 (which we shall refer to as BS 
EN 1992 in this textbook) and fib’s past and present Model Codes [2.2–2.4]. Many view the Model 
Codes as forerunners to normative standards. The FIP Commission on Prefabrication has produced 
a planning and design handbook [2.5] (currently being revised by fib Commission 6 for publication 
in 2013) in which the following advice for a design organisation is given:

Every construction system has its own characteristics, which to a greater or lesser extent influence the 
layout, storey height, stability, and statical system of the building. For best results the initial design 
should respect the specific and particular demands of the intended structure. The potential for profit 
seen at the signing of the contract documents by the client and the contractor often disappears during 
the construction period. . . . It is very important to realise that the best design for a precast concrete 
structure is arrived at if the structure is conceived as a precast structure from the very outset and is not 
merely adapted from the traditional cast-in situ or masonry methods.

This is a particularly pertinent statement in the modern world and particularly important with 
regard to structural stability and the integrity of a precast concrete structure, where special details 
have evolved through the natural sequence of a ‘design–manufacture–erection–design feedback’ loop 
used in the precasting industry.

This chapter deals with the role of the precast frame designer as part of the project design team, and 
describes the design methodology. The literature is reviewed.

Multi-storey Precast Concrete Framed Structures, Second Edition. Kim S. Elliott and Colin K. Jolly.
© 2013 Kim S. Elliott and Colin K. Jolly. Published 2013 by Blackwell Publishing Ltd.
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The major beneficial advantages of a precast concrete solution will accrue at the conceptual design 
stage. Figure 2.1 is a schematic representation of the ‘scope for project potential’, by whatever measure 
is chosen, as a function of the four major decisions taken prior to the construction of a precast build-
ing, when it is practically too late to implement substantial changes. Note that additional scope for 
potential savings is always present at the beginning of each of the five phases. Unfortunately the 
conceptual part of the design process is often carried out in the absence of the precast concrete engi-
neer. It may be necessary to adjust the structural function of the building when the means of achieving 
maximum potential with the precast structure are realised. The initial design should be carried out 
at least with the assistance of the precast engineer, who will contribute to reducing the construction 
time and cost and ensure better quality by in-house expert knowledge.

The FIP handbook [2.5] concludes that

…designers should therefore consider the possibilities, restrictions, advantages and disadvantages of 
precast concrete, its detailing, manufacture, transport and erection and serviceability stages before 
completing a design in precast concrete. Precast concrete organisations will usually make available 
design and production information to the client, architect, consulting engineer, services engineers and 
all other disciplines to give unified guidance to the entire design team. This will ensure that all parties 
are aware of the particular methods adopted in all phases of the project, leading to maximum efficiency 
and benefit. This is particularly true with the manufacturing and erection stages, as many consulting 
engineers may not be familiar with some of the methods used.

The Federation is conscious of the fact that precast concrete buildings are often adaptations of the 
more traditional and well-understood forms of construction, such as in situ concrete, structural 
steelwork or masonry.

Figure 2.1  Scope for optimum project potential.
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2.2  Design Procurement

2.2.1  Definitions

The terminology used in this book to describe the functions of designers and contractors is as follows:

Precast company: The organisation responsible for design, detailing, manufacture and 
erection.

In-house designer: Designer employed by the company.
Specialist designer: Private organisation or individuals offering a dedicated service to the manu-

facturer and occasionally the company.
Consultant designer: Private consultancy or government-based design office offering a service to 

the manufacturer and occasionally the company, but not necessarily a 
dedicated specialist to precast.

Precast manufacturer: Manufacturer of components made to details supplied by the designer, 
specialist or occasionally the company.

Precast contractor: Frame erector specialising in this field.

2.2.2  Responsibilities

The chart shown in Figure 2.2 shows the responsibilities within the precasting organisation. It is 
shown that the involvement of the principal design engineer is wider than the structural design itself. 
It is important that this engineer is in close contact with the architect, foundation engineer and serv-
ices providers, as well as the factory coordinator, estimator and the contracting staff. The need for 
excellent lines of communication between the design office, the factory and the site cannot be stressed 
too highly.

Figure 2.2  Responsibilities within a precasting organisation.
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2.2.3  Routes to procurement

The design manual, Precast Concrete Frame Buildings – A Design Guide [2.6] includes a comprehensive 
chapter on precast project procurement (which was written by Andrew Dyson, Director of Advantage 
Precast, UK). The essential issues raised in this text were on the selection of the precasting company, 
and how the decisions leading to the appointment of the company were taken – the checks on quality 
control, qualifications of personnel, etc. The following section takes this a step further and describes 
the activities that take place after the precaster has been appointed and is invited to tender, i.e. the 
design procurement.

2.2.4  Design office practice

Design- and drawing-office practice is different from that experienced in a consulting engineer’s 
practice, because the design procedures are highly dependent on the manufacturing and construction 
methods adopted by the particular precasting company. In some instances, design decisions are influ-
enced more by ease of manufacture, repetition, handling and erection constraints than by economy 
of materials or form. Some prefabricators have excellent in-house mould-making facilities and are 
therefore able to offer structural units with intricate architectural features. The moulds and resulting 
units shown in Figures 2.3(a) and (b), respectively, are examples of this skill.

(a)

Figure 2.3  Manufacture of visual concrete units. (a) Timber moulds for prefabrication and (b) the final 
product. (Courtesy of Trent Concrete Ltd.)
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(b)

Figure 2.3  (Continued)
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Design-office practice is inextricably linked to the various shop-floor operations; bar bending, cage 
assembly, mould making, cage and connector positioning, casting, curing, lifting and handling are 
operations that must all be satisfied simultaneously in design to ensure that an economical and struc-
turally sound product results. The thought process in the design of multi-storey buildings is essentially 
in two parts:

	 the conceptual use of precast technology;
	 detailed design work with a knowledge of load paths and prestressed and reinforced concrete stress 

analysis.

The designer attempts to utilise, as far as possible, a range of predetermined structural components 
in the skeletal structure while satisfying, again as far as possible, all the architectural and functional 
requirements of the building. Although the emphasis throughout is on the maximum use of factory-
cast prefabricated concrete, there may be many economic, aesthetic or structural constraints that 
prevent the designer from using a totally precast solution. The reasons for these are numerous and 
the subject will be discussed in the appropriate chapter. However, the norm is to prefabricate a stable 
structure (columns, walls, beams and slabs), and then to consider the options of precasting other 
items such as staircases, lift shafts, balconies and arches, etc. to obtain the most economical solution 
for the completed building.

2.2.5  Project design stages

In the office, precast design is accomplished in four steps:

(1)	 preparation of the schematic building layout and quotation
(2)	 design calculations
(3)	 layout drawings
(4)	 component scheduling.

Step (1) is often termed the ‘scheme’ or ‘quote’ stage, whereas steps (2) to (4) are carried out upon 
receipt of an order and are termed the ‘project’ stage. Scheme and project engineers may be one and 
the same group, or may be affiliated to different parts of the company, or other companies with the 
relevant expertise. Whichever is the case, it is important that the scheme engineer is fully conversant 
with the project team’s design practice.

The preparation of the schematic building layout drawings and the quotation forms the basis of 
the conceptual stage, in which the capability of the precast system is assessed and structural compo-
nents are notionally designed for estimating purposes. The non-precast areas are identified at this 
stage and shown on the tender drawing as work by the general contractor. This list usually includes 
all foundations and other ground works (culverts, piling, ground beams, and retaining walls). The 
precaster may choose to carry out a small amount of in situ work himself in order to secure a contract, 
particularly if these items can include stitches connecting precast components, or if the finish must 
match the adjoining precast units. For example, it may be more economical and less disruptive to the 
construction programme if unusually shaped staircases are cast-in situ by the precast contractor 
employed by the precast company. In this case the area would be labelled ‘in situ staircase by the 
precaster’. Both responsibility and control then remain vested in a single company.

The tender drawing carries sufficient information for the client to judge the merits of the structure. 
The drawing(s) usually contain:

(1)	 a plan of every roof and floor level (or small variations to a single plan are noted if the floor 
layouts are similar)

(2)	 a cross section of the structure (in total, or in part if the floor-level details are repeated)
(3)	 a selection of structural components in cross section, e.g. hollow-cored flooring, spine and edge 

beams, spandrel beams and non-rectangular columns
(4)	 details to other in situ work, e.g. column pockets and/or base plate, or steelwork connections.



Procurement and Documentation  49

Items (3) and (4) are often considered optional, but are included at this early stage to assist other 
trades in assessing the viability of the precast structure. Points to look out for in this stage are:

	 structural zones shown on the architect’s drawing
	 particularly large voids, service holes, etc. in the floor slab
	 service routes above or beneath the floor, as these may affect the direction in which beams and 

floors will span
	 heavy loading in one particular area, e.g. plant rooms, where beam spans selected for other lightly 

loaded areas are too great for the plant room area
	 the possibility of using a structural steel or timber roof, e.g. truss or mansard-roof
	 the possibility of using load-bearing or infill structural masonry, either prefabricated or built in situ
	 obstructions to column positions, and the continuity of columns from roof to foundation
	 possible positions of structural shear walls
	 balconies, overhangs, etc. that must be structural in form, i.e. cannot be completed by the following 

trades
	 splays in beams, chases in columns, holes in walls, etc., all of which may prove embarrassing at the 

project design stage.

At the completion of this exercise the designer should be confident that temporary stability is 
guaranteed no matter how the site erector may choose to build, and that the areas of in situ concrete 
may be allowed to cure and develop strength before further construction proceeds. To this end, the 
scheme drawing(s) are annotated for internal use during the billing stage with information to assist 
the estimator to assess craneage and site costs, in addition to the relatively simple task of pricing the 
precast concrete components.

A typical schedule for costing would include:

	 beam cross section, either in dimensions or unit reference coding
	 beam length
	 reinforcement, usually in cage reference coding for both flexure and shear, or individually referred 

if no code exists
	 beam end connector capacity
	 any voids (size and position), chases, cut-outs, splays, etc.
	 special requirements for surface finishes, exposed aggregates, etc.

For other components such as exposed aggregate spandrel beams, the texture, relief, colour, joint-
ing, etc. are given on the drawing. Omission of this information could have very serious implications 
far in excess of omitting the exposed aggregate materials. An obvious example is the cost for a new 
mould in which to manufacture the unit.

Consideration must also be given to specifying a small number of very heavy units in situations 
where a larger number of smaller units would suffice. Although the golden rule to precast efficiency 
is an optimum number of components of approximately all the same weight, there are exceptions 
where the cost of hiring and using a large-capacity crane outweighs the benefit of a smaller number 
of components.

Preparing a final scheme and quotation is usually an iterative procedure; seldom are original layouts 
accepted after the first attempt. The points of contention are usually positions of shear walls, depths 
of beams and voids for service routes. Time spent on preparing schematic layouts may even exceed 
the time spent on final design, and unsuccessful tenders should not be considered as totally abortive; 
the experience assists the preparation of the next one.

2.2.6  Structural design calculations

Design calculations commence after discussions with the architect (or developer) that centre around 
the concurrence of details shown on the architect’s current drawing with the precaster’s latest scheme 
drawing. Loads are finalised and structural design commences in the manner described in Chapters 
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4 to 8. An example calculation for the design of hollow-core floors is shown in Figure 2.4. The ter-
minology used here will be explained in Chapter 5. Structural drawings are often commenced early, 
and because of the increased use of computer-aided design or draughting (CAD) facilities this is not 
the problem it was as recently as the late 1980s. Computer-controlled detailing and scheduling of 
two-dimensional units, such as wall panels or floor slabs, have resulted in the kind of output shown 
in Figure 2.5, for example.

It is not always possible to delay tackling those areas that are commonly marked ‘items in abeyance’, 
returning to them at the end of the project. A case in point is the size of a void in the floor, where 
beyond a certain size (depending on spans and loading), additional measures may have to be taken 
to cater for the increased loads on adjacent units and the transfer of these loads to beams and columns.

Throughout the structural design process it is important not to lose sight of the overall behaviour. 
The sizes and positions of stability ties, often left until last, must be catered for in the design of the 
floor and/or beams. As with in situ concrete or structural steelwork, the design of a precast structure 
may be subdivided into a team effort, but there should be one engineer in charge to coordinate the 
input and output of information.

The design of most precast components can be committed to in-house or commercial software 
packages, resulting in predetermined design and detailing information. (In-house packages are merely 
an extension of the tabulated/graphical design data and standardised drawings for standard frames 
of yesteryear.) The main distinguishing feature of precast design software is that design output may 
be in coded form to be compatible with the chosen method for scheduling components.

2.2.7  Layout drawings

Until quite recently (c.1990) layout drawings were all prepared manually, but almost all drawings are 
now made using CAD methods. An argument against the use of CAD is rarely applicable to precast 
buildings in which there is an intention to replicate as many details as possible. The purpose of the 
layout drawings, e.g. Figure 2.6, is firstly to show the architect, engineer and other trades the details 
of the structure and its connections, and secondly to transmit to site information necessary to erect 
the structure.

To this end, precast concrete frame drawings tend to resemble structural steelwork layouts more 
than drawings for in situ concrete. Components are referred to individually and a reference number, 
which corresponds with its unit schedule number, is prominent on the drawing. Individual details, 
cross-referenced on the plan, are shown to an appropriate scale in Figure 2.7. Beams, walls, columns, 
staircases and cladding components are detailed on separate drawings.

The project drawings are not sufficient to describe fully the details of the precast components; they 
are to be read in conjunction with a set of ‘project product drawings’. Because these drawings are gener-
ated within CAD software it is possible to store hundreds of details, recalling them when the specific 
requirements of a project are known. These drawings are used to show the exact details of the cast-in 
connections, reinforcements, joint details, connections, splices, ties, etc. assumed in the preparation of 
the project design and drawings. An example of a project product drawing is shown in Figure 2.8.

It is now common on larger sites for the entire building process to be managed by a Project 
Manager. This may be a separate management specialist, but is often a role adopted by either the 
architect or the precast company. The Project Manager will specify protocols (computer specification, 
software supplier, software revision, default settings, etc.) for a common database and CAD system 
that the architect, structural engineers and service engineers all agree in advance to use, both in their 
offices and on site. He will then retain the master documents, and only his latest approved revisions 
are accepted as details for inclusion in the building. This facilitates alterations and additions by dif-
ferent contributors during construction, and leads to a single set of ‘as-built’ drawings being available 
at the end of the project. While this arrangement helps to avoid the blame culture that can develop 
when contributors’ details clash, it may cause delays while approval is sought, and force non-standard 
and thus less efficient practices on each organisation’s office.
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Figure 2.4  Calculation sheet for the design of a hollow-core floor bay containing a large void.

Y
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2.2.8  Component schedules and the engineer’s instructions to factory and site

Unit schedules are prepared when the layout drawings are finalised or well advanced. CAD systems 
have usurped manual scheduling for the reasons given in Section 2.2.7. An example of a beam schedule 
(made using ‘Autocad’) is shown in Figure 2.9 and this must be read in conjunction with both the 
project product drawings (Figure 2.8) AND the project layout drawings (Figure 2.6) to be meaningful. 
Overall dimensions and tolerances are given in the schedules. The design procedure ends with the 
submission of component schedules to the casting factory. The casting works will make the necessary 
adjustments to cast-in inserts and moulds without violating the overall dimensions.

Sometimes instructions to the factory are not contained on product drawings and must be relayed 
by memoranda. These instructions include:

	 special requests for additional quality control, e.g. cube testing, cover distances, curing, handling 
or storage

	 special surface finishes, including exposed aggregate, retarded and scabbled faces and smooth 
finishes

Figure 2.7  Examples of cross-sections (courtesy of Trent Concrete Ltd).
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Figure 2.8  Standard detail for a column foot-to-steel base plate (courtesy of Crendon Structures Ltd).
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Figure 2.8  (Continued)
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Figure 2.9  Examples of beam and column component schedules (courtesy of Trent Concrete Ltd).
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	 use of special mixes, e.g. using lightweight aggregates, selected aggregates and grading, white 
cement, sulphate-resisting cement, pigments, additives, etc.

Instructions to site are usually contained in what amounts to a ‘code of practice’, which is prepared 
by the precasting organisation at the tendering stage. Other instructions to site are self-evident from 
the drawings. The procedures adopted on site have grown out of many years’ experience, and safe and 
structurally competent standard practices have evolved. Many site-fixing details are contained in the 
product drawings, e.g. the details for column-to-column splices are fully described, although the exact 
procedural methods are not. It is only where special or unusual components or joint details are being 
used that specific instructions are relayed to site. These might include:

	 the sequence of erection, with particular reference to temporary stability (usually this is the deci-
sion of the contracting division, but special circumstances may prevail)

	 temporary propping of components
	 extra care, or specific instructions, in the handling and fixing of certain components
	 changes to the specification or use of expanding agents, cementitious grouts, mortars, epoxy-based 

materials, adhesives, bolting and welding
	 additional degree of quality control, e.g. cube sampling, curing protection, compaction
	 extra details for the placement of important stability ties
	 special requirements on construction tolerances.

2.3  Construction Matters

2.3.1  Design implications

The precast superstructure is designed and detailed to enable safe handling, transportation and fixing, 
without damage to the component and framework. The effects of small, hairline cracks that may occur 
in certain components when they are lifted are assessed on the basis of the nature of the component and 
its function within the structure. Due consideration should also be given to the location of the cracks, 
particularly in highly stressed regions close to connectors. In the event of structural cracks appearing in 
any component, reference is made to the designer prior to completion of the fixing.

The designer ensures that all lifting devices, whether bespoke or proprietary, are of sufficient load 
capacity to deal with all possible load magnitudes and directions. The lifting devices are located at 
the points given in the project product drawings. Detailed instructions and special provisions etc. are 
given on working drawings regarding the safe handling, lifting and storage of components, as well as 
any specific features regarding temporary and/or permanent stability. The sequence in which the 
structure is erected and the temporary measures taken to ensure the correct transfer of load to the 
ground are available in writing, as a ‘method statement’ for the fixing contractor to follow. Informa-
tion is stated relating to the stage of construction at which an entire framework, or a part thereof 
(whether vertically or horizontally partitioned), is considered fully stable and may be allowed to stand 
free of any external restraint. Often there will be a time limit before which props cannot be removed, 
to permit in situ grout or concrete to develop a minimum strength.

Loading arrangements on delivery vehicles are such that the components are not subjected to forces 
and stress not catered for in the design. The components are loaded evenly so that the distribution 
of weight is uniform on each component, particularly when the vehicle is cornering, braking or 
inclined (Figure 2.10). Components are usually stacked on timber bearers for storage or transport. 
These bearers protect the concrete edges and assist easy access to lifting points. They must be located 
to ensure stability and to avoid temporary overstress, e.g. by creation of cantilevers that develop exces-
sive hogging moments in members designed only to withstand sagging moments. The type of lifting 
equipment (crane, hoist, etc.) must be compatible with the geometry of the structure, weight and size 
of components, the nature of the ground and site access. Crawler cranes of 40 to 100 tonne capacity, 
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and smaller mobile cranes, are frequently used where all-round access is available. Otherwise 5 to 10 
tonne capacity tower cranes are used. Lifting beams are used in situations where the inclination of 
the lifting chains will either cause cracking of the component, or will exceed the safe working load of 
the chains. Use of long chains is common, but can dictate use of a larger crane to achieve adequate 
jib height.

Components that are to be inclined by pitching are first placed on firm ground, and then pitched 
in a separate operation (Figure 2.11). A special (steel, concrete or timber) shoe may be required when 
pitching heavy and thin units that might otherwise be damaged locally.

Temporary imposed loads due to the combined storage of materials, storage of precast components, 
and construction traffic and plant are assessed, and maximum allowances are given to the various 
parts of the framework. Where a precast component has been designed to act compositely, considera-
tion is given to the non-composite strength and stiffness of the component. Working drawings carry 
this information in the form of allowable loads per unit area, or per individual component, irrespec-
tive of the location of the imposed load. This is because site conditions may dictate that a load is 
landed temporarily and chains repositioned.

The total (fixed and stored) dead load present above the highest stabilised level in the structure is 
known to the contractor from his record of events during construction. The contractor will record 
dimensional inaccuracies, such as component dimensions (length, cross section, position of connec-
tors, etc.), fixing tolerances (clear gaps, squareness and verticality) and report to the designer any 
major deviations from permitted tolerances.

There are a wide range of connections in a precast structure, many of which are used to perform 
a unique function. The contractor is made aware of the importance, or not, of each fixing type, and 
of the permitted deviations. The designer should ensure that the fixing(s) perform their intended 
function, either by strict compliance with manufacturer’s details, or by full-scale testing. In the former 
case the influence of the position of the fixing in the component, and the measures taken to ensure 
the full, safe working capacity of the fixing, are observed. Construction tolerances are stated on the 
drawings.

The strengths of bolted or welded connections are assessed for both the temporary and permanent 
condition, such that no element is overstressed at any time. The effect of torsion and shear stresses 

Figure 2.10  Correct transportation of precast components.
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induced by non-symmetrical loading (e.g. slabs onto one side of a beam) that would not normally 
occur in service are catered for.

The contribution to strength and stiffness from in situ concreted connections is assessed with 
respect to the time taken for the concrete to mature. Although adequate strength may be achieved in 
compression, the bond resistance between rebar/dowel and the concrete may take longer to fully 
develop. The connections are protected from rapid drying or rain penetration.

2.4  Codes of Practice, Design Manuals, Textbooks and Technical Literature

2.4.1  Codes and Building Regulations

Past UK design practice has used a combination of statutory Building Regulation documents defining 
the general requirements, and non-statutory documents deemed to satisfy those requirements with 
respect to strength, safety, reliability and stability. British Standards (BS) defining acceptable methods 
of design and construction are based on an industry-wide consensus of best practice, and are listed 
as a means of satisfying the Regulations. Historically, the design has been carried out in accordance 
with BS 8110 [2.7], which allows the design of structures or structural components to be based on 

Figure 2.11  Pitching columns on site.
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testing, and permits the engineer to design in this manner which . . . may be deemed satisfactory on 
the basis of results from an appropriate model test coupled with the use of model analysis to predict the 
behaviour of the actual structure… (Part 1, clause 2.6.1), or . . . if the analytical or empirical basis of 
the design has been justified by development testing of prototype units . . .  (Part 1, clause 2.6.1). For 
connections the code allows that: Any other type of connection that can be shown to be capable of car-
rying the ultimate loads acting on it may be used’ (Part 1, clause 5.3.5.3). In other words, full-scale 
testing of structural components and connections is permitted.

The Eurocodes, together with their UK National Application Document (NAD) for locally deter-
mined parameters, are now published as BS EN (British Standard European Norm) codes to replace 
the British Standard (BS) codes. Although (at the time of publication of this book) there continues 
to be a period of transition, Eurocode 2 replaces all UK codes dealing with the design of structural 
concrete. Eurocodes will, in due course, be defined by the Building Regulations in 2013 as ‘deemed 
to satisfy’ its generic requirements. This will mean that a design to the Eurocodes must be acceptable 
to the client. However, it is anticipated that the British Standards will not be removed from the Regu-
lations for some time (probably about five years), and hence designs to the existing standards may be 
accepted by the client during that period at least. There will be no further revisions of the British 
Standards, as they are no longer being supported by the British Standards Institute committee and 
will rapidly become outdated. It will become increasingly difficult to justify their use once they are 
no longer identified within the Regulations.

The Eurocodes are common in content across Europe, even in translation. The National Application 
Document then permits each country to vary certain parameters within each code. This permits each 
country to adjust parts of the Eurocode to reflect local conditions that have led to the development 
of parts of their historic design codes not recognised as essential across Europe. In other words, it is 
accepted that some parts of the codes will become identical to the former national code by insertion 
of relevant clauses or parameters into the NAD. Some changes are not permitted. For example, the 
partial load factors are lower than those used historically in Britain. Thus more economical solutions 
are possible using the Eurocodes, but with a reduced overall factor of safety and possibly of durability. 
In situations where the British climate leads to a lack of durability, the NAD introduces changes that 
should restore the serviceability requirements of the former codes.

Introduction of the Eurocodes means that all design and construction information is no longer 
contained in one volume. Thus generic design requirements, loading, and material-specific design 
information are contained in three separate volumes. The three that are relevant to precast concrete 
construction are:

	 BS EN 1990: Basis of Structural Design [2.8]
	 BS EN 1991: Actions on Structures (which is published with separate volumes for actions 

due to self-weight and imposed loads, fire loading, snow loading, wind loading, thermal changes, 
execution, accidental loads, loads on bridges, crane and machinery, and silos and tanks) 
[2.9–2.18]

	 BS EN 1992: Design of Concrete Structures (rules for buildings and structural fire design [2.19, 
2.20].

However, there is currently no Eurocode to cover site construction practices for each different con-
struction material, which are addressed in the BS.

Traded items used in precast concrete construction, such as proprietary lifting-point inserts, already 
come under the European Construction Products Directive, which aims to remove national barriers 
to trade by an agreed system of attestation and conformity. Thus products deemed to satisfy European 
regulations in one country are given a CE mark and must then be accepted as a satisfactory product 
throughout Europe. This is the Europe-wide equivalent of the old BS kitemark.

The design of structural products is verified according to the following standards in relation to 
conformity, standardisation, durability, fire resistance, tolerances, inspection, quality control and 
testing. Product Standards linked to precast concrete elements include:
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	 Common rules for precast concrete products: EN 13369:2013 [2.21]
	 Precast concrete products – Hollow-core slabs: EN 1168:2005+A3:2011 (+A3 means a third revision 

since 2005, but is due for a major revision c.2013) [2.22]
	 Precast concrete products – Floor plates for floor systems: EN 13747:2005+A2:2010 [2.23]
	 Precast concrete products – Beam-and-block flooring: EN 15037-1:2008, in 4 parts [2.24]
	 Precast concrete products – Ribbed floor elements: EN 13224:2004 [2.25]
	 Precast concrete products – Linear structural elements: EN 13225:2004 [2.26]
	 Precast concrete products – Staircases: EN 14843:2007 [2.27]
	 Precast concrete products – Wall elements: EN 14992:2007 [2.28]
	 Execution of concrete structures: EN 13670:2007 [2.29]
	 Background paper to the UK National Annexes to BS EN 1992-1 & 1992-3: PD 6687:2010 [2.30].

Generally PD 6687 deals with a number of topics that are not covered in BS EN 1992, but were 
found with specific reference to precast concrete in BS 8110, such as tie steel for precast stair flights, 
and stability tie forces in buildings. PD6687 gives (i) useful background information for the reasons 
for Nationally Determined Parameters; (ii) commentary on some specific subclauses from EN 1992-
1-1 and EN 1992-1-2, and (iii) the requirements of the UK Building Regulations 2000 that are not 
covered in EN 1992-1-1 and the UK National Annexes.

The National Structural Concrete Specification Edition 4:2010, NSCS-4 [2.31] gives a comprehen-
sive review of the Eurocodes against the background of BS EN 13670: 2009 Execution of Concrete 
Structures [2.29]. It provides a BS EN 13670-compliant specification for use in structural concrete, 
including precast and prestressed, together with an extensive list of references. A key point is: The 
adoption in the UK for the first time of an execution or workmanship standard in place of the workman-
ship requirements forming part of a design standard . . . requires the use of an execution specification, 
consisting of documents and drawings to communicate additional and project-specific construction 
requirements between Client, Designer and Constructor.

The Eurocodes retain the option of design justification based on a combination of testing and 
calculations, but with greater control of the statistical analysis of the resulting data than has been the 
case hitherto. Design by tests may be used when, for example:

	 adequate calculation models are not available
	 a large number of similar components are to be used
	 control checks are needed to confirm assumptions made in the design.

Precast concrete designers have seized the opportunity to use the results of ultimate load tests and 
fire tests to demonstrate the adequacy of connections and components. Full-scale ultimate load testing 
has been carried out by independent authorities to determine factors of safety for a range of connector 
types and capacities (Figure 2.12). Beam-to-column shear connectors have been the subject of con-
siderable load testing, but most of the data are confidential to the manufacturer. Certificates of valida-
tion for the connectors are issued to checking authorities as part of the design submission. In some 
instances it has been possible to supplement test results for connectors with a rudimentary structural 
design (see Section 7.10), but in general the behaviour is far too complex for simple analysis to be 
reliable and ultimate load testing is the sensible approach towards acceptance.

A similar approach has been adopted for fire resistance, particularly with hollow-cored flooring 
units where the hollow core renders fire-engineering calculations susceptible to oversimplification. 
There has not been a fully coordinated approach to fire testing in Europe in the past, and it is proving 
to be a difficult task to disseminate the available data. One stumbling block is that the results of fire 
tests are frequently confidential to the manufacturer, but in many cases resistances greater than those 
obtained by calculation with respect to BS 8110 have been measured.

Although precast concrete design has been carried out according to BS 8110, not all sections of the 
codes are used. Table 2.1 is a summary of the sections used, together with the comparable Eurocode 
reference.
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Figure 2.12  Beam end shear testing at Nottingham University (courtesy of Trent Concrete Ltd).

Design consideration
Relevant section
in BS 8110: Part 1

Relevant section
in BS EN 1992

Structural analysis and design, loading, materials and 
robustness

2 2, 3 and 5

Ultimate limit state for the design of reinforced precast 
concrete components in flexure, shear and compression

3.1 to 3.4,
3.8 to 3.10 and 3.12

6

Serviceability and ultimate limit state for the design of 
prestressed concrete components in flexure and shear

4.1, 4.3 to 4.10, and 
4.12

3.3, 3.4, 5.10, and 
8.10

Precast construction 5.1. to 5.3 10

Composite precast – in situ construction 5.4 6.2.5

Concrete and tolerances 6 8 and 9

Reinforced concrete components in torsion 2.4 6.3

Effective column height 2.5 5.8

Robustness 2.6 9.10

Serviceability limit state for reinforced concrete 3 4 and 7

Fire resistance 4 EN 1991-1-2 and 
EN 1991-1-5: 1 to 5

Volumetric changes in concrete 7 3.1.4, 10.3 and 10.5

Movement joints 8 9.10

Table 2.1  BS 8110 requirements and their Eurocode equivalents
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The Eurocodes use the now familiar limit-state design philosophy. There are numerous changes in 
detail, and in methods of implementation, in order to subsume the multiple differences in approach 
used historically by the former national code-setting countries within the EU. Some of the changes 
for those already familiar with BS 8110 and converting to using the Eurocodes can be summarised as:

	 The weight of concrete is increased by 1 kN/m3 (to 25 kN/m3) when it contains normal ratios of 
reinforcing steel, and by 1 kN/m3 for the additional water it contains when wet during 
construction.

	 Load values and their consequences, referred to as actions, vary but are broadly similar, and are 
claimed to represent more uniform risks of being exceeded than the values in previous codes.

	 The partial load factors of 1.4 and 1.6 for dead load and live load are replaced with 1.35 (called 
persistent actions) and 1.5 (called transient actions), respectively.

	 Combined load cases assume more simultaneous loads, yet also attract reduced partial factors based 
on a statistical analysis of their likelihood of occurring simultaneously.

	 Concrete material properties are based on cylinder test strengths, yet with equivalent cube strengths 
quoted.

	 Once shear reinforcement is required, it must be provided to carry the total shear force using the 
truss analogy, with no reliance on dowel action, aggregate interlock, or shear in the compressive 
concrete.

	 The design of slender columns requires the area of reinforcement as input in order to determine 
the second-order bending moments needed to design the area of reinforcement.

The net effect of the changes is to produce designs that are typically between 5 and 10 per cent 
more economical in use of materials, though that may not always translate into reduced cost.

2.4.2  Non-mandatory design documents

2.4.2.1  Structural Joints in Precast Concrete, The Institution of Structural Engineers [2.32]
This document has found wide acceptance in the UK and many design methods are used in con
junction with the ultimate design stresses given in BS 8110. The only criticism of the design methods 
is that many of the finer points are dealt with only in a qualitative manner, leaving the designer  
to propose numerical solutions to fit the specific problem. For example, column-to-column splices 
are described and well illustrated, but no design method to determine ultimate load or moment 
capacity is offered. Also, some of the connections shown are highly impractical and have rarely been 
used in the UK (e.g. Figures 4 and 18 in the manual). The danger here is that the inexperienced 
designer may be tempted to specify these types of connection without fully understanding precast 
construction.

2.4.2.2  Structural Connections for Precast Concrete Buildings, Fédération Internationale 
du Béton, Bulletin 43 [2.33]
This substantial, state-of-the-art publication strikes a good balance between the fundamental concepts 
of connection behaviour in the wider context of designing a precast concrete structure, and the minute 
detail of localised force equilibrium and strain compatibility in compression, shear, tension, bearing, 
bending and torsion. Although many of the design philosophies are linked to the Eurocodes’ termi-
nology and methodology, it is not always possible to adopt the methods directly into normative 
design. It provides excellent references for research. While the publication has its roots in Scandinavia 
and Northern Europe, there are contributions from fib members in over 15 countries worldwide.

2.4.2.3  Design and Typical Details of Connections for Precast and Prestressed Concrete, 
The Prestressed Concrete Institute [2.34]
The Prestressed Concrete Institute manual provides a library of connection details, with practical 
execution advice and detailed design information, although the latter is difficult to translate into 



Procurement and Documentation  65

British or European standards owing to the dimensional requirements of US practice. Notwithstand-
ing that problem, the manual is an excellent source of reference, such that it is possible to develop 
one’s own solutions to connection details and apply the principles to BS 8110 or BS EN 1992 rules. 
Several of the solutions in this present book adopt this idea.

2.4.2.4  PCI Design Handbook, The Prestressed Concrete Institute [2.35]
Although many of the design methods presented are not appropriate to limit-state design, this manual 
is often used for detailing purposes. Some of these are used widely in Europe and successful designs 
have been converted from the American model. Many of the designs and details presented in this 
Handbook are the product of the experimental and analytical data generated in over five decades of 
research work. (Most of this work originates in the PCI Journal.) However, because many of the design 
principles are based on empiricism, they do not satisfy European legislation without national certifica-
tion. Because of this, alternative methods have been sought by European designers and PCI rules are 
largely ignored. Many design equations are dimensional and care must be taken in using them with 
metric units.

2.4.2.5  Design of Multi-Storey Precast Concrete Structures, FIP Commission on 
Prefabrication [1.12]
This document from the Fédération Internationale de la Précontrainte focuses attention on the stabil-
ity of high-rise structures and presents broad principles on structural analysis, with very little quan-
titative design data. The document is therefore useful only in the overall assessment of the integrity 
of precast structures, but is of little use in detailed design. The illustrations show only the principles 
involved in the design of joints and of structural stability and, as many appear to be outdated, the 
document has not found favour in some countries. A more comprehensive edition is published as 
follows.

2.4.2.6  Planning and Design of Precast Concrete Structures, FIP Commission on 
Prefabrication [2.5]
This book from the Fédération Internationale de la Précontrainte is primarily meant for beginners. 
It illustrates the wider issues of precast construction in many contexts – buildings, housing, stadiums 
and cladding – and takes the reader through the basic philosophy behind precast construction before 
focusing on specific details regarded as good practice within the Commission. The information is 
collected from more than 15 countries worldwide, showing the enormous scope in precast. There are 
no specific design rules.

2.4.2.7  Precast Prestressed Hollow-cored Floors, FIP Commission on 
Prefabrication [2.36]
This document from the Fédération Internationale de la Précontrainte has been used as a guide to 
both the design and detailing of hollow-cored floors and their connections to precast structural 
components, and to other hollow-cored units. The information may be used to design a structurally 
robust hollow-cored floor unit, capable of resisting flexural, shear, bond and bearing stresses in an 
economical manner. Connection details between adjacent slabs and at the ends of slabs, utilising the 
minimum volume of in situ concrete and expedient placement of site reinforcement, have been widely 
adopted in all European countries. At the present time (2013) fib is near to the publication of a more 
comprehensive second edition.

2.4.2.8  Special Design Considerations for Precast Prestressed Hollow-Core Floors,  
fib Commission on Prefabrication [2.37]
This Guide to Good Practice contains a number of specific cases linked to the analysis and design of 
prestressed hollow-core units, namely transfer of prestress, end splitting stresses, restrained supports, 
floor units on non-rigid (flexible) supports, floor diaphragm action, and floors under seismic action. 
While the articles are very informative and give a sound technical explanation of these complicated 



66  Multi-storey Precast Concrete Framed Structures

subjects, it is often difficult to translate the information for the benefit of real design situations. Some 
chapters are reproductions of PhD thesis work. However, it is important that the information is made 
available as a tool for further interpretation.

2.4.2.9  Guidelines for the Use of Structural Precast Concrete in Buildings,  
Study Group of the New Zealand Concrete Society, and National Society 
of Earthquake Engineering [2.38]
This document is of primary importance to seismic-resistant structures, although some of the details 
and recommendations are relevant to non-seismic conditions. Special attention is given to support 
conditions and continuity in floors and frame connections, and to grouted and embedded connec-
tions. A positive aspect is the manner in which the document shows the relationship between the way 
in which connections are made and their influence on the behaviour of the structure as a whole. There 
is a very good section on tolerances.

2.4.2.10  Precast Concrete Framed Structures – A Design Guide, 
British Cement Association [2.6]
BCA’s publication is very much a forerunner to this book. Their manual establishes the potential use 
of precast concrete in multi-storey building and although the basic design principles, both in the 
permanent and temporary stages, are comprehensively covered, no computational data is presented. 
The manual’s place in the design process is therefore to harmonise design principles in a qualitative 
manner, and establish some basic rules for the design of precast buildings, e.g. stability methods, floor 
diaphragm action, connections, etc. There are only references to specific design rules, and no exam-
ples. There is a more recent publication, Precast Concrete in Buildings: A Guide to Design and Construc-
tion, covering much of the same content, from the BCA’s successor, the Concrete Centre [2.39].

2.4.2.11  Hybrid Concrete Construction, Reinforced Concrete Council [2.40]
Working from a background of predominantly in situ concrete, this publication shows about 150 
examples worldwide of how precast reinforced and prestressed concrete can be used both implicitly 
and explicitly with in situ. ‘Hybrid’ does not always mean composite construction, although both 
concretes may often benefit from the structural integrity of each other. There are numerous examples 
of where precast concrete is the dominant medium, and this philosophy is extended into the following 
review of mixed construction.

2.4.2.12  Precast Concrete in Mixed Construction, fib Commission on 
Prefabrication [2.41]
This is a well-illustrated, state-of-the-art review, prepared in response to the growing demand from 
architects and engineers asking for information on how to use precast concrete with other building 
materials. Although the document provides a holistic point of view for the benefit of the entire con-
struction industry, it shows that precast concrete is central to most new buildings – over 75 per cent, 
in fact – worldwide. This includes (i) structural steelwork frames with prestressed concrete floors, and 
precast façades; (ii) cast-in situ frames with prestressed composite concrete floors, or precast floor 
soffits with composite in situ toppings; (iii) structural timber and glulam frames with precast floors; 
(iv) structural masonry with prestressed flooring, or a precast frame with masonry infill; and (v) precast 
concrete with structural glass. Note that the publication does not offer detailed design information.

2.4.2.13  Precast Eurocode 2: Design Manual, British Precast, UK [2.42] and 
Precast Eurocode 2: Worked Examples, British Precast, UK [2.43]
These documents aim to extend available design guidance by The Concrete Centre [2.44] and Institu-
tion of Structural Engineers [2.45] into the specialist area of precast concrete frame and component 
design. By distilling the volumes of the Eurocodes EC0, EC1 and EC2 into 92 pages, the Manual 
provides most of the important information required in precast design, except for slender columns 
and detailed deflection calculations. Worked Examples is more direct, and includes the design of an 
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entire precast structure, together with individual columns (not slender), beams, hollow-core floors, 
double-tee floors, and stability ties.

2.4.2.14  Economic Concrete Frame Elements to Eurocode 2, The Concrete Centre, 
UK [2.46]
This reference document provides preliminary design information for use in early project design 
when one is faced with the selection of building components. It provides charts and tables of load 
versus span data, reinforcement and prestressing quantities, ultimate loads and reactions, for a wide 
range of reinforced and precast/prestressed concrete floors, beams and columns. Chapter 4 deals 
exclusively with precast concrete, with technical data for the design of (i) floor slabs using either 
hollow-core, double-tee or half-slab (permanent concrete formwork such as Omnia); (ii) reinforced 
and prestressed beams; and (iii) reinforced columns. A brief specification and some worked examples 
are provided.

2.4.3  Other literature on precast structures

Precast design methods are not well documented, mainly because structural design is carried  
out largely in-house by the precasting companies and there has been no real requirement to publish. 
Nilson [1.8] covers precast building design, but most of the details and methods are based on  
PCI and ACI rules and therefore have limited applicability in Europe. A new edition of Sheppard & 
Phillips’s extensive book [2.47] also focuses on American practice and covers such items as the 
thermal, acoustic and dynamic properties of precast products. Bruggeling & Huyghe [1.31] gives good 
coverage to most aspects of precast design, in particular in the design of joints, but as with Lewicki 
[1.13] and Haas [2.48] it leans towards the European ideal. Bachmann and Steinle’s 2011 textbook 
[2.49] has its design work rooted in detailing and production matters, basing design information and 
calculations on German DIN standards and their European counterparts, making translations into 
BS EN design possible but tedious in places. Bljuger [2.50] deals with precast in a very analytical 
manner, and provides a firm basis for many design aspects, particularly connections and wall frames. 
Levitt’s books [2.51, 2.52] are useful for production purposes, and as such have a place in the designer’s 
library, but there is no structural design and the text is becoming rapidly outdated, particularly in 
Scandinavia and Northern Europe where nearly automated factories exist, e.g. [2.53]. Richardson has 
been a pioneer in the line of quality through manufacture and his books are particularly instructive 
[2.54, 2.55]. The National Precast Concrete Association of Australia has produced a very clear and 
comprehensive guide to antipodean practice in their Precast Concrete Handbook [2.56].

The PCI and FIP have large conventions every two or four years, in which approximately 10 per 
cent of time is devoted to prefabricated building. Recent events of note have been held in Washington 
D.C. (1993, 1994), Tokyo (1993), and Budapest (1992). The Secretariat for these organisations should 
be contacted for further details [2.57, 2.58].

In addition to the above there have also been a number of significant seminars and conferences 
dealing with precast frame design and construction – namely, the DoE & CIRIA Seminar on The 
Stability of Precast Concrete Structures [2.59]; Delft University Seminar on Prefabrication of Concrete 
Structures [2.60]; Noteworthy Developments in Prestressed and Precast Concrete in Singapore [2.61]; 
and The Engineering Institute of Malaysia Seminar on Trends, Innovations and Performance in Pre-
stressed and Precast Concrete [2.62].

Structural Concrete, the official journal of the fib, contains the latest news from fib and a selection 
of technical papers. It provides conceptual and procedural guidance in the field of concrete construc-
tion, and features peer-reviewed papers, keynote research and industry news covering all aspects of 
the design, construction, performance in service and demolition of concrete structures [2.63].

Many papers may be found in academic and professional journals including (in approximate order 
of numbers of publications) the PCI Journal (US), Nordic Concrete Research (Scandinavia), Concrete 
Precasting Plant and Technology, otherwise known as BF+T (Germany), ACI Structural Journal (US), 
ASCE Structural Division (US), The Structural Engineer (UK), Proceedings of the Institution of Civil 
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Engineers (UK), Journal of Structural Engineering (US), Magazine for Concrete Research (UK), Heron 
(Netherlands), the Canadian Journal of Civil Engineering (Canada), and the Malaysian Construction 
Research Journal (Malaysia) for its focus on IBS (Industrialised Building Systems) [2.64].

2.5  Definitions

It is useful to define the main terms to be used in this book. The notation is given on pages xiii–xx.

2.5.1  General structural definitions

Frame: a framework comprising columns, beams and slabs in which there is some 
degree of flexural (or torsional) continuity between the members, and 
part of the resistance to sway loads is carried by the horizontal members.

Skeletal structure: a structure comprising columns, walls, beams, slabs and staircases, in which 
the connections are all designed as pin-jointed, and the resistance to sway 
loads is carried by the vertical members only.

Precast concrete 
structure:

the total structure, including any precast structural cladding, in situ floor 
screeds, etc.

Structural system: the load-bearing components for both gravity and horizontal loads and the way 
in which these components are assumed to behave.

Structural cladding: externally load-bearing exposed panels, serving both structural and 
architectural requirements simultaneously. Usually eliminates use of 
separate columns, beams and walls in external parts of the structure.

Unbraced structure: in which resistance to horizontal loading is provided by columns in both 
orthogonal directions.

Braced structure: in which resistance to horizontal loading is provided by the bracing in both 
orthogonal directions.

Partially braced 
structure:

in which part of the structure (usually the lower levels) is braced and the 
remainder is unbraced in both orthogonal directions.

Uniaxially braced 
structure:

in which the structure is braced in one direction and unbraced in the other.

Diaphragm, or floor 
plate, action:

mechanism in which horizontal loads are transferred in the floor slab to the 
vertical bracing.

Chord elements: compression and tension beam members in the floor diaphragm.
Stability ties: horizontal tie bars in situ, concreted into spaces between precast concrete 

components.
Component: the discrete precast concrete units from which the structure is assembled.
Members: two or more components working interactively with one another

2.5.2  Components

Column: vertical load- and bending moment-resisting linear component.
Wind post: deep columns in the direction of horizontal loading.
Shear wall: general term given to vertical bracing walls.
Cantilever wall: a structurally continuous shear wall designed as a deep cantilever.
Hollow-core wall: a precast wall containing full height vertical holes into which reinforced in 

situ concrete is placed to form a continuous cantilever wall.
Infill wall: a discontinuous solid precast shear wall positioned between adjacent 

columns and beams.
Hollow-core infill 

wall:
a factory-cast wall containing unfilled vertical or horizontal voids positioned 

between adjacent columns and beams.
Wall panel: a solid precast shear wall positioned between columns only and connected 

vertically to one another.
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Beams: the primary load-carrying horizontal linear component.
Spandrel: a beam with a deep upstand web, the face of which is flush with the front 

edge of the column.
Outstand spandrel: one for which the upstand projects beyond the front edge of the column.
Slabs: primary two-dimensional floor and roof components.
Composite slabs: combined slab comprising precast concrete slab (also providing permanent 

shuttering) and in situ concrete topping (or structural screed).
Hollow-cored slab: rectangular section slab with full-length longitudinal circular or oval (or 

similar) shaped voids.
Double-tee slab: T-shaped solid units comprising two deep webs and a full-width top flange.
Flat plank: rectangular solid section used either alone, or more usually as permanent 

shuttering in a composite floor.

2.5.3  Connections and jointing materials

Base plate: steel plate anchored to the end of a column for foundation connection.
Splice: connection between successive columns.
Connector: mechanical device for the transfer of forces between precast components.
Shear box: mechanical device for the sole purpose of transmitting end shear forces into 

beams.
Column insert: mechanical device for the sole purpose of transmitting beam-end shear 

forces into columns.
Corbel: bearing surface to a column or wall made by a reinforced concrete projection 

of defined width and finite depth.
Haunch: bearing surface to a column (or beam) made by a varying increase of the 

cross section of the column (or beam) approaching the bearing face.
Scarf joint: made between the recessed ends of two components, one bearing on top of 

the other on shallow sloping surfaces.
Halving joint: a scarf joint with flat, horizontal bearing surfaces.
Simple bearing: a direct dry bearing between precast components.
Extended bearing: a reinforced in situ bearing made by in situ concreting of reinforcement left 

projecting from the adjoining components.
Dry bearing: no additional material is used between the precast components.
Wet-bedding bearing: mortar is used in the bearing surface before erection.
Dry-packed bearing: mortar is packed in the gap between precast components after erection.
Elastomeric bearing: neoprene (or similar) pads are used.
Simple connection: where only shear and axial forces are transmitted.
Moment connection: where bending and torsional moments, as well as shear and axial forces, are 

transmitted.
Trimmed hole: a void made in a floor slab by supporting the curtailed members in line 

with the void on (usually) steel angles, which in turn are supported on 
adjacent components.

Cast-in-sockets, 
channels, etc.:

threaded sockets, channels, etc. fully anchored into the adjoining concrete.





CHAPTER 3

Architectural and Framing Considerations

3.1  Frame and Component Selection

The criteria for the selection of internal and external layout are different in most buildings. The 
interior is governed by spatial requirements for function, and by the location, size and orientation of 
lift shafts, stairwells, mezzanine floors, major partitions, etc., while for the exterior the precast struc-
ture can be designed for a very wide range of architectural features. It is easy for the precast frame 
designer to respond to both of these requirements simultaneously by specifying an external structure 
that is, in the main, totally different from the internal arrangement. The first decision is therefore the 
selection of the structure. There are three main tasks in this selection process:

(1)	 selection of the structure
(2)	 recognition of the functional requirements of the building
(3)	 preparation of the framing plan by making optimum use of precast components.

These tasks are discussed separately below.

(1)	 Selection of the structure

The possibilities for the external structure are:

	 an external structural envelope comprising either visual concrete spandrel beams, or structural 
precast concrete cladding: Figures 3.1 and 3.2.

	 non-structural precast concrete cladding, in situ masonry, steel sheeting, or glass curtain walling 
supported on a plain concrete beam–column structure: Figure 3.3.

The external structure can be physically massive, by being overclad in some form, and may therefore 
be used as a primary horizontal stabilising structure. This means that the internal structure may be 
relatively lighter in construction and need not necessarily be established on the same dimensional 
grid as the exterior. The options here are then:

	 a totally precast internal structure comprising a stable beam–column framework, floors, walls, 
staircases and lift-shaft walls: Figure 3.4.

This chapter describes the main features in the preliminary design stages that influence the interaction 
between the architectural concepts, the building’s function and the precast concrete solution.

Multi-storey Precast Concrete Framed Structures, Second Edition. Kim S. Elliott and Colin K. Jolly.
© 2013 Kim S. Elliott and Colin K. Jolly. Published 2013 by Blackwell Publishing Ltd.
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Figure 3.1  Architectural precast beams and columns, with an integrated structural façade, known as 
‘hard-wall’: Portland Building, University of Nottingham, 2003.

Figure 3.2  Portland Building, University of Nottingham, 2003. (a) Five-storey columns, in finished concrete, contain steel 
connectors to receive the cast-in box connector in the structural beams; (b) beams that are formed together with the insulated 
wall panel.

(a) (b)
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	 a hybrid internal structure (see also Section 3.3.1) comprising a precast skeleton of beams, columns 
and slabs designed collectively with one or more of the following:
	 in situ concrete basement or ground-floor podium
	 structural steel or timber roof (mansard or Warren girder), atrium or gallery: Figure 3.5
	 structural steel portal frame (e.g. warehouse or factory attached to an office block).

Figure 3.3  Grit-blasted reconstructed sandstone concrete cladding panels at Scottish Office, Leith (courtesy 
of Peter Stubbs, EdinPhoto, www.edinphoto.org.uk).

Figure 3.4  Precast skeletal structure under construction.

http://www.edinphoto.org.uk
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(2)	 Recognition of the functional requirements of the building

Different areas of the structure may require a higher building specification than other areas or floor 
levels – for example, with respect to fire resistance, thermal, acoustic or vibration characteristics. Other 
criteria may include the requirements for open spaces, natural light, the absence of fixed-position 
walls, unlimited freedom for vertical and horizontal service routes, future vertical and horizontal 
extensions, and changes in ownership. The design engineer must address all the aspects listed above, 
and often many more.

(3)	 Preparation of the framing plan by making optimum use of precast components

The example building plan shown in Figure 3.6 is subdivided into component rectangles and triangles. 
The flooring should span onto the beams or walls intersecting at an angle between 90° and 45°.

An orthogonal grid layout is specified as far as possible, with the columns and shear walls placed 
on beam lines. Primary columns are located at the strategic points (corners, changes in floor level, 
around stairwells and lift shafts) and secondary columns are introduced to satisfy architectural 
requirements, such as window bay widths, internal partitioning, or to obtain structural economy by 
using the minimum number of components giving acceptable structural zones. The distances between 
beams are equalised as far as possible in order to divide the building into equal bay widths. Beams 
should be placed beneath any major partitions, say 215 mm-thick brick or block walls, rather than 
supporting them on the floor slabs.

There are general rules regarding the provision and location of holes and cast-in fixings in precast 
components. Their availability varies with the different methods of manufacture. For example, some 
units are cast in steel moulds that become less adaptable for future use if drilled to locate fittings. It 
may be less expensive and time-consuming to drill and fix on site. Alternatively, if ad hoc timber or 
glass fibre moulds are used, then it is relatively easy to locate fittings to the inside of the mould. The 
best advice is to contact the precast manufacturer early in the project to ascertain which of these may 
be incorporated in the normal course of manufacture and which require additional attention. Some 
general guidelines are given in the following sections.

Figure 3.5  Timber roof trusses seated on long span precast roof edge beams.
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Surface finishes will be specified according to BS EN 13670:2009 Execution of concrete structures 
[2.29]. However, the background document to the National Annex to BS EN 1992-1-1, PD6687 [2.30], 
states that the provisions of the National Structural Concrete Specification Edition 4:2010 (NSCS-4) 
[2.31] are considered equivalent to those in EN 13670 for all types. Until further information becomes 
available the surface finishes will be specified in NSCS-4 as Type A, B or C. The surface finish to all 
ex-mould faces is Type A. All non-contact surfaces have either a steel-trowelled finish, or are rough-
tamped to develop a shear key with other concrete. The orientation for casting a component is often 
dictated by the need for a rough surface, and by which of the faces must be fair because they remain 
visible. Plain visual concrete for external use where the surface finish has not been specified, e.g. car 
parks, will be Type B. Plain concrete for other specified use will be Type B or C, according to the 
architect’s specification.

3.2  Component Selection

3.2.1  General principles

Precast manufacturers have standardised their components by adopting a range of ‘preferred’ cross 
sections for each type of component. In fact it is the moulds that are standardised, and therefore 
non-preferred shapes will incur cost penalties because of the alterations to the mould. If a non-
preferred cross section is to be used, there should be a sufficient number giving a piece-to-mark ratio 
(units per mould alteration) of 10, at least, to justify these alterations. Bespoke architectural details 
can often be achieved using inserts within a larger, more durable, standard mould. The framing plan 
may be adjusted according to this philosophy.

For the purpose of this study the components will be described in the design sequence:

	 roof and floor slabs
	 staircases
	 beams

Figure 3.6  Subdivision of the floor layout into component rectangles and trapeziums.
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	 columns
	 bracing walls.

3.2.2  Roof and f﻿loor slabs

The wide range of precast concrete floors used in precast skeletal structures has, in recent years, been 
reduced to five main types (Figures 3.7 (a) to (e) ):

	 prestressed hollow-core floor
	 reinforced and prestressed double-tee floor
	 beam- (including wide beam-) and-block floors, which may or may not be used with a structural 

topping
	 composite prestressed plank floor
	 composite beam and plank, which must always be used with a structural topping.

Table 3.1 gives a performance guide to the self-weights and maximum spans for some of these 
units.

In most cases the floor construction is voided, thus producing a lighter floor having the same 
structural performance as a continuous in situ slab. The percentage void (volume of voids to total 
volume of a solid slab of equal depth) for hollow-core slabs is between 30 and 50 per cent (increasing 
with deeper units). For double-tee and beam/plank flooring the voids occupy about 75 per cent of 
an equivalent solid section.

Reinforced concrete versions of the above are equally valid, usually in short lengths for standard 
applications, e.g. housing. However, as explained in Chapter 1, unless there are special reasons for 
using a solid floor (e.g. vibration damping) or the prefabricator wishes to increase the turnover for 
the project and manufacture the units as reinforced, the advantages gained from maximum perform-
ance often outweigh the additional costs.

Beam-and-block flooring, shown in Figure 3.7(d), is restricted mainly to low-rise domestic or 
commercial work, while other forms of solid rc slabs or solid prestressed joists cannot compete struc-
turally or economically with hollow-core or double-tee flooring systems. Comprehensive design and 
detailing information is given in Chapter 5. The following is a brief introduction to these units.

Table 3.2 compares the relative structural performance and costs of a selection of hollow-core and 
double-tee units. The data are for the cost of units supplied and fixed on site, but exclude the cost of 
pouring in situ infill and laying structural toppings. The higher costs for the larger double-tee units 
reflect the additional craneage and haulage costs associated with these units. The data were collected 
in the UK in 1993 and were based on the design of floor units for 5 kN/m2 superimposed loading 
over a 6 m span. The haulage distance used in the exercise was 100 km.

3.2.2.1  Hollow-core units
Hollow-core units (hcu) are now the most widely used type of precast flooring; in Europe annual 
production is in the order of 30 million m2, representing 40 to 60 per cent of the precast flooring 
market. This success is largely due to the highly efficient design and production methods, choice of 
unit depth and capacity, surface finish and (last but not least) structural efficiency. In this context 
only the machine-cast units will be discussed, although it is equally possible for hcus to be wet cast 
into moulds, recently using self-compacting concrete around rectangular or circular polystyrene void 
formers.

The load-bearing capacity of hollow-core slabs is such that they work most economically when the 
span/depth ratio is around 40, i.e. a 200 mm-deep unit spanning 8.0 m will carry a total uniformly 
distributed live load of 7.5 kN/m2 plus 1.5 kN/m2 finishes (already built into the graphs), suitable for 
many applications. Figure 3.8 is a guide to imposed load capacity (kN/m2) versus clear span (m) for 
hollow-core units between 150 and 500 mm depth.
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(a)

(b)

Figure 3.7  Most common types of precast floors used in skeletal structures. (a) Hollow-core units and 
double-tee slabs used in the same structure; (b) double-tee slabs used in parking structures (courtesy of Frank 
Graham Consulting Engineers). (c) The precast soffit part of a composite plank floor. The spaces between the 
girders may contain polystyrene blocks or similar for weight saving. (d) Beam-and-block flooring (courtesy of 
Bison Manufacturing Ltd, UK). (e) Wide beam and block floor.

The design of dry cast hcus originated in the USA in the early 1950s, following the development 
in 1951 of high-strength 3-wire and 7-wire helical strand that could be reliably pretensioned over 
distances of 100 to 150 m. This coincided with advancements in zero slump (hence the term ‘dry’) 
concrete production which, owing to quality-control constraints, inevitably led to factory-engineered 
units. Concrete extrusion techniques were first introduced in the USA following their development 
in Germany in the 1930s. Slip-forming followed later. The first units were 2 feet wide, and later ones 
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(c)

(d)

Figure 3.7  (Continued)

were 1.2 m wide, as is the case today. Attempts to produce units 3.6 m wide in the factory have not 
been successful, although very wide units (11 feet) have been produced in the open air for specific 
projects in the US. During the 1960s the industry experimented with different methods of forming 
the cores, using flexible pneumatic tubes (called ‘flexicore’) or tubes loosely filled with stones, but 
production rates could not compete with the extrusion or slip-forming production-line methods.

For many years the maximum depth of hcus was 400 mm; the restriction in depth was due mainly 
to instability in the narrow web. However, developments in Northern Europe have led to a 500 
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Table 3.1  Basic properties and performance characteristics of precast flooring

Type
Typical widths

(mm)
Typical depths

(mm)

Approximate
self-weight

(kN/m2)[2]

Approximate
maximum span[1] 

(m)

Hollow-core 1200, 600, 400, 
333

110
150
200
250
300
400
500

1.90
2.50
3.35
3.70
4.20
5.00
6.30

7.0
8.5

10.5
12.8
14.5
17.8
20.3

Double-tee 
(composite[3])

2400, 3000 400
500
600
700
800

3.5–3.7[4]

3.8–4.1
4.2–4.5
4.5–4.9
4.9–5.4

14.5
17.3
20.0
22.5
25.2

Composite plank (rc)[7] 1200, 2400 75/75[5]

100/100
150/150

3.75
5.00
7.50

5.40
6.85
9.80

Composite beam & 
plank

900–2400
beam centres

455/115[6]

550/115
4.2–6.6
4.5–7.4

17.8
20.9

Data for exposure class XC1 using fck = 45 N/mm2 (55 cube) and limiting tension = fctm.
Quasi-permanent load factor ψ2 = 0.3.
[1]  Self-weight as site fixed, including infilled joints.
[2]  Span for superimposed loading of 1.5 kN/m2 plus 1.5 kN/m2 of finishes.
[3]  Composite slab with 75 mm topping, including finishes 1.5 kN/m2.
[4]  Self-weight varies with manufacturer.
[5]  Depth of precast plank/depth of in situ topping, including finishes 1.5 kN/m2.
[6]  Depth of precast beam/depth of plank and topping, including finishes 1.5 kN/m2.
[7]  Propped at 2 points at 1/3 span.

(e)

Figure 3.7  (Continued)
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mm-deep unit, shown in Figure 3.9. This slab has a 53 per cent void content and requires a special 
sturdy saw to cut it to length.

Hcus are manufactured using the long-line extrusion or slip-forming process, in which the degree 
of prestress and depth of unit are the two main design parameters. Steel beds, of very high accuracy, 
are used in lengths of up to 150 m. Many plants in warm and dry climates are uncovered, so there is 
less handling as the stockpile can be placed alongside the bed. Nearly all European plants are under 
cover, many in heated environments. Dimensional deviations are less than ±5 mm in depth and width, 
and ±10 mm in length. Cross section, concrete strength and surface finish are standard to each system 
of manufacture. Small variations include increased fire resistance by raising the level of the centroid 
of the tendons, provisions for vertical service holes, opening of cores for special fixings, cut-outs at 
columns, etc. Openings and cut-outs are easily formed while the concrete is ‘green’, i.e. less than 12 
hours old, as shown in Figure 3.10, but afterwards the operation is more expensive.

Figure 3.8  Imposed load versus clear span for prestressed hollow-core floor units; includes 1.5 kN/m2 
finishes. If finishes are less than this, deduct the difference when reading the y-axis.
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Table 3.2  Economic and structural comparison of hollow-core and double-tee slabs

Flooring type
Depth
(mm)

Structural
performance index*

Mean cost
index*

Hollow-core units 150
200
250

0.6 to 0.7
1.00

1.5 to 1.6

0.94
1.00
1.17

Double-tee units 400
500
700

2.0 to 2.8
3.0 to 4.0
5.5 to 6.5

1.7
2.0
2.6

*  based on 200 mm-deep hollow-core unit.
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Figure 3.9  Cross-section of 500 mm deep hollow-core floor unit (courtesy of B + FT).

Figure 3.10  Cut-outs for services or check-outs around obstructions are made whilst the concrete is young.
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The width of units is based on a nominal 1200 mm grid. More than 95 per cent of units produced 
are 1200 mm wide. The actual width of 1197 mm allows for constructional tolerances and prevents 
over-running of the floor layout due to cumulative errors. To maintain repetition in the flooring 
layout, and hence in the detailing of slabs and beams, the most economical framing plan is columns 
centred on a 1.20 m modular grid. Hollow-core units 2.40 m wide – see Figure 3.11 – are commonly 
produced in large quantities in the USA. Outdoor production of 11.0 m long × 3.35 m wide units was 
achieved for a specified project in the USA where a casting yard was established close to the site.

The slabs are cut to length using a circular saw. Although the cut gives a square end as standard, 
skew or cranked ends – which are necessary in a non-rectangular framing plan – may be specified. 
Longitudinal cutting is possible, as shown in Figure 3.12. This operation shows how in situ concrete, 
which was placed into the hollow core through a slot formed during the manufacturing process, 
penetrated the hollow core for a distance of about 600 mm along the slot. It also shows the degree of 
compaction possible when concrete is placed into hollow-core slabs, information which is particularly 
useful where a solid section is specified.

Hollow cores may be used as warm-air heating or cooling ducts, as shown in Figure 3.13. The UK’s 
Building Research Establishment has been studying the cleanliness of conditioned air through the 
voids, and found it to be satisfactory [3.1]. Hollow-core slabs are also being used to cool the structure 
in summer and heat it in winter [3.2]. The webs of the slabs are punctured at various positions to 
create one continuous ‘tube’ snaking along the floor slab. The proprietary system ‘TermoDeck®’ was 
developed in Scandinavia for this purpose [3.3]. It is more a passive than an active system, where the 
hcus are cooled by the cooler air in the ducts. In the Middle East, where TermoDeck is very common 
on flooring projects up to 330,000 m2, the reduction in installed cooling capacity has been measured 
at between 47 and 62 per cent of conventional air-con systems [3.4]. The cooling works at night, 
gradually gaining heat over a 12-hour cycle. There are obviously limitations to this method of air 
transport, particularly across beam lines where the cores are filled with in situ concrete, but alternative 
routes may be found at such locations.

A recent development, mainly in the Netherlands, is so-called ‘pipe floor’, shown in Figure 3.14. 
The top part of hollow-core slabs is thickened by 70–100 mm to allow grooves to be cut during manu-
facture, in which pipes, conduits, etc. are laid in the factory and connected on site. While  
the thermal mass is clearly advantageous, there is a small structural disadvantage due to the top 

Figure 3.11  2.4 metre-wide hollow-core units using Spirol equipment, manufactured by Preconco, 
Barbados.
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thickening, which cannot be used structurally because of the pipe grooves. In places without the pipe 
grooves, the imposed load capacity of, say, a 200 mm-deep hcu spanning 6.0 m would reduce from 
12.7 kN/m2 to 11.5 kN/m2 when the thickness of the top flange of the hcu had been increased 
from 30 to 100 mm to cater for the ducts.

The fire resistance of hollow-core floor units is in accordance with EN 1168:2005+A3, 2011 [2.22], 
the European Product Standard for prestressed hollow-core units. See Table 3.3. Fire rating, e.g. R60 
for 60 minutes’ structural resistance, is a function of the mass of concrete, given by its effective thick-
ness and the mean distance to the centroid of the tendons in the tension zone (called axis distance, 
a). For solid plank, refer to BS EN 1992, Part 1–2, clause 5.2(5) and Table 5.8 [2.20]. For hollow-core 
units, refer to EN 1168:2005, Annex G. The data in Table G.1 are for siliceous aggregates. Granite, 
sandstone, greywacke perform no worse. If calcareous aggregates (calcareous or dolomitic limestone) 

Figure 3.12  Longitudinal cutting of hollow-core slab is expensive, but often unavoidable.

Figure 3.13  The principle of the air-conditioning system passing through the cores in hollow-core slabs 
(courtesy of Tarmac Building Products, 2010).
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are used the required effective thickness te and average axis distance a are increased by 10 per cent, 
where: a = distance to centroid of tendons in tension zone = cover + tendon radius. The slab thickness 
is according to BS EN 1168+A3:2011, Table G.1 [2.22]. The thickness corresponds with the minimum 
solid floor thickness given in Table 5.8 of BS EN 1992, Part 1–2, summarised here in Table 3.3, and 
has been calculated using a conversion equation for hcu as t he = ζ  where h = actual depth and 
ζ = ratio of solid material (including infilled joints) to the whole. Unfortunately the data in Table G.1 
are based on ζ = 0.4, a rather low value for most proprietary hcu, where the ratio of solid material is 
typically ζ = 0.5 for the deeper units (250 to 400 mm), where fire resistance is limited by axis distance 
rather than thickness, but about ζ = 0.65 for shallower units (150 to 200 mm) that may be limited by 
thickness. For example, a certain 1200 mm wide × 150 mm hcu made of gravel aggregates has a fire 
resistance of 60 minutes. This hcu has gross concrete area plus infill in the joints of 120,000 mm2. 
Then ζ = 120,000/180,000 = 0.667, and te = 150 × 0.816 = 122.5 mm. According to Table 3.3 a solid 
slab of this thickness will have a fire resistance of 120 minutes, not 60 minutes as the parent hcu. An 
hcu made of limestone aggregate with h = 1.1 × 150 = 165 mm has 90 minutes.

For prestressed concrete reinforced using strand and/or wire, the axis distance a must be decreased 
by 15 mm in accordance with BS EN 1992-1-2, clause 5.2.(5) [2.20]. The axis distance for individual 

Figure 3.14  The main features of pipe floor in hollow-core slabs. This demonstration floor is at VBI in 
Holland, 2008.

Table 3.3  The effective thickness and axis distance for solid plank and hollow-core slabs required for fire 
resistance

Fire resistance 
(mins)

Total effective thickness for solid, hollow-core units and 
composite slab (mm) Axis distance a to 

BS EN 1992 or EN 
1168 (mm)Solid unit to BS EN 1992 Hollow-core to EN 1168

30 80 130 10
45 80 130 15
60 80 130 20
90 100 160 30

120 120 200 40
180 150 250 55
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tendons should not be less than 10 mm. Thus for a certain hollow-core unit pretensioned using 
12.5 mm-diameter strands at 40 mm cover, axis distance a = 40 + 12.5/2 − 15 = 31 mm. According 
to Table 3.3 the slab will have a fire resistance of 90 minutes. If the aggregate is limestone, a = 
1.1 × 46.25 − 15 = 36 mm, and R90 still applies. It is clear that for depths of 150 mm or more, axis 
distance is the controlling factor.

Most of the fire tests and associated research work on hollow-core slabs was carried out between 
1960 and 1980. The work covered a wide range of slab cross sections, together with variations in 
reinforcement quantities and position, cover to soffit and void, etc. Most tests were carried out in 
small furnaces on bare individual units – that is, without proper restraint or support details,  
no grouted joints between units, and an absence of the surrounding structure. Some European and 
UK tests at the BRE fire station indicated that there was a risk of premature shear failure during the 
heating cycle of a fire. Vertical splitting cracks were seen in the webs due to the incompatibility of the 
stress response to the stress gradient on heating. These results were disputed by some experts, as  
the test samples were not considered to be acting in a structural manner representative of that  
which occurs in a building, where different restraints due to a number of factors can be imposed on  
the floor slab.

In 2007 [3.5, 3.6]: ‘It was decided by the UK Precast Flooring Federation (PFF), in conjunction 
with the International Prestressed Hollowcore Association (IPHA) and other member companies of 
the British Precast Concrete Federation, to undertake two full-scale fire tests as part of an ongoing 
product performance development programme, to see if premature shear failure was truly a potential 
problem, and by the use of significant instrumentation to better understand how precast hollow-core 
flooring behaves during the heating and cooling phases of a realistic fire. Both test structures were of 
single-storey construction using 200 mm-deep hollow-core floor units forming an area of 18 m × 7.5 m, 
supported 3.6 m above ground level on structural steelwork with infill blockwork panels (Figure 3.15). 
Average atmospheric temperatures in excess of 1050°C were recorded by thermocouples within the 
test structures, compared to 900°C required by the standard parametric fire test curve. Both tests were 
extremely successful, with the hollow-core floor areas maintaining their structural integrity for the 
full heating and cooling cycles of the tests. There was no shear failure of the type small standard 
furnace tests had indicated might occur, and these tests demonstrate that such unrepresentative small-
scale testing should be treated with extreme caution.’

Until the results of this type of work are accepted in codes of practice, standard fire designs for 
hollow-core floors are currently based on a requirement for a 60-, 90- or 120-minute fire resistance, 
in accordance with BS EN 1168 [2.22] and BS EN 1992, Part 1–2 [2.20]. The latter offers three options: 
namely, calculation, fire testing or tabulated data, with the latter being commonly adopted by the 
industry. There is a slight penalty to pay in the flexural strength (about 10 per cent) of the units with 
increased fire resistance. For example, a certain 200 mm-deep unit pretensioned using 12.5 mm 
strands at 30 mm cover, a = 36.25 − 15 = 21 mm, will achieve R60 fire resistance and a moment of 
resistance of 87 kNm, compared with 79 kNm by raising the strands 20 mm extra to achieve R120. 
Greater fire ratings of up to R240 can be achieved by the application of soffit finishes.

Holes in the floor are dealt with in one of two ways, depending on size. Small holes of less than 
about 600 mm in size may be formed in the precast unit (except in 600 mm-wide hollow-core units, 
where the maximum size is 300 mm) during the manufacturing stage and before the concrete has 
hardened. The cost is small and the result is as shown in Figure 3.10. The rough edges are beneficial 
to the shear key with in situ concrete infill. The voids are usually formed manually, although there is 
scope to automate this within the machine’s operations.

The maximum size of hole which may be formed in the units depends on the size of the voids in 
the slab and how much reinforcement may be removed without jeopardising the strength of the unit. 
For example, in a 200 mm-deep extruded unit (e.g. Spiroll) the diameter of the void is 150 mm and 
therefore a hole formed through the void may be of equal size. In a 200 mm-deep slip-formed unit 
(e.g. Roth) the diameter of a hole is limited to the width of the void, which is only 100 mm. General 
FIP information for restrictions on hole size and location is given in Figure 3.16(a) [2.36]. Figure 
3.16(b) gives further information from product literature for a range of 1200 mm-wide units pro-
duced by the Partek Company [3.7]. Table 3.4 shows the limits on geometry applicable to Figure 
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Figure 3.15  Fire tests. (a) Three 6.0 m wide bays of 7.0 m span hollow-core slabs are on top of the 
blockwork walls during the 3-hour test, which reached 1050°C. (b) Afterwards the integrity of the floor was 
assured. (Courtesy of Precast Flooring Federation, Leicester 2007.)

(a)

(b)

Table 3.4  Limits imposed on cut-out geometry (see Figure 3.16 (b) )

Depth of slab
(mm)

Corner cut-out
L × B
(mm)

Edge cut-out
L × B
(mm)

End cut-out
L × B
(mm)

Middle cut-out
L × B
(mm)

Middle hole 
diameter, Φ

(mm)

150 600 × 400 600 × 400 1000 × 400 1000 × 400 80
200 600 × 380 600 × 400 1000 × 380 1000 × 400 130
265 600 × 260 600 × 400 1000 × 260 1000 × 400 130
320 600 × 260 600 × 400 1000 × 260 1000 × 400 170
400 600 × 260 600 × 400 1000 × 260 1000 × 400 170
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(a)

(b)

Figure 3.16  Trimmer details around floor voids: (a) restrictions on hole sizes in hollow-core units from FIP; 
(b) example hole limitation data for 1200 mm wide units (courtesy of Partek Company); (c) steel trimmer 
angles used to support floor units around a small void; (d) concrete trimmer beams used to support floor 
units around a large void (greater than about 2.4 m side).
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3.16(b). Small holes, up to about 150 mm diameter, can be core-drilled on site. The holes should pass 
through the hollow core, and the designers must be consulted if any of the reinforcing bars are acci-
dentally removed. This can impose quite severe restrictions on the M & E services, but a way of 
increasing freedom is to provide additional reinforcement in the slab and to specify permitted ‘zones’ 
in which a limited number of holes at a predetermined spacing and size may be site-drilled.

Larger voids that are wider than the width of the precast units are ‘trimmed’ using transverse sup-
ports such as steel angles (i.e. perpendicular to the span of the floor), as shown in Figure 3.16(c), or 
concrete beams for larger openings as shown in Figure 3.16(d). A typical minimum section size for 
the steel trimmer is 100 × 100 × 8 mm equal angle. The angles carry point loads to the edges of the 
adjacent units. The maximum practical size of hole is about 2.4 m × 2.4 m for normal office loading, 
but is less for superimposed floor loads greater than about 7.5 kN/m2. There is some additional margin 
of safety in the design of trimmer angles, because the grouted longitudinal joints between the slabs 
will transfer some of the superimposed loading to adjacent slabs. The steel angles must be properly 

(c)

(d)

Figure 3.16  (Continued)
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fire-protected, either by precasting concrete to the soffit and sides of the angle or by spraying them 
with a fire-protective coating.

It is not possible to cast sockets or other fixings into the soffits or sides of prestressed floor slabs. 
These must be formed on site using proprietary anchor or toggle bolts. Shot-fired fixings are  
not recommended for prestressed units. Ceiling hangers are used extensively in commercial build
ings, where ceilings and extensive electrical and mechanical services are suspended. Information  
sheets giving comprehensive details of these and other provisions are available from the flooring 
manufacturers.

One note of caution when using hollow-core slabs in wet and cold climates is that water may 
penetrate into the hollow cores through the open ends of the cores, or even through small drag cracks 
in the top flange. If this water is allowed to gather and expand by freezing there is a possibility that 
the bottom flange will explode off the unit. A simple remedy is to drill weep-holes in the bottom of 
the slabs, usually during manufacture.

3.2.2.2  Double-tee slabs
These units originate from the United States, where they have been used extensively since the 1940s 
for what are termed ‘medium spans’, i.e. up to 25 m simply supported span. Double-tees formed the 
principal slab units in the NBF (Figure 1.3), and they enjoyed the leading market share in precast 
flooring until the late 1960s, when hollow-core became the preferred slab. Their major structural 
advantage may be seen in Figure 3.17, where the deep web and shallow top flange maximise the 
moment of inertia compared to self-weight.

Single-tee units were found to be less economical in terms of quantity of concrete per unit area, in 
addition to lacking stability during erection. In the early days of development the units were rein-
forced; prestressing followed later.

Typical cross sections through prestressed precast double-tee units are shown in Figure 3.18. 
Various attempts were made to hide the longitudinal joint over the centres of the webs in an F con-
figuration, shown in Figure 3.19. This failed, owing to non-symmetrical prestressing requirements 
and differential stiffness problems where the flange of one unit was bearing over the stiff web of its 
neighbour. After exhaustive research the double-tee section is still most widely used.

Figure 3.17  Prestressed (or sometimes reinforced) double-tee floor units.
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Figure 3.18  Shapes of double-tee floor units.

Figure 3.19  Historical development of shapes of double-tee slabs.

The main advantages in using these types of unit (over the hollow-core units) are:

	 load-carrying capacity, although this advantage has been eroded by the introduction of 400 mm- 
and 500 mm-deep hollow-core slabs

	 the ends of the units can be notched to one-third of overall depth to form a halving joint to reduce 
the overall structural depth

	 the units are manufactured as standard up to 2400 mm wide (actually 2390 mm) or 2500 mm wide 
– thus reducing the number of units to be fixed on site. However, there is no reason why other 
widths, e.g. 3.0 m, should not be manufactured to meet the requirements of a particular project.

However, owing to the shallow flange depth an in situ reinforced concrete structural topping is 
required to ensure vertical shear transfer between adjacent units and develop horizontal diaphragm 
action in the floor plate.

The standard end profile is square, although contoured ends may be specified by shaping the flanges 
to suit the structure. The ends of ribs are always square. If vertical service voids are required adjacent 
to supporting beams, then forked ends may be formed by cutting back the flanges over the full width 
of the unit, as shown in Figure 3.20. The ribs must be maintained at full length to facilitate the welded 
connections at the supporting beam.

Double-tee units have a minimum fire rating of R120 providing the correct depth of screed is used. 
Other units with wider ribs and thicker flanges achieve a R240 rating. Greater fire rating can be 
achieved on all units by the application of soffit finishes. The slabs are manufactured in steel moulds 
with a high degree of dimensional stability and excellent surface finish. The soffit is type A to BS EN 
13670 [2.29] (via the NSCS-4 [2.31]).

Holes may be formed in the positions shown in Figure 3.21. In no circumstances should vertical 
holes be formed through the webs of double-tee units. The circular holes through the webs are 
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sometimes provided as standard at 1200 mm centres, so that they provide a passage for services where 
they cross the double-tee units at right angles.

The positions and sizes of additional horizontal holes need to be planned in advance because they 
may affect the shear capacity of the slab, or require alteration of the position of the prestressing 
reinforcement. Holes and notches in the flanges are best formed in the units immediately after manu-
facture and before the concrete has hardened, although site cutting is permitted with the manufac-
turer’s consent and within their specified limitations.

3.2.2.3  Comparison of hollow-core and double-tee slabs
The designer is immediately faced with the choice of floor slab. The competition between hollow-core 
and double-tee units is still quite acute in some countries, particularly as double-tee units can be 
manufactured in house without the need for specialist equipment such as extrusion and slip-forming 
machines. The first restriction is often the total depth of floor slab and this must include an allowance 
for the upward camber of prestressed floor units, as the thickness of the finishes (or structural 
topping) is greater towards the support, typically 10–20 mm for a 6 m span, and 20–30 mm for spans 

Figure 3.20  Forked ends in double-tee floor units.

Figure 3.21  Guidelines for the permitted sizes and location of voids in double-tee floor units.
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around 10–12 m. Given the imposed floor loading (kN/m2) and the effective span (= clear span plus 
½ bearing length at both ends, typically 100 mm for hollow-core and 150 mm for double-tee), Figure 
3.22 may be used to determine the structural depth of the floor slab, remembering to add the upward 
camber for the total depth. The precast depth varies from 200 to 500 mm, while the structural depth 
varies from 275 to 575 mm.

To allow a fair comparison between hollow-core and double-tee, this graph is for composite slabs, 
i.e. precast unit plus 75 mm structural topping. It already allows for 1.5 kN/m2, leaving only the 
imposed loading to be read from the graph, which has been prepared using a live load subject to a 
quasi-permanent factor ψ2 = 0.3 and an ultimate load factor ψ0 = 0.7. As it happens, the units are 
mostly critical for the service moment, where neither of these two factors applies, so the imposed 
load may be a combination of dead and live without too much loss of accuracy. Exposure class is 
XC1. Concrete strength fck = 45 N/mm2 and at transfer fck(t) = 30 N/mm2. The precast units are all 
propped at two points, at ⅓ span.

More load versus span data are presented in Chapter 5 for non-composite units.
The key, e.g. 200 DT, means 200 mm-deep precast hollow-core plus 75 mm topping. Graph allows 

1.5 kN/m2 finishes. Load factors are ψ2 = 0.3 for deflection and ψ0 = 0.7 for ultimate. The units are 
propped at ⅓ span.

Figure 3.22 shows that the hollow-core slab outperforms the double-tee slab by on average 34 per 
cent on span, e.g. for an imposed load = 10 kN/m2 and 375 mm structural depth, the limiting span is 
7.5 m for double-tee and 11.0 m for hollow-core. Conversely, for a span of 10.0 m the load capacity 
of the double-tee is 4.2 kN/m2, while the hollow-core is 13.4 kN/m2. The double-tee is critical at the 
service moment of resistance, while the hollow-core is critical at the ultimate moment of resistance. 
Note that the double-tee unit has an area of tendons to concrete ratio ρ = Ap/Ac = 0.45 per cent, and 
a self-weight w = 3.1 kN/m2, but the hollow-core is ρ = 0.61 per cent and w = 4.0 kN/m2. Because the 
tendons in the double-tee unit may be debonded at the support, the level of prestress can be much 
greater than in the hollow-core unit, where tendons cannot be debonded. Thus, the bottom prestress 
at mid-span in the double-tee is possible up to about fpB = 24 N/mm2, but is limited to about fpB = 13 N/
mm2 in the hollow-core.

The effect of not propping the precast unit while the topping is being cast (see Chapter 6, Section 
6.5.3) has no effect on the hollow-core because it was previously critical at the ultimate moment, and 
propping has no influence there. However, because the 300 mm-deep double-tee has a much lower 

Figure 3.22  Load versus span graph comparing composite hollow-core and double-tee units.
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section modulus at the bottom (ZB = 3,360 mm3 per mm width) than the 300 mm hollow-core 
(ZB = 12,700 mm3 per mm width), it was critical at the service moment. Without propping for a span 
of 10.0 m the load capacity of the double-tee is reduced to 2.8 kN/m2, while the hollow-core remains 
at 13.4 kN/m2.

It should be noted that as the factors ψ2 and ψ0 vary according to the usage of the floor, e.g. the 
data in Figure 3.22 are for offices and residential, the load versus span data will change. Factor ψ2 
affects only the longer spans and low loads where deflections are critical, but when ψ2 increases to 
0.6 and 0.8 for congregation, shopping and storage areas the higher loads will not render the slab 
critical in deflections. At these higher loads only ψ0 = 1.0 for storage will cause a small change in the 
ultimate moment and hence a small reduction in span. For example, taking an imposed load of 10 kN/
m2, the limiting span for the 300 mm precast hollow-core was 11.0 m (Figure 3.22 with ψ0 = 0.7). If 
ψ0 = 1.0, the limiting span reduces to just 10.82 m.

3.2.2.4  Comparison of depth of structural topping on hollow-core f﻿loors
There is often a temptation to increase the thickness of the structural topping in the expectation that 
it will enhance the load-bearing capacity of the floor. This is certainly true in reinforced concrete 
slabs, where there is a squared proportional increase in ultimate moment capacity with depth, and a 
(nearly) linearly proportional increase in span with depth. However, in the particular case of com-
posite prestressed floor slabs, the extra mass of the in situ topping, which has a considerably lower 
concrete strength and Young’s modulus than the precast (say C50/60 precast and C25/30 in situ), does 
not always increase the load bearing or span of the basic prestressed unit by the ratio of the additional 
material. This is clearly shown in Figure 3.23, where 200 mm- and 400 mm-deep hollow-core units, 
with 0, 75 and 125 mm depth topping, have been selected to make this point.

In the case of the 200 mm-deep hollow-core: for 75 mm topping, the increase in effective span is 
+4% to +14% for an extra 64% in self weight, and for 125 mm topping the figures are +9% to +22% 
for an extra 101% in weight.

In the case of the 400 mm-deep hollow-core: for 75 mm topping, the increase in effective span is 
−1% to +3% for an extra 42% in self weight, and for 125 mm topping the figures are 0% to +7% for 
an extra 67% in weight. Specifying structural toppings on the deeper prestressed units must be care-
fully considered for reasons other than improvements in strength or stiffness.

Figure 3.23  Load versus span graph comparing the depth of topping in non-composite and composite 
hollow slabs. The data are based on the same parameters as in Figure 3.22.
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3.2.2.5  Composite plank f﻿loors
The principle of these precast units is quite simple: rectangular precast concrete beams or slabs are 
laid between supports and are used as permanent formwork for an in situ concrete topping. Steel bars, 
wires or tendons placed in the precast units act as the flexural sagging reinforcement, and a light steel 
mesh (e.g. A142) in the in situ concrete acts as hogging reinforcement. The floor slab may therefore 
be designed as continuous.

The two main versions are (i) rc permanent formwork, often referred to as Omnia, Figure 3.7(c), 
and (ii) prestressed plank, often called Half-slab, also used as permanent formwork. Figure 3.24 gives 
the load versus span information for both of these for simply supported slabs, propped during the 
construction of the topping at two points at ⅓ span. The technical data are the same as for the graph 
in Figure 3.22, except for one major difference – with the rc plank there is no limit to the amount of 
reinforcement used in the bottom of the precast part, and so the maximum area of rebars = 4% bd 
is used, where b = breadth (1200, 2400 mm) and d = structural depth minus 35 mm. By comparison 
the area of prestressing tendons in the prestressed plank is 0.67% (6 times less).

Figure 3.24 shows that for composite slabs up to 200 mm in depth, the prestressed plank has a 
load-bearing capacity 5–20 per cent greater than the rc Omnia type, in spite of the huge difference 
in area of steel used. The prestressed slab works very efficiently until the topping becomes exces-
sive ≥ 150 mm and, as mentioned earlier, the extra topping is a hindrance to the prestressed unit. 
Conversely, the load-bearing capacity of the rc slab is almost linearly proportional to total depth. 
Increasing the depth of the reinforced soffit unit from 100 to 150 mm makes little difference, whereas 
when the prestressed soffit is increased from 100 to 150 mm the capacity increases by 17–26 per cent.

Figure 3.25 shows the construction of the composite floor using beams and slabs monolithically, 
and using slabs alone, respectively. Monolithic construction is structurally more efficient, and an 
example is shown in Figure 3.26. In terms of robustness this floor is considered equal to that of cast-in 
situ construction. This floor slab has advantages in using a prefabricated soffit unit (smooth finish, 
no formwork, up to 2.4 m wide units, rapid fixing), but carries performance penalties on span and 
self-weight; see Table 3.1. The slab may be made lighter by the use of lightweight block (or even 

Figure 3.24  Load versus span graph comparing reinforced with prestressed composite plank (solid slabs). 
Each slab comprises 100 mm permanent formwork plus 50 to 200 mm-depth structural topping, except for 
150+150 plots, which use 150 mm soffit plus 150 mm topping. The data are based on the same parameters as 
in Figure 3.22.
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polystyrene) void formers covering part of the planks, or by using a lightweight aggregate concrete 
topping. Splayed ends or other special shapes may be formed, usually at an extra charge due to the 
necessity to make alterations to the mould. Where the floor slabs bear onto beams (Figure 3.25), the 
maximum spans between the primary beams in the structure are in the order of 18 m.

Service openings up to 2.4 m wide may be formed by increasing the strength of the precast unit 
and placing addition steel around the hole in the in situ topping. Cantilevers up to 1.5 m span may 
be formed by placing additional top steel in the in situ topping. The usual fire resistance is R120. 

Figure 3.25  Composite beam and plank construction (the beam forms part of a tertiary system).

Figure 3.26  Composite plank construction.
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Figure 3.27  Circular staircase tower, later to be overclad in steel sheeting.

Thicker precast planks (up to 125 mm) are used for more onerous fire, durability and loading 
conditions.

3.2.3  Staircases

Precast concrete staircases are a viable alternative to cast-in situ staircases providing there are sufficient 
numbers and a reasonable amount of repetition. There were twelve identical stair towers on the six-
storey Grand Island Project in Manchester, UK, enabling the precast circular staircase shown in Figure 
3.27 to be designed economically. Precast staircases with high-quality finishes from steel moulds may 
be used in other types of structure, such as the in situ concrete frame shown in Figure 3.28.

Consistency in tread rise and go are the two main factors affecting repetition. The method of 
manufacture enables the depth of the waist, number of treads and the width of the flight to be varied 
readily. The most important factor in the use of the precast stairs is plan configuration and compatibil-
ity with the structure. This implies making optimum use of the structure to avoid introducing addi-
tional components to cater for the staircase. Various two-flight layouts are shown in Figure 3.29, and 
a typical three-flight staircase is shown in Figure 3.30 [2.39].

Figure 3.29(a) makes optimum use of the structure – only two short beams are required for the 
staircase support. It is the least satisfactory solution from the structural (greater span hence depth), 
and manufacturing points of view. Differential levels at floor and half-landings are difficult to avoid 
and either a finishing screed or an in situ levelling piece is necessary.
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This would not be the case in Figure 3.29(b), where optimum use of individual precast flights and 
landings is made possible by the use of halving joints, or support brackets, intended to eliminate 
construction errors. However, Figure 3.31 demonstrates the need for greater dimensional tolerances 
where close-fitting elements are to be positioned between two fixed points. The major disadvantage 
in the arrangement in Figure 3.29(b) is that long-span beams, or stub walls parallel with the flight 
(typically 4 m to 5 m long), are required both at floor and half-landing levels. In situ masonry may be 
used as half-landing support, but that enforces a strict programme both on the main contractor and 
the precast fixing team. Efforts should be made to make the floor and half-landings identical.

Figure 3.29(c) makes optimum use of the supporting beams and precast staircase units by casting 
the flight and half-landing in one piece. This solution enables cantilever half-landings to be expressed 
beyond the edge of the building, as shown in Figure 3.32. These may be rectangular, semi-circular or 
chamfered in plan, and the external stairway cladding may be carried by the precast members. A 
minimum waist of 150 mm is required in all cases for handling purposes and fire resistance.

In the three-flight staircase shown in Figure 3.30 various options are available to the designer, but 
the importance of minimising the number of precast components while maintaining simplicity of 
manufacture cannot be stressed too highly. Cantilevers may be specified providing consideration is 
given to an adequate tie back and to the design of the support beam, which must be profiled to suit 
the different landing levels.

Fixings for balustrades, lighting, security, etc. may be incorporated in precast staircase and landing 
units, but it is often more economical and accurate to drill and fix on site. The edge distance to holes 

Figure 3.28  Precast concrete staircase positioned in an in situ concrete frame (courtesy of Breton Precast, 
UK).



(a)

(b)

Figure 3.29  Possible options for the layout of a two flight staircase. (a) Option 1; (b) Option 2; (c) Option 3 
[2.6].
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Figure 3.30  Possible layout of a three flight staircase [2.6].

(c)

Figure 3.29  (Continued)
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should be 50 mm minimum. Stair nosings, granolithic or non-slip surfaces are more easily added on 
site, although rebates or rounded arrises at the nose can be precast.

The finishes to be applied to stair units will dictate the method of manufacture. Units cast with the 
treads face down will have a surface finish (Type A to BS EN 13670 (via the NSCS-4) ) from timber 
moulds, with a steel trowelled finish to the soffit and sides. Units cast in adjustable angle steel moulds 
with the treads face up will have all Type A finishes except for the treads, which will be trowelled. 
Information sheets supplied by the manufacturer of precast stairs provide further details on this. 

Figure 3.31  Problems encountered with lack of tolerances in fitting a stairflight between two fixed point 
landings.

Figure 3.32  Cantilevered half landing with semi-circular balcony.
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Inserts and holes are formed and located with exceptional accuracy, ±3 mm in position and less than 
1° in alignment in most cases. Staircase and landing units can be designed with a fire rating equal to, 
or exceeding, that for the rest of the structure.

For estimating purposes only, the waist depth and self-weight of a simply supported stair flight 
may be obtained from Figure 3.33, calculated according to BS EN 1992-1-1. For example, for a span 
of 5.0 m with an imposed live load of 3.0 kN/m2, the minimum waist depth (measured perpendicular 
to the sloping soffit) is 255 mm and the self-weight (measured on plan and not the sloping length) is 
9.7 kN/m2. This appears to be quite a heavy weight, but it includes the self-weight of the steps and is 
the horizontal projection of a slope of 35°.

3.2.4  Roof and f﻿loor beams

A wide range of beams are available in preferred cross sections, mainly composed of rectangles, and 
an unlimited range in non-preferred sections. What distinguishes a preferred section is simply a 
matter of available moulds in manufacturers’ works. Beams may be classified either as:

	 ‘internal’, where floor loading is approximately symmetrical, or
	 ‘external’, where floor loading is predominantly non-symmetrical.

External beams may be manufactured using visual concrete incorporating external texture, colour, 
and weather protection, or in plain grey concrete. A nett structural section is used in the design of 
decorative components, allowing a thickness of about 40 to 50 mm for the finishes.

Internal beams may be prestressed or reinforced. The most common, shown in section in Figure 
3.34(a), are called ‘inverted-tee’ or ‘double boot’, for which part of the structural section falls within 
the floor zone, thus reducing overall structural depth. Typical span-to-depth ratios for these beams 
are about 10 to 15, the former representing the worst possible situation using a reinforced beam rather 
than a prestressed beam.

The boot width is governed by two factors: (i) an adequate floor slab bearing distance of 100 mm 
minimum, i.e. 75 mm bearing length plus 25 mm tolerance, and (ii) the physical size of the connection 

Figure 3.33  Waist depth and self-weight of precast reinforced concrete staircases based on clear span 
between landings. In all cases going = 250 mm, rise = 180 mm and recede (or rake) = 25 mm. Cover to main 
bars = 25 mm.
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Figure 3.34  Shapes of standardised beams. (a) Internal beams and (b) edge and spandrel beams.

(a)

(b)
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unit cast into the beam. Rectangular beams are less efficient structurally because a part of the floor 
slab is not concealed within the depth of the beam, but they may be more economical if the structural 
zone is not a limiting factor. The centre line of internal beams should preferably correspond with the 
centre of the column to avoid bi-axial bending effects in the column. Although the effects may be 
catered for in designing the connection, the maximum eccentricity from the centre of the column 
should not be greater than b/3. The exception to this rule may be in lift shafts or staircases where a 
flush edge at the beam-column interface is required architecturally. In this case the beam will be lightly 
loaded. The outstand boot of the beam is not continuous past the faces of the column.

Changes in floor level may be accommodated by using either an L-beam (or single boot beam), or 
building up one side of an inverted-tee beam, as shown in Figure 3.34(a), to form what is known as 
a ‘dropped boot beam’. If the change of floor level exceeds about 750 mm an improved solution is to 
use two L-beams back to back, and separated by a small gap (say 100 mm) to facilitate site fixing.

External beams are usually reinforced because of their unsymmetrical L-shaped cross section, and 
as the depth of edge beams is not usually a restrictive dimension there is not much to be gained by 
attempting eccentric prestressing techniques. Preferred sections vary with different manufacturers, 
but a typical range is shown in Figure 3.34(b). Minimum dimensions are again dictated by the size 
of the beam connector making the connection with the column. The upstand serves two functions, 
by contributing to the strength of the beam and by providing permanent shuttering to the in situ 
infill concrete used with the floor slab. The depth of the upstand may be varied indefinitely. L-beams 
with large upstands are known as ‘spandrel’ beams (Figure 3.35). Structurally efficient, they form an 

Figure 3.35  Example of long span roof spandrel beams (note the cast-in plate top connection).
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immediate dry environment to the structure by providing the following construction trades with a 
simple means of weather protection. Parapet spandrel beams may contain specially shaped crenella-
tions for weather proofing.

The width of L-shaped and spandrel beams may be confined within the width of the column, or 
may project forward of the column to form an outstand spandrel. Realistically, the gap between the 
face of the column and the inside edge of the upstand cannot be greater than about 250 mm. Archi-
tecturally they provide the structure with a continuous perimeter façade free from columns or other 
obstructions. Vertical joints between outstand spandrel beams may be pointed or sealed using a cold 
mastic. Alternatively the column may be revealed in front of the spandrel, as shown in Figure 3.36.

Because of their non-standard nature, these units may be fitted with window, brickwork and other 
service fixings at minimal additional cost. The range of decorative finishes is as wide as those available 

Figure 3.36  Polished concrete columns and beams offset by up to 500 mm (courtesy of Trent Concrete Ltd, 
UK).



Architectural and Framing Considerations  105

for cladding itself. Horizontal service holes may be provided transversely to the span of the beam. 
They should be located near to the neutral axis of the beam and/or near to the ends of the beam. 
Consultation with individual manufacturers with regard to maximum size and position of the holes 
should be made early in the design appraisal.

Table 3.5 is a guide to the different uses of the main types of preferred section for beams. Provisions 
for holes and fixings in beams and spandrels depend largely on the nature of the mould in which they 
are cast. In general, units having a preferred cross-sectional profile (as defined in Section 3.1) are 
manufactured in steel moulds, with the remainder cast in timber moulds. Fixings in concrete that are 
in contact with the sides and soffits of steel moulds are battened in the mould, as shown in Figure 
3.37. In plain concrete units the rebate is not usually structurally or architecturally embarrassing. In 
some cases manufacturers prefer to drill holes in the mould and repair these later by plugging and 
grinding the inside face of the mould smooth.

The manufacturer can provide the following built-in fixings and fittings:

	 cast-in-sockets (see also Table 3.3)
	 galvanised steel dovetailed slots for masonry and other types of cladding

Figure 3.37  Fixing inserts inside a steel mould.

Table 3.5  Guide to the sizes and uses of beams

Location Type

Range of typical sizes (mm)

Overall 
breadth

Upstand 
breadth

Overall 
depth

Depth 
below slab

Floor and roof main and 
gable edge beams

L-beam

Spandrel

Outstand 
spandrel

250 to 450

250 to 450

400 min

75 to 315

140 to 300

140 min

330 to 900

No limit *

No limit *

150 to 750

–

–

Internal main spine beams Rectangular

Inverted tee

300

500 to 750

–

300 to 450

300 to 900

300 to 800

300 to 900

150 to 600

Internal secondary beams Rectangular 300 – 300 to 500 300 to 500

Staircase and lift-shaft 
beams

L-beam (mainly) 300 75 to 165 330 to 600 150 to 400

*  within practical and architectural limits.
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	 dovetailed timber battens for window fixings, etc.
	 crenellations for weatherproofing
	 in situ brickwork support in either a bolted-on steel angle or a cast-on concrete nib with drip
	 horizontal service holes.

3.2.5  Beam-to-column connections

One of the most important connections in multi-storey precast construction is the beam-to-column 
connection. The design, which will be dealt with in detail in Chapter 7, is based on a pinned joint, 
i.e. the beam is simply supported and no continuity moment transfer between the beam and column 
is considered. A bending moment is induced in the column, but this derives from the eccentric load 
reaction from the end of the beam, acting at about 50 mm from the face of the columns.

The main architectural decision to be taken is whether the connection is to be confined within the 
depth of the beam, or whether it may be permitted to project below the soffit of the beam, as in Figure 
3.38. Concealed connections, shown in Figure 3.38(a), are frequently required at internal connections 
because of the restrictions on floor zones. Because of the reduced depth of beam and the highly 
localised forces in the column, steel inserts are cast into both beam and column components to ensure 

Figure 3.38  Beam-to-column connection: (a) enclosed; (b) expressed.

(a)

(b)
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that a positive connection is made. All steel inserts are protected against fire and exposure using an 
in situ grout or concrete. Corbelled connections, shown in Figure 3.38(b), may be used in the perim-
eter of the building where external cladding will hide the connection from view. However, it is unlikely 
that both types of connection will be used in the same building because of the different requirements 
on moulds.

In assessing the suitability of a precast concrete structure at certain intersections, due consideration 
must be made for the specialised nature of this connection. For example, it is not always possible to 
terminate beams on the column grid. In these circumstances a direct connection between the end of 
a secondary beam and a primary beam is made, as shown in Figure 3.39. This is usually a non-standard 
detail that requires special attention, particularly in the primary beam. As the shear force capacity of 
this type of connection is obviously restricted, the use of columns in the framing plan should be 
optimised accordingly.

The floor-to-beam connection is also based on a simple support, as shown in Figure 1.28, despite 
the presence of reinforced in situ concrete strips, or welded connections. Flooring is usually laid 
directly onto the shelf provided by the boot of the beam, but neoprene bearing pads or wet bedding 
onto grout is also used in certain circumstances.

The fire resistance of all beams is based on the recommendations of BS 8110, Part 2. Typical ratings 
for rc beams using a ‘standardised’ cage (i.e. a predetermined arrangement of bars most suited to the 
preferred range of beams), is R120, although R240 may be achieved without additional external pro-
tection. Fire ratings for most standardised prestressed beams is R90 to R120, although again with the 
use of a fine mesh and increased cover to the prestressing tendons R240 may be achieved. Lightweight 
aggregates are not used for beams of structural importance because of restrictions in strength, par-
ticularly at the connections. However, lightweight aggregates have been successfully incorporated into 
the upstand of deep spandrel beams (i.e. away from the structural connection) to reduce weight.

3.2.6  Columns

Column cross sections, shown in Figure 3.40(a) and (b), are based on a minimum of 300 mm × 300 mm 
plan dimension, because of the nature of the beam-to-column connection. Preferred increments  

Figure 3.39  Beam to beam connections (courtesy of Trent Concrete Ltd).
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in size are 50 mm or 75 mm, in one or both faces. Non-preferred shapes (e.g. trapezoidal, hexag
onal, round) are based around a column core size of 300 × 300 mm to accommodate structural con-
nections: Figure 3.41. Columns may be erected in one piece, i.e. without mechanical splicing, up to 
20 m in length, as in the five-storey building shown in Figure 3.42, where an unbroken finish in  
an exposed aggregate was required. However, the usual practical and more economical limit is 12 m 
to 13 m.

Column sizes in braced structures may be approximated by assuming that the cross-sectional area 
(mm2) is equal to the maximum ultimate axial load (N) divided by 28. In using this simple approxi-
mation, check that the slenderness ratio (minimum cross-sectional dimension divided by length) is 
not greater than 15. In unbraced structures the quotient depends on the magnitudes of both axial 
force and overturning moment, which vary owing to many parameters, but in most practical cases 
column sizes are typically 350 mm square for three-storey buildings, and 300 mm square for two-
storey buildings. These values take into account the effects of slenderness.

A more refined first estimate may be obtained from Figure 3.43. This diagram is taken from The 
Concrete Centre’s publication Economic Concrete Frame Elements to Eurocode 2 [2.46], which contains 
further information for the sizing of internal, external and corner columns in precast skeletal frames.

Figure 3.40  Preferred cross-section of columns. (a) Standard rectangular columns (in mm) and (b) non-
standard columns (in mm) [2.6].
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Figure 3.41  Non-preferred shapes of columns.

Figure 3.42  Five storey columns in exposed aggregate at Orpington, Kent (courtesy of Trent Concrete Ltd).
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Column finishes may either be plain grey or incorporate a decorative finish on any or all of the 
faces, as shown in Figure 1.16 where polished concrete, using white Portland cement and dolomitic 
limestone, was specified. In the latter case, conforming to standard shape or size does not carry cost 
penalties because of the special nature of the decorative finish. The design of the column makes due 
allowance for the finishes in computing a net cross section. Unless the concrete retains its gross section, 
e.g. when finished by polishing or acid etching, a thickness of 40 mm to 50 mm is typically subtracted 
for the finishes.

High-quality visual concrete in columns has only recently been fully exploited. Although the 
increase in cost in using visual concrete compared with plain concrete is between 50 and 250 per cent, 
depending on the complexity of the finish, a net saving is often made. Consider the following example 
for an external column in a prestigious four-storey office building:

Option Cost index
1 Visual finish polished concrete column, grade C32/40 concrete, 13 m long × 

350 mm × 350 mm section, reinforced with 4 no. H25 bars vertically and 
R10 links @ 300 c/c. Total Option 1 = 1.60

2 Plain concrete column, grade C40/50, 13 m long × 300 mm × 300 mm, rein-
forced with four H32 bars vertically and R10 links @ 300 c/c.

Polished concrete U-shaped cladding bolted on three sides of column, grade 
C25/30, four pieces totalling 13 m long × 75 mm thick, reinforced with five 
H10 bars vertically and R8 @ 200 c/c horizontally.

Total plan dimensions in Option 2 = 470 mm × 385 mm. Total Option 2 =

1.00

1.40
2.40

Table 3.6 lists the additional provisions that may be incorporated in columns, and the sizes and 
restrictions in using each facility. Columns may rise to the full height of the building, or may be 
terminated and stepped back into the structure to suit architectural features. As in any form of con-
struction, it is desirable that the internal grid layout is not varied too extensively, except in terminating 
columns in places where the floor (or roof) construction can adequately span over the row of columns 
omitted beneath. Figure 3.44 shows examples of permissible practice.

Figure 3.43  Initial precast concrete column sizes for axial load (courtesy of The Concrete Centre, UK).
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3.2.7  Bracing walls

Precast skeletal structures of more than three storeys in height are usually braced. The need for  
permanent walls or cross-bracing is implicit in the design of a braced structure, and the design  
team must appreciate the need for these obstructions to clear open-plan floor areas, which may not 
always be necessary in a cast-in situ frame. The number and positions of walls in a precast structure 
is often a contentious issue, one that has to be accepted within the limitations of any prefabricated 
building system.

Precast concrete walls serve to provide stability and as surrounding walls or boxes for staircases 
and lift shafts. Walls may be classified as ‘infill’ or ‘cantilever’. Users of infill walls attempt to design 
the wall as a single unit, but if the opening between beams and columns is particularly large, say 
8 m × 4 m, it may be necessary to ‘stitch’ two separate units using a vertical reinforced in situ concrete 
joint. The effects of slenderness (= length/thickness < 30) are included in design. It is shown in 
Chapter 8 that the usual limiting strength for infill walls is given when the ultimate horizontal interface 
shear stress between the precast wall and the foundation is taken as 0.45 N/mm2.

The thickness of the wall units varies between (the practical minimum thickness of) 150 mm and 
300 mm, and is governed either by lifting in the factory or the ultimate shear capacity in service. 
Because the design considers the wall acting as a compressive diagonal strut it is not acceptable to 
provide large voids for windows, doors, etc. in these units. Service holes, up to about 500 mm in 
diameter, may be accommodated in the walls providing they do not interrupt the structural continuity 
by being less than approximately 250 mm from the edge of the wall. The wall openings shown in 
Figure 3.45 give an indication of the possible sizes in this respect.

Cantilever walls are designed as ‘deep beams’ with adequate tension anchorage to the foundation 
and between successive storey height units: Figure 3.46. In the case of isolated walls, the wall is braced 
laterally by other walls in the structure. No frame elements are used in this type of construction. 

Table 3.6  Additional provisions in columns

Provision Typical sizes Restrictions

Cast-in-sockets and dove-tailed 
channels for precast concrete, metal or 
other cladding

6 to 24 mm diameter

Length > 30 mm

Centres > 2 × diameter

Edge distance > 50 mm

Internal rainwater pipes* 100 mm diameter PVC (plastic) only, no steel

May increase column size

Blocked by certain splices

Protective cloaking for impact and 
damage resistance

50 × 50 mm bent plate

× 1 m long

Galvanised or stainless steel only

Chases for electrical fittings 50 mm wide

Full height if required

20 mm depth

Edge distance > 30 mm

Centres > 100 mm

Holes for horizontal services Width < b − 200 mm

Length < 200 mm*

May increase column size.

Not possible in beam zone

Ties for brickwork 100 mm long @ 150 c/c Not in more than 3 faces

N.B. Consultation with precast concrete manufacturers is strongly advised before any of these provisions is considered, 
particularly those marked *.
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Therefore, corbel seatings are required for flooring or stair landings, and inserts are required for con-
necting beams or spandrels.

Precast shear cores or boxes, shown in Figure 3.47, are an extension of the single-cantilever wall. 
These units can contain large openings for doors and windows. They may be formed on site by ‘stitch-
ing’ two or more units, or manufactured as a complete storey (or part-storey) height box in the factory 
with door and window openings as required. The lift shaft shown in Figure 3.48 was erected to a 
height of 20 m before fixing of the skeletal frame commenced. Lift-motor rooms and basement pit 
boxes may be used to complete the prefabricated lift shaft. Lift-motor slabs may also be precast, but 
tend to be disproportionately expensive (per m2) owing to their individual nature. Precast staircase 
boxes may be used similarly to provide access and/or architectural features to basements, roofs, plant 
rooms, etc.

The location and distribution of walls should be such that their centre of resistance coincides closely 
with the centre of mass and the geometric centroid of the completed building section plan. The most 
obvious location is around stairwells or lift shafts, although other internal or external walls may have to 
be used in order to ‘balance’ the structure. More precise design guidance will be given in Chapter 8.

Figure 3.44  Guidance for the positioning of staggered columns founded on to walls and beams.
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3.3  Special Features

3.3.1  Hybrid and mixed construction

The term ‘hybrid’ is used to describe mixed construction where precast concrete is used in combina-
tion with cast-in situ concrete. Reference should be made to the publication by the UK Reinforced 
Concrete Council [2.40], which deals extensively with this topic. Mixed construction is defined as that 
using two or more different structural materials in the same building. Precast concrete plays a central 
role because it can be readily integrated with structural steelwork, timber, cast-in situ concrete, brick 
and block masonry, fibre-reinforced materials, and glazing systems. The term must not be confused 
with ‘composite’ construction, which also uses both precast and another material, but where the 
structural performance relies on the interaction between the two.

Mixed construction gives architects the opportunity to utilise locally available materials. For 
example, precast concrete and glue-laminated timber were the dominant materials at Hydemoen 
airport, Norway, seen in Figure 3.51. There was a need to increase off-site prefabrication as much as 
possible, utilise local resources of concrete and timber, and allow the maximum clear head height in 
the critical service areas. Some 35 different schemes were considered for this structure, in which there 
are structural glazing (planar system), steel trusses and nodes, and cast-in situ concrete foundations 
and ground slabs.

Figure 3.45  Holes in solid shear walls.
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Figure 3.46  Hollow-core shear walls.

Figure 3.47  Shear core box complete with lift door opening and holes for electrical fittings (courtesy of 
Costain Building Products).
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Mixed precast construction is defined where precast concrete plays a central role. It was found, in 
a survey carried out between 2000 and 2002 on behalf of the fib Commission on Prefabrication [3.8], 
that up to 75 per cent of new buildings in some countries were designed in this way. The Commission 
points out that this is a ‘high-tech’ method that requires careful coordination between all parties, 
especially on site, where specialist fixers familiar with working in steel or precast have now to construct 
using other materials. The survey found that mixed precast construction has many advantages over 
a single material, not least in on-site construction time, where time savings of up to 20 per cent were 
reported.

Figure 3.48  Twin lift shaft manufactured from two precast pieces (courtesy of Blatcon Ltd).

Figure 3.49  Precast concrete shear core box complete with openings and doors, which can facilitate 
internal fixings for services (courtesy of Waycon Precast Ltd).
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Figure 3.50  Precast shear core for services of lift shaft.

Figure 3.51  Precast structure with glue-lam timber roof, beams, steel trusses, cast-in situ foundations and 
structural glazing at Hydemoen Airport, Oslo (courtesy of Spenncon AS).
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All hybrid structures take advantage of aspects of the excellent combination offered by concrete of 
durable strength, stiffness, thermal insulation combined with thermal mass, and sound insulation, 
with the added construction speed and convenience achieved by precasting.

Figures 3.52 and 3.53 show the combined use of steelwork and precast concrete in various situa-
tions. Figure 3.52 shows a steel Universal beam providing flexural strength with the concrete being 
used for the fire and corrosion protection only. Figure 3.53 shows separate structural precast concrete 
and steelwork members, where a conscious decision has been made to use precast in one part of the 
structure and another material in another.

Although mixed construction varies considerably with the type of construction and building func-
tion, buildings usually reflect local trends, environmental and physical conditions, relative material 
and labour costs, and local expertise. The permutations for mixed construction are numerous – Table 
3.7 is a guide to their most common forms and combinations.

Other examples include:

	 in situ concrete basement or lower-storey podium
	 structural steel roof atrium, gallery, or portal frame
	 timber roof or balcony
	 load-bearing masonry walls or shear walls.

In a mixed structure, structural precast concrete members may be replaced with equivalent steel, 
timber, cast-in situ, or masonry members, because there is a cost or performance benefit or because 
the architect has called for this specific type of structure. A good example of the use of steel and 

Figure 3.52  Structural steelwork encased in concrete at the factory. (a) UBs cased in concrete for fire 
protection and bearing purposes and (b) steel sections used for starter bars where the area of rebar would be 
too great in normal practical situations.

(a)

(b)
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Figure 3.53  Precast concrete structural steelwork in mixed construction.

precast concrete is shown in Figure 3.54, where the more heavily loaded parts of the structure were 
manufactured using precast reinforced or prestressed concrete, and the lightly loaded roof members 
were steel. This was truly mixed construction, because the concrete foundations were cast in situ, and 
the diagonal bracing was also in steel.

3.3.2  Precast–in situ concrete structures

One of the most common mixed combinations is of precast concrete with cast-in situ concrete. The 
speed and quality of precast combine with the economy and robustness of small quantities of in situ 
to give high-quality, aesthetically pleasing structures quickly and economically. Structural compatibil-
ity is not a problem if the differential shrinkage rates are allowed for in the analysis. Providing the 
differences between continuous rigid in situ frame and pin-jointed precast structure behaviour can 
be accommodated in the stability analysis, the main problems are in the joints between the two 
structural media.

In internal locations, shallow precast (often prestressed or post-tensioned) beams provide tempo-
rary support for precast concrete floors and cast-in situ beams, as shown in Figure 3.55. Although 
there is some inevitable composite action between the precast soffit units and the in situ beam, the 
proportions are such that it is not significant, and certainly not an economic consideration. The in 
situ concrete must be confined in a transverse direction by site-placed bars positioned into the precast 
floor units. The same bars provide continuity of the hcus in a hogging mode across the beam. The 
resulting span-to-depth ratio for this construction is around 20:1, compared with about 15:1 if precast 
alone is used.

Matching the speed of casting in situ columns with that of fixing precast concrete spandrel beams 
and precast floor slabs was achieved in the 15-storey structure shown in Figure 3.56. The beams were 
positioned on column formwork and in situ-jointed to make a rigid connection. The floors were 
mixed construction, using rapidly erected prestressed precast concrete hollow-cored units with an in 
situ topping to form the horizontal wind diaphragms [3.9]. These rules for concurrent progression 
do not always hold. On the site shown in Figure 3.57 the cast-in situ work for an entire floor area, 
some 3000–4000 m2, was completed before the precast terrace units were delivered.
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Precast–in situ connections rely on accuracy in on-site work because the tolerances in precast 
work are small. Typical beam connections are shown in Figures 3.58(a) to (c). Precast–in situ 
connections may be less accurate, and rely on adequate bond developing between the two con
cretes. A check is necessary that the precast element can resist the new set of forces resulting from  
the changes in detail. Figure 3.58 illustrates this point. The effects of shrinkage must be consid
ered, particularly if the connection is of major structural importance, as is the case in a moment-
resisting joint.

Precast columns have been used in in situ concrete buildings for the dual purpose of speed and 
quality of finish. The main benefit is in multi-storey construction, where immediate load-carrying 
capacity is provided. The most common division of precast and in situ concrete is to construct the 
precast superstructure over the top of a basement or podium, which for reasons of structural form, 
strength or function cannot be part of the precast structure. Figure 3.59 shows in situ concrete being 
used to create column joints with U shaped precast beam formers.

Table 3.7  Options for mixed construction in precast concrete structures

Building type Mixed precast construction methods Comments

Commercial 
offices

In situ concrete frame with precast flooring and 
façades.

Steelwork frame with precast shear walls, flooring 
and façades.

Precast frame with steel raker or steel truss.

Precast frame with pitched timber truss.

All combinations possible 
with in situ concrete 
underground or ground-
floor podium.

Retail and 
shopping

In situ concrete or steel frame with precast flooring 
and façades.

Precast load-bearing wall with cast-in situ floors.

Masonry load-bearing walls with precast floors.

Ditto

Parking garages In situ concrete or steelwork frame with precast 
flooring and cast-in situ topping

Long-span double-tee floors 
up to 20 m

Industrial and 
warehouses

Steel frame with long-span precast wall units.

Precast columns with flat steel roof truss.

Steel frame with precast floors (office areas).

Hollow-cored or sandwich 
walls give thermal insulation.

Long-span lightweight roof.

High-rise 
residential

Precast load-bearing walls with cast-in situ floors.

Masonry load-bearing walls with precast floors.

Composite floor plank often 
used because of complex 
floor-plan layout.

Domestic, 
low–medium 
density

Masonry load-bearing walls with precast floors.

Precast walls with timber floors.

Precast beam-and-block, and 
reinforced and prestressed 
hollow-core dominate.

Stadia Steel frame including raker beams, with precast 
terraces.

Cast-in situ frames with precast terraces.

Precast columns with steel raker beams and precast 
terraces.

All combinations possible 
with steel or pretensioned 
precast roof.
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Figure 3.54  Structural steelwork used in the roof of this precast structure (courtesy of Composite Ltd).

Figure 3.55  Wide in situ concrete beams supporting precast concrete hollow-core floors at an underground 
car park, Parma, Italy (courtesy of Gruppo Centro Nord, Italy, 2001).
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Figure 3.56  Precast spandrel beams are stitched on site at the Malietoren building in The Hague, the 
Netherlands (courtesy of Corsmit Consulting Engineers, Rijswijk, Netherlands).

Figure 3.57  Cast-in situ concrete raker and tie beams support precast concrete terraces and (elsewhere) 
hollow-core floor slab (Sporting Lisbon stadium, 2003).
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Figure 3.58  Beam–column connection details between precast and in situ concrete.

(a)

(b)

(c)
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3.3.3  Structural steelwork and precast concrete in skeletal frames

When mixed with precast concrete, steel’s structural properties are clearly beneficial (e.g. lightweight 
long-span roofs, stocky beams with shallow bearing ledges), but other properties are not. It is these 
properties, such as thermal, acoustic, maintenance, appearance and fire resistance, which are becom-
ing increasingly dominant in modern times. Substituting a precast element with a steel one must be 
carefully considered.

Most engineers’ vision of ‘mixed’ prefabricated construction is precast concrete floors supported 
on steel beams, often taking advantage of composite action that can be achieved using a small number 
of shear studs and small quantities of reinforced in situ infill at the ends of the slabs. The market for 
precast concrete floors in steel frames is huge – about 15 million m2 in Europe alone in 2002. Hollow-
core units of 6 to 16 m span and 200 to 400 mm depth are used mostly in steel frames. If the floors 
are structurally isolated from the steel beam, a horizontal diaphragm has to be provided either by 
steel cross-bracing (below the precast units) or in a reinforced structural topping, noting that the tie 
forces in either case must be continuous and connected to the stabilising elements.

The main advantage in this technique, shown in Figure 3.60, is to produce a (near) flat soffit, where 
the downstand is equal to the thickness of the bottom flange, say 15–25 mm. This form of construc-
tion is suited mostly to shallow floor units, i.e. prestressed hollow-core in particular. The span-to-
depth ratio for the steel section is 20–25. The benefit from having a flat soffit must be considerable 

Figure 3.59  Precast superstructure founded onto in situ concrete basement (courtesy of New Zealand 
Concrete Society).
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Figure 3.60  A flat slab is achieved by placing precast floor units onto the bottom flanges of steel beams 
(courtesy of Strangbetong, Sweden, 2001).

Figure 3.61  Long-span prestressed hollow-core floors are recessed into rolled and prefabricated steel beams 
to produce a flat slab at The Big Apple, Helsinki, 2000.

in the total building, since the cost of some of the steel sections (e.g. Universal column) may be much 
greater than that of a standard steel I-beam or precast inverted-tee beam.

Precast, prestressed hollow-cored units of up to 15 m span and 400 mm depth are used mostly in 
steel frames. At the ‘Big Apple’ retail centre near Helsinki in Finland, Figure 3.61, 15 m long × 400 mm 
deep prestressed hollow-core units are supported on the bottom or top flanges of rolled steel or 
prefabricated box beams.
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Composite action between precast hollow-core floor units may be achieved through a small quan-
tity of reinforced in situ concrete placed into the gaps and milled slots at the ends of the hollow cores, 
as shown in Figure 3.62. Present design rules for the bending strength and flexural stiffness of the 
composite UB with hcu followed the research pioneered by Lam [3.10–3.13] using full-scale floor 
tests, supplemented with horizontal push-off tests to show that the moment of resistance of the 
composite beam varies between 1.42 and 2.02 times that of the bare steel beam – the range of values 
being attributed to the different amount of tie steel resisting lateral tension in the hollow-core units. 
The resulting clean soffit is evident in the long-span construction shown in Figure 3.63.

Grandstands for sports stadia are an alternative form of mixed construction to wholly precast 
structures. Massively damped spectator structures consist of a mix of cast-in situ and precast concrete, 
often post-tensioned for lateral stability, usually for the vertical and horizontal components respec-
tively. A mixture of steel raker beams and precast concrete L-section bleachers is always used: Figure 
3.64. To cater for dynamic loading the concrete frame is designed so that its flexural stiffness is dis-
proportionately greater than its strength, compared with static frames. Conversely the roof structure 
is designed to be more flexible and this gives rise to lightweight steel trusses or lattices supported in 
a variety of ways – single bay cantilevers, arches, tensioned structures, transversely spanning trusses 
and so on, as shown in Figure 3.65. Here there is no composite action – the mixed construction is 
essentially two structures.

Structural steelwork and structural timber are used mainly for lightly loaded roofs, in the form of 
either portals or trusses. In most cases the precast concrete elements provide the sub-structure in the 
marriage. Simple connections are made to the precast components, as shown in Figure 3.66(a) to (c).

Fixings for structural steelwork can easily be accommodated in precast concrete column, beam and 
wall elements. This is because most precast components utilise steel inserts or cast-in sockets in their 
connections to other precast members anyway. Providing the stability of the structure is not impaired, 
the substitution of a steel girder, truss or portal frame for a precast component is taken care of entirely 
in the connection detail. Frame selection can therefore proceed to satisfy the economic and 

Figure 3.62  Hollow-core slabs bearing onto steel Universal beams made composite through small quantities 
of reinforced in situ concrete in the slots and gaps around the headed shear studs on the beams.
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Figure 3.64  Precast concrete terraces in a steel-framed stadium.

Figure 3.63  Composite action between steel beam and precast hollow-core slabs increases the span of the 
beam by about 20 per cent for the same size of beam.

architectural aspects. The main problems occur if connecting members are not coincident with the 
framing grid, and if connections are required in the floor slab. These are made as shown in Figure 
3.66(a). An alternative method, but which is less satisfactory in terms of steelwork efficiency, shown 
in Figure 3.66(b), may achieve the same objective.

A less common combination of precast concrete with square hollow steel sections (SHS) columns 
and small steel joists is shown in Figure 3.67. In Figure 3.67(a) a steel frame comprising concrete-filled 
120 × 120 SHS is braced using precast concrete shear walls. To complete this very lightweight struc-
ture, short-span RSJs support long-span, hollow-core floor units. Figure 3.67(b) shows similar slender 
SHS columns supporting precast spandrel beams. Both examples are from Scandinavian countries, 
where steel is relatively expensive compared with concrete.
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3.3.4  Precast concrete with structural and glue-laminated timber

As with steelwork, timber can ostensibly be used to replace precast concrete for long-span roofs and 
lightweight floors, the two extremes being attributable to timber’s excellent strength-to-weight ratio 
and good looks. Long-span timber trusses may easily be fixed to timber battens on precast concrete 
beams, as shown in Figure 3.68.

Although the market share for mixed precast–timber in multi-storey buildings is probably less than 
1 or 2 per cent, it is growing rapidly, especially in parts of the world where timber and precast concrete 
are both ‘local’ materials. Recent developments came with economical and architectural advances in 
nail plate fin trusses and glue-laminated (‘glulam’) beams.

In the past 15 years timber has taken over some of the market for steel lattice roofs, especially  
in the 1990s when the relative price of timber dropped compared with steel and its availability 
increased. The erection time for a timber roof is comparable with that for steel, but haulage and 
hoisting costs are lower. One of the major drawbacks is the lack of R & D on the design and construc-
tion of the connection between timber and precast. Simple dowels or bolted cleats tend to be used, 
but the effects of flexural rotations and long-term temperature and creep movement, etc. are not  
fully understood.

Glue-laminated timber construction may be used for complete roof structures. In Figure 3.69 the 
glulam beams were dowelled to the column head in the same manner as precast beams are. Glulam 
rafters, supported on galvanised steel chairs, impose torsion in the beams and column head 
connection.

The glue-laminated timber frame shown in Figure 3.70 is included here to illustrate a possible 
solution for a small office or school. The glulam columns on a 3.6 m square grid, support precast rc 
slabs that span in two directions and bear directly onto the columns, so there are no beams. The 
connection at the column head has specially designed steel brackets in the corners of the slabs that 
are bolted to the columns. This is an option for the trend of demountable school buildings that can 
be moved around the country to follow the demographic population.

Figure 3.65  Steel roof beams cantilevered from the top of precast concrete columns.
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Figure 3.66  Connection details between precast and structural steelwork. (a) Connection details; (b) 
between precast column or wall; (c) to precast beam.

(a)

(b)

(c)
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Figure 3.67  (a) Square hollow-section steel columns are braced using precast concrete walls and prestressed 
hollow-core floor units. (b) Precast concrete spandrel beams supported on square hollow-section steel 
columns.

(a)

(b)



130  Multi-storey Precast Concrete Framed Structures

Figure 3.68  Timber rafters fastened to battens on a precast concrete frame.

Figure 3.69  Glue-laminated beams and rafters provide the roof to a precast concrete supermarket structure 
(courtesy of Ergon, Belgium).
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3.3.5  Precast concrete–masonry structures

Precast floor slabs such as reinforced and prestressed hollow-core units, beam-and-block, and com-
posite plank are today common in UK house and apartment building. Load-bearing masonry walls 
tend not to be used to support precast concrete elements in parts of multi-storey frames because of 
on-site fixing sequences; the speed of erection of a precast structure is too rapid for the strength 
development of the load-bearing masonry. Occasionally masonry walls are built to support a special 
item, such as a lift motor-room floor that is not on the critical path of the frame erection.

Masonry is used extensively for infill walls or as structural shear walls in buildings of up to  
seven storeys (see Section 8.7.1), as shown in Figure 3.71. There is ambiguity over whether this is 
‘composite construction’, because the precast structure relies on composite action with the wall, or 
whether it is ‘hybrid construction’. The answer is unimportant because the methodology is proven in 
either case.

Some specialist projects, such as Hopkins’s Inland Revenue building in Nottingham, have used 
prefabricated brickwork pillars as shown in Figures 3.72 to 3.74. They were of decreasing cross section 
to mirror reduced load by supporting 13.6 m long × 3.2 m wide precast concrete floors on precast 
concrete keystones, expressed as a rippling concrete band of vaulted units. The precast concrete com-
ponents were manufactured in a single piece with dummy joints to give the appearance of a number 
of individual arched units. The six separate buildings comprising the 40,000 m2 offices were erected 
in 18 weeks [3.14]. A raised floor and no suspended ceiling enabled the floor finishers to complete in 
13 weeks. This example shows how only mixed construction could have been used to achieve the 
architectural demands and the speed of construction.

A similar reason for using prefabricated brickwork, this time as brick-halves cast into the columns 
and spandrel beams at a car park at Cheshire Oaks, was due to site restrictions and the speed of 
construction, coupled of course with the quality of the build, as shown in Figure 3.75. A shear key 
with the concrete is formed naturally when voided bricks are cut in half.

3.3.6  The future of mixed construction

In some countries mixed construction is today being used in up to 75 per cent of new multi-storey 
buildings – once the traditional domain of cast-in situ concrete and structural steelwork. Europe has 

Figure 3.70  A glue-laminated timber frame supports two-way spanning precast concrete predales to form a 
flat slab effect (courtesy of Strangbetong, Sweden).
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led the way forward thanks to synergies developed between the respective precast concrete, steel and 
timber industries. Precast concrete is ideally suited to mixed construction as it may readily be com-
bined with other materials, such as steelwork, timber, cast-in situ concrete, masonry and glass, for the 
benefit of the building process at large.

Using precast concrete as the dominant material in mixed construction, on-site operations are 
considerably reduced because there is less wet concrete to place, fewer loose rebars to fix and fewer 
structural components and formwork to erect. There is also less construction noise and disturbance 
to local communities. These factors result in a safer working environment, because prefabricated 
components provide working platforms, and workmen are less exposed to working at heights. Case 
studies claim that mixed construction saves up to 20 per cent on construction time.

Mixed construction is, by definition, cost-effective, because it maximises the beneficial structural 
and architectural advantages in using components made of different materials. The technique requires 
the cooperation of architects, consulting engineers, manufacturers, suppliers and contractors.  
It is possible that some client and architectural demands can be satisfied only by using mixed 
construction.

Figure 3.71  Precast concrete pinned-jointed skeletal structures may be stabilised by masonry infill walls.
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Figure 3.72  Prefabricated masonry pillars support radially curved precast floors and a steel roof.

Figure 3.73  Prefabricated masonry pillars and precast pad stones support vaulted precast concrete floor 
units at the Inland Revenue Buildings, Nottingham, UK.
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Figure 3.74  Interior view of the masonry pillars and exposed precast concrete floor units (courtesy of Trent 
Concrete Ltd).

Figure 3.75  Prefabricated concrete columns and spandrel beams with brick halves cast into the concrete 
(courtesy of SCC, Stockport).
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Figure 3.76  Options for forming cantilever balconies. (a) Cross-section of overhang beam [2.6]; (b) use of 
overhang beam; (c) cantilever beam [2.6]; (d) cantilever tee-columns [2.6].

(a)

(b)

(c)

(d)
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3.4  Balconies

Cantilevered balconies may be formed in a number of ways, depending on the span of the balcony 
and its position relative to the main part of the structure:

	 Edge beams can be adopted to provide a small projection up to about 700 to 800 mm overhang: 
Figures 3.76(a) and (b). The beam is a special casting, but if the quantity is large the cost implica-
tions of this are insignificant. In situ concrete tie backs may be necessary, as shown in the figure.

	 Beams projecting over columns, as shown in Figure 3.76(c), provide cantilevers of up to about 
2.5 m. This distance may be varied to produce a splayed effect. The disadvantages are:
	 column splicing at every floor level
	 a greater number of beams are required than in the usual solution
	 an additional edge beam is required at the end of the cantilever.

	 Certain flooring, e.g. the double-tee, can be used to cantilever up to about 1.5 m directly over edge 
beams. The overall structural zone may be large, because it is not possible to use halving joints at 
the supporting beam. Hollow-core slabs are not recommended for direct cantilever action.

	 Tee-columns or cruciform columns, where cantilever beams are cast integrally with the columns, 
have not been used extensively in the U.K. The shape of the unit (sometimes referred to as ‘Christ-
mas tree’ columns) and the connection detail are shown in Figure 3.76(d). The limiting span of 
the cantilever, which is governed by the moment transfer capacity in the column, is about 2.0 to 
2.5 m for typical floor loadings and external cladding arrangements. Manufacturing costs are likely 
to be high, particularly for a small number of units, owing to the individual nature of the units 
and consequent mould costs.

Exercise 3.1 

Devise a precast concrete solution to the five-storey building shown in Figure 3.77, using a braced skeletal struc-
ture. The total depth of the floor zone may not exceed 600 mm and no structural topping is to be used. The floor 
finish is to be raised timber, and the ceiling suspended. The external façade may be taken as 50 per cent brickwork 
and 50 per cent glazing, except around the curved façade, which is to be aluminium curtain walling. The only 
internal blockwork (100 mm thick × 1500 kg/m3 density) is around the service areas adjacent to the lift shaft. The 
side walls to the main staircases are to be full-height glazing.

Take the characteristic superimposed variable and permanent actions {live and dead loads} as 5.0 kN/m2 and 
1.5 kN/m2 for the floors, and 1.5 kN/m2 and 1.5 kN/m2 for the roof, respectively, and the characteristic horizontal 
wind loading as 1.0 kN/m2. Ignore local wind pressure coefficients for this exercise. For this exercise only take the 
maximum moment in the columns, due to precast beam eccentricity at the connections as 50 kNm.

Solution
The building is symmetrical about the y-axis. Therefore consider one half only. Assume that the top of the roof 
parapet beam is 1.0 m above the roof level. Thus the total height of the building, H = 16.5 m, and the column 
length l = 17.0 m.

Step 1: Positions of stabilising walls, possibly at any or all of lift shafts, main staircase and  
emergency staircase.
The total dead load Gk in the building may be estimated at 5.0 kN/m2 for the floor loads, 4.5 kN/m2 for the roof 
loads, plus allowances of 0.6 kN/m2 for the beams and columns, 0.3 kN/m2 for the shear walls, and 1.0 kN/m2 for 
the external brickwork/glazing. Thus, total equivalent floor udl = 6.9 kN/m2, and roof udl = 5.1 kN/m2. Floor 
area = 1900 m2. Hence the total Gk = (6.9 × 4 + 5.1) × 1900 = 62130 kN. The total live load Qk = (5.0 × 4 + 1.5) 
× 1900 = 40850 kN.
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Figure 3.77  Schematic precast concrete structure used in Exercise 3.1.

(Continued)
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Figure 3.77  (Continued)

Total ultimate horizontal shear force in the ground floor shear walls is:

BS EN 1992-1-1:2004
Is the sum of the wind action
Wu = γf wk L H
plus the horizontal imperfection force 

(see Clause 5.2),
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BS 8110:1997
Is the greater of the wind force
Wu = γf wk L H
or the lateral force

FH = 1.5% Gk.
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The ultimate gravity load at the 
first-floor level,

V1 = 1.35 × 62130 + 1.5 × 40850
Note that according to BS EN 1990, 

eq. 6.10a and 6.10b, ultimate = max 
{1.35 Gk + 1.5 y0 Qk; 1.25 Gk + 1.5 
Qk} (where e.g. y0 = 0.7 for offices, 
see NA to BS EN 1990, Table 
NA.A1.1)

V1 = 145150 kN

In the y-direction the wind action {force} is:

Wuy = 1.5 × 1.0 × 72.4 × 16.5
FH = 0.005 × 0.667 × 0.7125 × 145150

Total =

Wuy = 1792 kN
FH = 345 kN

Huy = 2137 kN

Wuy = 1.4 × 1.0 × 72.4 × 16.5
FH = 1.5% × 62 130

Wuy = 1673 kN
FH = 932 kN

< Wuy

and in the x-direction:

Wux = 1.5 × 1.0 × 40.4 × 16.5
FH = 0.005 × 0.667 × 0.7125 × 145150

Total =

Wux = 1000 kN
FH = 345 kN

Hux = 1345 kN

Wux = 1.4 × 1.0 × 40.4 × 16.5
FH = 1.5% × 62 130

Wux = 962 kN
FH = 932 kN

< Wux

Choose to use precast concrete infill walls. These are plain walls reinforced lightly using mesh only for shrink-
age, etc., and are therefore dealt with in BS EN 1992-1-1, Section 12, and in 6.2.5 {BS 8110, clause 3.9.4 and the 
interfaces in 3.2.7}. (Brickwork would be equally suitable, but adopt a totally precast solution here if possible.)

Assume column sizes are 400 mm square at the ground level and 300 mm square at higher levels, and of C40/50 
concrete (fck = 40 N/mm2 and fcd = 0.85 × 40/1.5 = 22.67 N/mm2 {fcu = 50 N/mm2} ).

In the y-direction, the total length of shear wall available is 3 × 2.6 m = 7.8 m at the lift shaft, plus 
2 × 2.6 m = 5.2 m at the main staircase, plus 2 × 2.2 m = 4.4 m at the escape staircases. Hence L = 17.4 m. The 
horizontal joint line between the ground-floor wall and the ground beam is subjected to in-plane shear vEdi {vh} 
and normal compression σn. σn is due to the vertical component of the diagonal force through the infill wall 
panel = Wu tanθ/Lt, where θ is the inclination of the diagonal from the horizontal, and t = thickness. This is a 
plain concrete wall with no reinforcement, and ‘smooth’ surface finish. Precast wall is grade C32/40. In situ infill 
is grade C25/30. Hence the maximum horizontal shear stress is:

(6.2.5(1) & (2), eq. 6.25)  
vRdi = 0.2 fctd(i) + 0.6 σn

fctd(i) = 0.7 × 0.3 × 250.67/1.5 
= 1.21 N/mm2

Height of infill wall at ground level 
lw = 3500 − 600 (beam) = 2900 mm.

Considering b = 2600 mm walls (the 
final analysis would consider each 
wall in turn)

θ = tan−1 (2900/2600) = 48.1°
Try hw = 200 mm-thick wall
σn = 2137 × 103 tan 48.1°/17400 

× 200 = 0.685 N/mm2

vRdi = 0.2 × 1.21 + 0.6 × 0.685 
= 0.59 N/mm2 is not >

vEdi = 2137 × 103/17400 × 200 
= 0.61 N/mm2

t = 200 mm

For shear and compression a 
single figure is used:

νmax = 0.45 N/mm2 (Clause 3.2.7),
so the thickness of shear wall,
t = 1673/(17.4 × 0.45)
The minimum recommended 

thickness is 150 mm, so round 
up and take

t ≥ 214 mm

t = 225 mm

(Continued)
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In the x-direction, L = (4 × 5.6 + 2 × 2.6) = 27.6 m.

Considering b = 5600 mm
θ = tan−1 (2900/5600) = 27.4°
Try hw (min) = 150 mm
σn = 1345 × 103 tan 27.4°/27600 × 150 

= 0.17 N/mm2

vRdi = 0.2 × 1.21 + 0.6 × 0.17 = 
0.34 N/mm2 >

vEdi = 1345 × 103/27600 × 150 = 0.33 N/mm2

Hence t = 933/(27.6 × 0.45) t ≥ 75 mm

It is likely that the thickness of the walls at the escape staircase will be governed by slenderness, i.e.:

(Clause 12.6.5) b = 5600 mm
Diagonal length = 6306 mm
(Table 12) Lateral restraint along all four 

edges. b ≥ lw then 
β = 1/(1 + (2900/5600)2) = 0.79

(eq. 12.9) lo = 0.79 × 6306 = 4982 mm
(12.6.5.1(5), eq. 12.8) λ = lo/lw ≤ 25
lw ≥ 4982/25 = 199 mm
Try hw = 200 mm
λ = 4982/150 = 24.9 < 25
(5.2) ei = 2900/400 = 7.25 mm (based on 

height not diagonal)
(eq. 12.11) Φ = min(1.14 × (1 − 

14.5/200) − 0.02 × 24.9; 0.93) = 0.56
Diagonal strut of = 0.1 × 6306 = 630 mm
(12.3.1(1) ) fcd = 0.8 × 0.85/1.5 fck 

= 14.5 N/mm2

FRd = 630 × 200 × 14.5 × 0.56 = 1023 kN per 
5.6 m wall.

HRd = 1023 × cos 27.4° = 908 kN
× 4 no. walls = 3632 kN > Hux = 1345 kN

t = 200 mm t = 5600/30 t = 186 mm
< 225 mm

Therefore use the same thickness as per the walls in the y-direction.
For ease of further comparison, take t = 225 mm-thick precast walls for both solutions. The positioning of the 

walls is symmetrical and well balanced throughout the structure.

Step 2: Positions and shapes of primary columns
These are shown hatched solid in Figure 3.77. They are located at all the intersections identified so far, i.e. corners, 
lift shafts and staircases. Assume the columns are all rectangular or square in cross section. The special shaped 
columns in the curved part will be dealt with in Step 7(1).

Step 3: Positions and shapes of secondary columns
The positioning of these columns is not always straightforward. It is often dictated by architectural requirements, 
such as window bay sizes. Assume that the columns are all square in cross section. Split the task into two parts:

(1)	 Internal secondary columns.  A suggested layout of columns is shown as open squares in Figure 3.77. The 
internal columns on grid line 2/A–K have been equispaced at 8 m centre-to-centre. The distance between the 
main stair (grid 7) and lift shaft (grid 12) is 12.0 m. This distance could be divided in many ways, depending on 
the architecture, but choose 6 + 6 m for this exercise. The distance between beams on grid lines B–C/9–12 has been 
made 3.0 m to enable the floor slab to be used to support the walls around the service void (see Step 7 (2) ).

The maximum clear beam span (at the higher floor levels, where the column is 300 mm square) is therefore 
7.7 m. Therefore internal beam depth = 600 mm. The span/allowable depth ratio = 7700/600 = 12.8.

This is within the permitted range 
according to Clause 7.4.2, 
provided As < 3.3% Ac As < 0.033 Ac

This is within the permitted 
range according to Clause 
3.2.4
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(2)	 External secondary columns.  There is no requirement, where flooring is spanning perpendicular to a build-
ing façade, that the centres of external and internal columns should be equal. Thus on grid line A column 
centres may be equidistant = 8.0 m. Similarly in the curved part columns are placed at 8.0 m centre-to-centre 
(x-axis), and on grid lines 1 and 4 also at 8.0 m centre-to-centre.

Where the flooring is spanning parallel with the edge of the building, the internal and external column centres 
should preferably be equal to avoid cranked beams and splayed floor slabs. Thus the maximum external beam 
span = 7.7 m, giving span/depth = 12.8, again within range. Therefore external beam depth also = 600 mm.

Step 4: Floor depths
The maximum floor span is 9.0 m centre-to-centre at grid 13/C–F, giving a clear span of 8.5 m (assuming the 
beams are 500 mm wide) and an effective span of 8.6 m (assuming 100 mm bearing lengths). For this type of 
building the choice of slab is realistically restricted to hollow-core or double-tee slabs, although with the majority 
of spans being 5.0 m to 8.0 m hollow-core flooring will be preferred. Given that the imposed live load on the floor 
and roof is 5.0 and 1.5 kN/m2 from Figure 3.22, select depth of hollow-core slab = 200 mm for all. The self-weight 
of 200 mm-deep hcu, including infill concrete in the ≈ 50 mm-wide joints between them, is 3.35 kN/m2. Thus the 
total dead udl for roof and floors = 3.35 + 1.50 = 4.85 kN/m2.

Step 5: Column sizes
Some knowledge of column design is required to make a good estimate of column sizes, but referring to Section 
3.2.6, use gross area = axial load/28.

(1)	 Internal columns.  Maximum axial load occurs at grid D/2, where the floor area supported by that column 
is 8 × ( (7+7)/2) = 56 m2, and the length of beam = 3.5 + 3.5 + 4.0 = 11.0 m. Allowing 5 kN/m and 3 kN/m 
for the self-weight of the beams and column, respectively, the maximum axial force (kN) at the foundation is:

Dead Live Dead Live

Roof slab = 56 m2 =
Roof beam = 11 m
Floor slab = 4 × 56 

= 224 m2

Floor beams = 
4 × 11 = 44 m

Column = 17 m
Total in kN

272
55

1086

220
51

1684

84
0

672**

0
0

756

Roof slab = 56 m2

Roof beam = 11 m
Floor slab = 4 × 56 

= 224 m2

Floor beams = 4 × 11 
= 44 m

Column = 17 m
Total in kN

272
55

1086

220
51

1684

84
0

784*

0
0

868
** live load reduction 30%, 

increased by area reduction to 
40 %

Ultimate force,
NEd = 1.35 × 1684 + 1.5 × 756
Try 400 mm at the ground to 

third floor.
l0 = l = 4000 mm
Radius of gyration i = 400 / √12
λ = 4000 / 115 
λlim = 20 × A × B × C /√n 
where A = 0.7, B = 1.1, C = 2.2 for 

braced columns where 
rm = –0.5 (based on 50% carry 
over to foundation), and 
n = NEd/Acfcd = 3407 × 103 / 
400 × 400 × 22.67 = 0.939

λlim = 20 × 0.7 × 1.1 × 2.2 / 0.969 
> 34.8 therefore column is short.

NEd = 3407 kN
b = h = 400 mm

b = h = 115 mm

λ = 34.8

λlim = 34.9

* live load reduction 30% for 
design of the five-storey column 
supporting four floors.

Ultimate force,
N = 1.4 × 1684 + 1.6 × 868

Hence 3746 1 /283b h= = ×( )0
Use 400 mm at the ground to third 

floor. The slenderness 
ratio = 4000/400 = 10 < 15, 
hence the column is not slender.

N = 3746 kN

b = h = 365 mm

**The multi-storey live load reduction factor from EC1-1 National Annex NA.2.6: for 5 storeys, where all floors and the 
roof qualify, αn = 1.1 – 5/10 = 0.6.

(Continued)
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This makes the length of the first and second lift columns 10 m and 7 m, respectively. A column splice can 
be made and concealed within the depth of the third-floor slab (where 200 mm depth is available in which 
to make the connection).

The axial force (kN) in the column above third floor is:

Dead Live Dead Live

Roof slab = 56 m2

Roof & floor 
beams = 22 m

Floor slab = 56 m2

Column = 7 m
Total in kN

272

110
272

21
675

84

0
252*

0
336

Roof slab = 56 m2

Roof & floor 
beams = 22 m

Floor slab = 56 m2

Column = 7 m
Total in kN

272

110
272

21
675

84

0
280

0
364

*live load area reduction to 10% 
remains.

Ultimate force,
NEd = 1.35 × 675 + 1.5 × 336
Try 300 mm above the third floor.
λ = 20 × A × B × C/(NEd/Acfcd)
l0 = l = 3000 mm
b h= = ×(1416  103 / 28)
Radius gyration i = 300 / √12
λ = 3000 / 87
λlim = 20 × A × B × C /√n
where A = 0.7, B = 1.1, C = 0.7 for 

braced columns where rm = +1.0 
(based on single curvature), and 
n = NEd/Ac fcd = 1416 × 103 / 
300 × 300 × 22.67 = 0.694

λlim = 20 × 0.7 × 1.1 × 0.7 / 0.833
< 34.5 therefore column is slender.
Clause 5.8.8.2. MEd = M0Ed + M2

where M0Ed = 50 kNm (is given)
Second order M2 = NEd e2

where e2 = 1/r lo
2 / 10

Clause 5.8.8.3.
(5.36) Take worst Kr = 1.0
(5.37) 

Kf = 1 + (0.35 + 0.2 – 34.5/150) 
× 1.0 = 1.32, letting fef = 1

(5.34) 1/r = 1.0 × 1.32 × 0.002175 
/ 0.45 × 350 = 18.2 × 10-6 using 
fyd = 0.87 × 500 N/mm2 and 
Es = 200000 N/mm2

e2 = 18.2 × 10-6 × 30002/10
 = 16.4 mm

MEd = 50 + 1416 × 0.0164
 = 73.3 kNm

Using Figure 4.53, the column is 
satisfactory as 300 × 300 mm.

NEd = 1416 kN

b = h = 225 mm
= 87 mm
λ = 34.5

λlim = 12.9

Ultimate force,
N = 1.4 × 675 + 1.6 × 364

Hence /b h= = ×( )1527 10 283

Use 300 mm at the roof to third floor. 
The slenderness ratio = 3000/300 = 
10 < 15, hence the column is not 
slender.

N = 1527 kN

b = h = 233 mm

Multi-storey live load reduction factor from EC1-1 National Annex NA.2.6: for 2 storeys, where the 4th floor and the roof 

qualify, αn = 0.9.
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(2)	 External columns  External columns are usually smaller in cross section than internal columns. The maximum 
load in an external column occurs on grid line A (neglecting for the moment the columns in the curved 
façade, which are non-rectangular and will be dealt with in Step 7), where the area of floor slab supported 
by the column is 8 × 8/2 = 32 m2. The external façade udl is assessed to be 6.6 kN/m for 1.5 m high double-
skin brickwork, plus 0.5 kN/m for glazing. Thus repeating the above procedures, at the foundation:

Try 300 mm square columns.
250 mm square columns could 

work here

N = 2430 kN
b = h = 96 mm

N = 2642 kN
b = h = 307 mm

Use 350 mm square or 400 × 300 mm ground to second floor, 300 mm square thereafter. The external column 
splice has been placed at the second floor in order to stagger the level of the splices. Note that changes in the 
external column section may cause severe problems in modular bay widths for window fixings, brickwork, 
etc. and should be discussed with the architect.

Step 6: Staircases
Figure 3.29(c) would be a good choice for all staircases. L-shaped edge beams would be used at the half-landing 
level. The stair side beams on grid lines B, C, H & J would be a rectangular shape with a cut-out to support the 
floor landing.

The depth of the flight unit would be approximately (5500/25) + 30 cover = 250 mm, i.e. equal to the floor 
depth. The landing could be either a 250 mm-deep hollow-core slab or a solid rc unit.

Step 7: Special Details
(1)	 Columns and edge beams to curved façade

The details in Figure 3.78 show the proposed shapes of these units. Because the angle offset at each of the 3 
interior columns (grids 10, 13) is equal, these columns may be similar in cross section. The beam span = 8.31 m.

The column profile between floor levels would be circular, and in the region of the beam connection would 
be a rhombus. The maximum area of floor slab supported by these columns (grid F/13) is (4.5 + 0.5 
overhang) × 8.245 = 41.23 m2.

The maximum axial load on these columns is approximately 3500 kN. Thus a column diameter to BS EN 
1992 of 250 mm could work {b = 354 mm to BS 8110}. Use 400 mm diameter over the full height, since a 

Figure 3.78  Edge details for the special beams used in the precast structure studied in Exercise 3.1.

(Continued)
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special mould would be required to cast these columns. In order to reduce the cost of this mould, the column 
should be spliced at the third-floor level. (Here it is better for the upper column to be the shorter length.)

The four curved edge beams would all be equal length and identical in shape, requiring only one additional 
mould. The ends of the beams would be square to fit against the rhombus-shaped column.

Careful attention would be required when scheduling the lengths and splayed ends to the hollow-core floor 
slabs in this area.

(2)	 Framing around large floor voids
It is very important to appreciate the effect of a major floor void. It may involve additional components 
rather than merely strengthening existing components. In this case the major services void occurs adjacent 
to the lift shaft at grid B/12. Referring to the detailed plan in Figure 3.77, the walls around the 2 m × 2 m void 
may be supported on the floor slab marked A. The total ultimate load of the 100 mm blockwork (plus plaster) 
along the side of the void in that slab = 14 kN. This is easily catered for using 200 mm-deep units.

Step 8: Stability ties
Although the calculation for tie forces is carried out at the detailed design, it is necessary to ensure at this stage 
that the ties can be positioned and made structurally continuous throughout the building. In floors without 
structural toppings the ties will be collected over the tops of beams and pass either through sleeves in the columns 
or alongside the column. This poses no problems except at staircases and lift shafts, where the ties cannot be 
continued straight through. Threaded bars are screwed into cast-in threaded sockets at these positions.

The perimeter ties approaching the external corners (e.g. grid A/1, K/4, etc.) are allowed to pass in an arc 
around the corner. However the ties approaching the re-entrant corner (grid D/4) are not, because the resultant 
force pulls towards the outside of the structure. Here the ties should pass straight on and be fully anchored in 
the floor slab beyond. The detailed design solution is shown in Figure 9.27.

Step 9: Construction matters
At this point it is worth considering the craneage requirements, the construction sequence and the self-weights 
of the units obtained in the preliminary design. It may be assumed that the site is a ‘green field’, with no obstruc-
tions to crane or lorry access. For the purpose of this exercise it may be assumed that the nearest approach the 
crane may make is to a line drawn at 5 m from the edge of the structure, and that the crane may be positioned 
at the most convenient point on this locus. To identify a suitable crane, it is necessary to determine the maximum 
moment (weight of unit × reach) as shown in Table 3.8:

Table 3.8  Determining the maximum moment for the crane

Unit Grid location
Weight
(tonne)

Maximum
reach (m)

Moment
(t m)

200 mm-deep hollow-core floor
Edge beams
Edge beams in curved façade
Internal beam
Lift-shaft walls at ground level
Main stair wall at ground level
Escape stair wall at ground level
Escape stair wall at upper level
Main stair flight
Escape stair flight
Internal column
External circular column

C–F/13
A/1–13
D–F/6–13
B/2–4
B–C/13
B–C/4
H & J/1–2
H & J/1–2
B–C/4–7
H–J/1–2
D/2
F/13

3.3
4.0
4.8
4.0
5.6
5.6
9.5*
6.6
6.0
5.7
3.9
3.0

10.0
5.0
6.0

13.0
14.5
14.5

8.5
8.5

12.3
8.5

13.0
5.0

33
20
29
52
81
81
81
56
73
48
51
15

*  This unit may be split into 2 units.



CHAPTER 4

Design of Skeletal Structures

4.1  Basis for the Design

The correct philosophy for the design of a precast concrete multi-storey structure is to consider it as 
a total entity, not an arbitrary set of components. The BCA’s Frames Manual [4.1] states: Precast 
concrete frames are often, but mistakenly, considered to consist of individual components which need to 
be designed and connected together in a manner that ensures adequate strength and interaction between 
them. . . . An assessment should be made of the requirements for each component and its contribution to 
the building as a whole.

Precast structural frame design is an interactive procedure, and several iterations within the design 
routine are carried out. The result is that the subtleties of the process have been refined by the pre-
casters to such a degree that it is difficult for the uninitiated to gain access to the thought process. 
Final solutions are born out of many years of trial and error in the design office, the testing laboratory 
and on site. Once the general (Chapter 1) and architectural (Chapter 3) aspects have been resolved, 
the order in which the design proceeds is as follows:

(1)	 precast concrete components: roof and floor slabs, staircases, beams, columns and walls
(2)	 connections between components
(3)	 stability: floor diaphragm action, walls, columns, and temporary safety
(4)	 structural integrity: robustness, ties, and progressive collapse.

The components of the structure are classified by considering their functions as either:

(a)	 slabs, simply supported between beams and providing the horizontal floor diaphragm;
(b)	 beams, supported between columns and providing the chords to the horizontal diaphragm; or
(c)	 columns and walls, carrying gravity forces to the foundations and providing the stabilising system.

In this context, staircases do not contribute to the structural system. The design considers individual 
precast components, the connections between them and their behaviour in the global structure at 

Detailed design methods, with worked examples, are given for the design of beams, staircases, and 
columns subjected to gravity loads. Materials specifications are given.

Multi-storey Precast Concrete Framed Structures, Second Edition. Kim S. Elliott and Colin K. Jolly.
© 2013 Kim S. Elliott and Colin K. Jolly. Published 2013 by Blackwell Publishing Ltd.
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both the serviceability and ultimate limiting states. In the former the components are proportioned 
so that crack and deflection criteria are satisfied and the effects of thermal, creep and shrinkage move-
ments are not adverse. At ultimate limit state, the components and their connections are checked for 
sufficient strength, stability and ductility.

Simplified 2-D sub-structuring of frames is used to determine the internal forces and moments in 
the members and connections; Figure 4.1. An elastic analysis of the structure is carried out and plastic 
methods are used for the design of the components. No redistribution of bending moments is con-
sidered. The effects of imperfections, e.g. lack of verticality, positions and stiffness of shear walls, 
creep, thermal movement and shrinkage, are catered for in the global structural frame analysis. The 
latter items are not generally considered in buildings where the plan dimension is less than 30 m. 
Equilibrium is checked on the basis of an undeformed structure, using first-order deflections to 
compute force eccentricities. Second-order deflections are used in the design of individual compo-
nents, e.g. columns and walls. Occasionally numerical finite element methods or full-scale experimen-
tal strain analysis of localised areas, e.g. supports, concentrated load points, anchorage zones and 
abrupt changes in geometric section, are used to validate design assumptions.

In the main, precast concrete buildings are analysed as pin-jointed, braced structures; Figure 4.2(a). 
The beams are simply supported between columns or walls, and the columns are required to resist 
axial loads and small moments produced by eccentric forces at the ends of beams. The foundations 
are pinned, and subjected only to axial compression. Although the design of the stabilising system is 
separate from the design of the components, the two are carried out simultaneously.

In certain cases, for example in buildings of up to three storeys, the structure is considered 
unbraced, relying for stability on cantilever action in the columns and moment-fixity at the 

Figure 4.1  Substructuring methods for precast frame design.
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foundation. As an alternative to every column resisting moments, a small number of large columns 
acting as deep beams may be used as wind posts at intervals along the structure; Figure 4.2(b). In 
both of these cases the stability design is an integral part of the component design.

Partially braced structures, Figure 4.2(c), offer a compromise between fully braced and fully 
unbraced structures. Here the component design is directly influenced by the stabilising system, and 
vice versa.

Figure 4.2  Principles of braced structures. (a) Principle of a pin-jointed braced structure; (b) principle of a 
bracing using deep columns; (c) principle of a partially braced structure.

(a)

(b)
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(c)

Figure 4.2  (Continued)

However, it is generally accepted that the most economical solution, in terms of manufacture and 
erection, is to use the pin-jointed braced version. The main advantages are:

	 Minimisation of precast components, e.g. columns may be multi-storey and beams need only be 
provided primarily in one direction (Figure 3.6).

	 Pin-jointed connections are made on site without the necessity of a seven-day (or longer) curing 
period required for in situ concrete joints.

	 The structure is structurally stable floor by floor.
	 Foundations are optimised because the column base is pin-jointed.

The main disadvantage is that shear walls etc. are often sought in places other than staircases and 
lift shafts in order to avoid torsional effects; see Section 8.2. Conflicting architectural and structural 
requirements occasionally lead to additional framing to satisfy both aspects.

4.2  Materials

Prefabrication of reinforced and prestressed concrete components has much greater potential  
for economy, structural performance and durability than cast-in situ concrete. Most precasting 
works use computer-controlled batching and mixing equipment, leading to a reduction in the  
standard deviation in the appropriate performance index, i.e. workability, strength gain, ultimate 
strength and uniformity. Typical values for the standard deviation of compressive cylinder {cube} 
strengths are 2 to 3 N/mm2 {3 to 4 N/mm2} for mean design strengths of 40 to 50 N/mm2 {50 to 
60 N/mm2}.

The working platform for casting concrete is adjacent to the mould and is therefore conducive to 
geometrical accuracy and good concrete compaction. The result is that the grade of concrete used 
can be exactly suited to the requirements of each type of component in order to expedite the use of 
the more expensive and exhaustible materials. Enhanced concrete stresses, i.e. up to the characteristic 
cylinder strength {0.8 of the cube strength}, may be used in certain situations. Tests on bespoke precast 
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Table 4.1  Design strengths and moduli used in precast components [4.2, 4.3]

Component Type Grade

Characteristic
strength
(N/mm2)

Design
strength
(N/mm2)

Tensile
strength
(N/mm2)

Modulus
(N/mm2)

To BS EN 1992-1 fck 0.567fck fctm Ecm

Beams, staircases, 
floors, shear walls

rc C32/40 32.0 18.13 3.0 33 350

Columns, 
load-bearing walls

rc C40/50 40.0 22.67 3.5 37 000

Beams, floors, 
staircases

psc C50/60 50.0 28.33 4.1 32 000

To BS 8110 fcu 0.45fcu fct Ec

Beams, staircases, 
floors, shear walls

rc C32/40 40.0 18.0 – 28 000

Columns, 
load-bearing walls

rc C40/50 50.0 22.5 – 30 000

Beams, floors, 
staircases

psc C50/60 60.0 27.0 3.50 32 000

Note:  Ecm {Ec} is the 28-day mean value. Long-term values are derived from the creep coefficients in BS EN 1992, Part 1, clause 
3.1.4 [4.4], or BS 8110, Part 2, clause 7.3 [4.5].

components and connections have been used to substantiate this assumption, which would not be 
possible with cast-in situ work.

4.2.1  Concrete

The 28-day characteristic and design strengths and short-term elastic moduli (N/mm2 units) for the 
range of standard mixes used are given in Table 4.1. The 28-day cylinder {cube} crushing strengths 
fck {fcu} refer to cylinders or cubes stored in water at 20°C (not air-cured), and refer to the grade indi-
cator C, followed by cube/cylinder strength.

Cement is classified according to BS 8500-2:2006 +A1:2012, Table 1. Cement type shall conform to 
BS EN 197-1:2000 Cement – Composition, specifications and conformity criteria for common cements. 
The grade of cement (e.g. 52.5R, 42.5N) shall be appropriate to the required 28-day cylinder {cube} 
strength and the strength at the time of demoulding or transfer of prestress.

Normal-weight coarse aggregates from natural land sources conform to BS EN 12620:2002, Aggre-
gates for concrete. Sea dredged aggregates are not used. The precast manufacturer can confirm the 
sources of all aggregates and suppliers’ name(s) for each category stored. Aggregates should be free 
from impurities such as pyrites, which may cause surface defects.

Mixing water conforms to EN 1008:2002 Mixing water for concrete, clause 3.1, and is potable 
from land sources. Water reclaimed from cement slurry is filtered such that the cement content is less 
than 10 per cent by weight, or the specific gravity of the filtered slurry is less than 1.1. Sea water is 
not used.

The design of concrete mixes is in accordance with national design data, e.g. in the UK that is 
Design of Normal Concrete Mixes [4.6]. Producers may modify the mix proportions according to BS 
EN 206-1:2000 [4.7] to obtain the greatest benefit from local materials, superior in quality to those 
in the national standard. One of the main mix-design parameters is the strength of concrete at an age 
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Table 4.2  Indicative strength gain and mix proportions in standard mixes

Mix proportions (kg/m3)

Grade

Lifting 
strength

28-day strength

RHPC Water Sand

Aggregates
Admixture1fck fcu

(N/mm2) (N/mm2) (N/mm2) <14 mm <10 mm (kg/m3)

C32/40 21 32 40 375 170 575 850 430 0
C40/50 25 40 50 400 150 525 890 445 0
C50/60 30 50 60 410 150 500 895 445 0
C50/602 35–38 50 60 410 100 685 775 480 0–603

Notes:  Actual values used depend on quality of local materials and the lifting requirements of the precast producer.
1  See Section 3.3.3.
2  Refers to machine-produced hollow-core, which accounts for the marked difference in the mix proportions of the C60 and C602 grades.
3  Includes Pozzolana used in certain hollow-core slab mixes, but a problem with blowholes in the soffits has limited wider use of these additives.

of 24 hours for beam, column, wall and staircase units, and between 12 and 24 hours for prestressed 
hollow-core slabs. This is the optimum age when the units are removed from the mould, and the 
strength at this time is termed the lifting strength. For prestressed units it coincides with the stress 
transfer strength. It is important that the cylinders {cubes} used for de-tensioning purposes are cured 
in the identical manner to the actual concrete. This may present a problem where an electrical heating 
method, such as induction in the tendons, is used. Accelerated-cure cylinders {cubes}, possibly no 
more than 24 hours old, are frequently used to predict the 28-day strengths. These strengths may be 
as high as 85 to 90 per cent of the 28-day value, and excellent correlation (within 5 per cent) is found.

Indicative values for concrete lifting strengths and design strengths, and mix proportions, are given 
in Table 4.2. The sand is medium zone, and the aggregates are normal-weight gravels, crushed lime-
stone or crushed granite.

Cast-in situ concrete is used to complete many types of connection. The strength of the in situ 
concrete is required to be the same as the precast concrete only where the load-carrying capacity  
must be equal to that in the parent precast member, e.g. column splices, but should not be less than 
grade C20/25. A special mix may be specified for pumped concrete to structural toppings. Notional 
values for infill in situ concrete strengths and mix proportions for the site-placed concrete are given 
in Table 4.3.

Expanding agents are occasionally used as an admixture. The data given here should not be used 
in favour of manufacturer’s instructions, which must be followed to give the correct dosage with 
respect to the type of cement used and the intended purpose of the mix.

Creep and shrinkage strains are determined according to BS EN 1992-1-1, clause 3.1.4 Figure 3.1, 
or BS 8110, Part 2, Figures 7.1 and 7.2, and by detailed calculation using Annex B. The age at loading 
is usually taken as 28 days. Relative humidity is taken as 50 per cent {45%} in internal situations, and 
80 per cent {85%} externally.

4.2.2  Concrete admixtures

Admixtures will comply with BS EN 934-1:2008, BS EN 934-2:2009 +A1:2012 and BS EN 934-3:2009 
+A1:2012 [4.8], Admixtures for concrete, mortar and grout. Self-compacting admixtures will comply 
with BS EN 206-9:2010 [4.9], Concrete – Additional rules for self-compacting concrete. Precast manu-
facturers will make known the dosages of all admixtures and provide certificates of conformity. The 
main types of admixture sometimes used in factory-cast concrete are as follows:



Design of Skeletal Structures  151

Table 4.3  Indicative infill in situ concrete strengths and mix proportions

Mix proportions (kg/m3)

Location Grade

28-day strength

OPC RHPC Water Sand

Aggregates
Admixturefck fcu

(N/mm2) (N/mm2) <20 mm1 <6 mm (kg/m3)

Floor infill
Structural toppings
Beam end  
connections2

C20/25 20 25 325 – 180 660 1235 – 0

Beam end  
connections
Wall infill

C32/40 32 40 – 425

425

250

250

1700

850

– 0

850

0–4

0–4

Column splices
Columns to  
foundations

C40/50 40 50 – 500
500

300
300

1575
785

– 0
785

0–5
0–5

Notes:  Actual values used depend on quality of local materials and the specific requirements of the contractor.
1  Graded through 20–5 mm.
2  Some end connections are large enough for concrete, rather than grout, to be used. See Section 7.9.

	 Pozzolana, such as pulverised fuel ash, used as a partial cement replacement in certain prestressed 
units;

	 retarding agents, used to retard the hardening of concrete surfaces that are to be removed to expose 
the aggregate matrix. The retarding agent is applied only to the surface of the mould, and is not 
added to the mix;

	 air entrainment agents, such as liquid lignosulfanate plasticising air entrainment, used to increase 
the plasticity of concrete for use in slip-formed products;

	 self-compacting concrete and rheology modifier, used in wet-cast work and for visual concrete;
	 colouring pigments, for visual concrete.

4.2.3  Reinforcement

High-tensile steel bars conform to BS EN 10080:2005 [4.10], Steel for the reinforcement of concrete as 
H500A, H500B and H500C, depending on the requirements for ductility. H500B is the most common. 
At present (year 2013), however, the technical specification is actually according to the UK National 
Annex, and is given by values of Re = yield strength = 500 N/mm2; Rm/Re = ratio of tensile strength/
yield strength = 1.05, 1.08 and 1.15 to 1.35 for classes A, B and C; Agt = percentage total elongation 
at maximum force = 2.5%, 5.0% and 7.5%, respectively; fatigue strength, bend performance, weldabil-
ity, bond strength, shear and weld strength for use in welded fabric, tolerances and dimensions. Note 
that H500 in 6 mm-diameter reinforcing steel does not comply with BS EN 1992-1-1 in respect of 
ductility. Shape codes are to ISO 3766:2003 [4.11].

High-tensile ribbed steel bar is used in the majority of cases, including shear links, where the 
increased tensile strength and lower cost outweigh the reduced ductility. This is particularly relevant 
in the highly stressed areas around connections and supports, where smaller volumes of reinforcement 
give greater access for concrete and vibrating pokers. Welded fabric (or mesh), produced from reduced 
plain high-tensile bar or indented wire, is used in 2-D units such as slabs and walls. It is a false 
economy to specify too many different bar types and sizes in precast production.
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Stainless-steel ribbed reinforcement is used in very exceptional circumstances where the thickness 
of a section is small with respect to the conditions of exposure, e.g. 75 mm thickness if the exposure 
category is severe or worse. Stainless-steel rebars conform to BS 6744:2001 [4.12], Stainless Steel Bars 
for the Reinforcement of and Use in Concrete. The yield strength is given as Re = 500 N/mm2, and 
Rm/Re = 1.10. For non-chloride exposure the grade shall be at least 1.4301 (was BS 6744 grade 304); 
otherwise grades 1.4401 or 1.4436 shall be used (was BS 6744 grade 316). Stainless-steel mesh fabric 
is to BS 4483:2005 [4.13].

Epoxy fusion-bonded reinforcement, galvanised steel reinforcement, and fibre-reinforced polymer 
reinforcement are not usually used.

The bar diameters commonly used are 8 and 10 mm for column stirrups; 8, 10 and 12 mm for beam 
links and distribution (crack control) bars; and 16, 25, 32 and 40 mm for the main flexural bars. 
Popular mesh sizes are A142 (6 mm bars at 200 mm centres) and A193 (7 mm bars at 200 mm centres) 
for flat precast units such as plank floor slabs and walls, and for structural toppings. C283 mesh (6 mm 
bars at 100 mm centres in one direction and 5 mm bars at 400 mm centres in the other) is used in the 
flanges of double-tee slabs. The 5 percentile characteristic strength (N/mm2) for hot-rolled, high-yield 
steel is taken as 500 N/mm2 {and for mild steel is 250 N/mm2 (note that grade 250 rebar is not recog-
nised in BS EN 1992-1-1, clause 3.2.2)}. The modulus of elasticity is taken as 200 kN/mm2.

4.2.4  Prestressing steel

Two main types of prestressing steel tendon are commonly used:

	 5 or 7 mm-diameter (occasionally 9 mm) indented (or crimped) wire or plain wire.
	 9.3, 10.9, 12.5 or 15.2-mm diameter 7-wire standard helical strand.
	 9.6 and 15.7 mm-diameter 7-wire super-stress strand.

Prestressing tendons conform to BS EN 10138-1, Prestressing steel – Part 1: General requirements 
(in draft) [4.14]. Helical strand comprising of 3 or 7 hot-rolled wires, and individual hot-rolled plain 
or Belgian indented wire, are all, in accordance with BS EN 1992-1-1 clause 3.3.2 (4), having ‘low’ 
relaxation class 2, i.e. 2.5 per cent after 1000 hours stressed. In some cases the manufacturer may use 
the supplier’s data, where relaxation as low as 1.6 per cent is possible. Plain and indented wire of 5 
and 7 mm diameter, and ribbed wire of 9 mm diameter, may be used. Maximum diameters for use in 
hollow-core units are given in BS EN 1168:2005, clause 4.1.1.1 [4.15].

Smaller diameters are possible, such as 6.5 mm-diameter strand made from three wires, but less 
frequently used. A popular type of helical strand, called ‘Dyform’, is drawn through a die to partly 
flatten the six outer wires. Both wire and strand are classified as ‘class 2: 2.5 per cent low relaxation’, 
meaning the final stress in the wire after elastic relaxation over 1000 hours will be 97.5 per cent  
of the original prestress. The 5 per cent characteristic strength is taken as fpk {fpu} = 1750 N/mm2, 
except for 7 mm wire fpk {fpu} = 1670 N/mm2. Super-stress strand is also available, where fpk 
{fpu} = 1860 N/mm2 and the relaxation is 2.5 per cent.

The modulus of elasticity Ep is taken as 195 kN/mm2 for helical strand, and 205 kN/mm2 for 
indented wire.

4.2.5  Structural steel and bolts

Structural steelwork conforms to BS EN 10025-1:2004, Hot rolled products of structural steels: General 
technical delivery conditions, and is designed according to EC3. Rolled steel sections and bent or flat 
steel plate are welded to form steel connectors in many highly stressed support situations where direct 
contact between concrete surfaces is to be avoided. Steelwork is usually coated with zinc phosphate 
high-performance metal primer, to give a mean dry coating thickness of at least 0.08 mm, or polya-
mide cured epoxy primer at least 0.08 mm thick.
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The steel most used is grade S275 {43} or grade S355 {50}. Welding electrodes are of minimum 
grade E43. The most common types of rolled section used in beam shear boxes and/or column inserts 
are rectangular hollow sections (typically 200 × 100 mm or 150 × 100 mm cross section), square 
hollow sections (typically 150 mm or 100 mm size), channels and angles. Solid steel billets are also 
used in column inserts. Steelwork entirely cast in concrete is cleaned by blasting to ISO 8501-1 to 
standard SA1, where poorly adhering mill-scale, rust and old paint and foreign matter are removed, 
but well-adhered contaminants remain. No primer is used.

Hot-dipped galvanised steel is used for exposed connections, usually those of secondary structural 
significance, such as dovetail channels for brick ties. The basic plate is grade 43 steel, and grade 50 is 
used in the more highly stressed plates. It conforms to ISO 1461:1999, Hot-dip galvanised coatings on 
fabricated iron and steel articles.

Metric bolts, set screws and nuts still conform to BS 3692:2001, ISO metric precision hexagon bolts, 
screws and nuts. Specification, and washers to BS 4320:1968, Specification for metal washers for general 
engineering purposes. Metric series. (There are no current documents as EN.) The minimum diameter 
for a structural bolt or threaded rod is 12 mm. Strength grades for ‘black bolts’ of carbon steel are to 
Grade 4.6, 5.6, 6.8, 8.8 (both ≤16 mm and >16 mm) and 10.9. Grade strength of nuts is 4, 5, 6, 8 and 
10, respectively. Grade 8.8 galvanised, preferably sherardised, bolts are now more commonly specified. 
Strength classes of stainless-steel bolts and screws are 50, 70, 80 and 100.

High-strength friction-grip bolts (HSFG) are used in special circumstances where the integrity and 
safety (both temporary and permanent) of connections made with ordinary bolts in clearance holes 
cannot be guaranteed. HSFG bolts conform to the National Annex A to BS EN 1993-1-8:2005, UK 
National Annex to Eurocode 3, Design of steel structures. Design of joints. Grades are 8.8, 10.9 and 12.9. 
Preloading of HSFG bolts is to BS EN 14399-1:2005, High-strength structural bolting assemblies for 
preloading. General requirements.

Welding of steel plates to plates or rebars is carried out to BS EN 1011-1:2009, Welding. Recom-
mendations for welding of metallic material. General guidance for arc welding. The importance of the 
welding to the structural behaviour of many connections cannot be overstated. Welding electrodes 
conform to BS EN 1011-2:2001, Arc welding of ferritic steels, and BS EN 1011-3:2000, Arc welding of 
stainless steels. Welding of reinforcement bars is mostly by metal–inert gas, known as ‘MIG-welding’. 
Electrodes are quite small and are usually between 2.5 and 6 mm in diameter. Preheating is not 
required, and post-weld heat treatment is not normally carried out on such small items.

4.2.6  Non-cementitious materials

Polymers and additives are used extensively in site work. Epoxy-based mortars are used to make, either 
partially or completely, connections where a rapid gain in strength is required, e.g. up to 40 N/mm2 
in 2 to 3 hours. Care is taken to ensure that these materials have not exceeded their shelf life, are being 
used correctly and for the right application. Neoprene, rubbers and mastics are used for soft bearings, 
backing strips, etc. The specification and design are according to BS EN 1337-3:2005, Structural bear-
ings – Part 3: Elastomeric bearings (currently under revision as prEN 1337-3:2011, Structural bearings 
– Part 3). The PCI Manual on Architectural Precast Cladding [4.2] gives extensive guidance on the use 
of these materials. Although they are not used extensively in precast structures, a typical range of 
applications and representative material properties is given in Table 4.4. See also the Institution of 
Structural Engineers’ Manual, Section 3 [4.16].

4.3  Structural Design

4.3.1  Terminology

The term ‘component’ is used to describe the single prefabricated artefact, e.g. a beam. Occasionally 
the term ‘unit’ is used to describe single floor components, such as hollow-core units.
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Table 4.4  Use of non-cementitious materials in precast construction

Material Application Data (at 20°C)

Elastomeric bearings, e.g. 
neoprene, rubber

Bearing pads Compressive strength = 7 N/mm2

Shear strength = 1 N/mm2

Compressive strain = 15%

Bitumen-impregnated sealing strip Backing strip to concrete joints Compressibility = 85%

Polysulfide sealants Expansion joints Elongation strain < 50%

Epoxy resin mortars Compression, shear or tension 
joints

Compressive strength = 55–110 N/mm2

Tensile strength = 9–20 N/mm2

Elongation strain < 15%

Polyester resin mortars Compression, shear or tension 
joints

Compressive strength = 55–110 N/mm2

Tensile strength = 6–15 N/mm2

Elongation strain < 2%

Polystyrene Filler, back-up blocks

Precast components are divided into the following groups:

	 linear components: beams and columns
	 2-D components: floors, walls, stairs and landings
	 3-D components: towers, cores
	 others: foundations, cladding panels, plant room roofs, etc.

The term ‘members’ is used to describe a situation where the construction is completed by the use 
or two or more components, e.g. composite members consist of precast floor components and in situ 
concrete. ‘Non-isolated members’ are those that interact with other members and would sustain loads 
in the event of failure to their supporting member. For example, hollow-core floor units with fully 
grouted joints would sustain load if the supporting beam failed.

4.3.2(a)  Design methods

Horizontal components are designed as simply supported. The effective span is calculated either in 
accordance with BS EN 1992-1-1, clause 5.3.2 [4.4] {BS 8110, Part 1, clause 3.4.1 [4.5]} (see Figure 
4.3), or by determining the point of effective rotation between the members. Maximum flexural and 
torsional moments and shear forces are computed for the fundamental serviceability and ultimate 
limit states, the accidental load condition, and for lifting at the factory and on site.

Particular care must be taken when flexible members (e.g. long-span permanent formwork for 
structural toppings) bear onto boot lintels. Small changes of the support location can create large 
percentage changes of the torsional moments. Figure 4.4 shows how slab deflections can increase the 
effective lever arm of the reaction. Precambering of slab members can be used advantageously to 
pre-empt this effect, or stepped bearing surfaces can be created at the support. Similarly, large tor-
sional moments can be induced in supporting beams by fixing slab members (e.g. by welding lugs) 
prior to application of screeds or toppings. Curvature of the slab members can result from wet screed 
loads, or from overnight cooling of slab top surfaces fixed on sunny days. The bridge loading code 
BS 5400 [4.17] provides means of estimating temperature gradients through the slabs and thus quan-
tifying the curvature in accordance with BS EN 1991-1-5 [4.18] which accounts for thermal gradients 
in building components as well as in bridges.
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Figure 4.3  Point of effective rotation of simply supported members. (a) Precast unit bearing directly on 
support. (b) In situ bearing cast onto support. (c) Use of bearing pad.

(a)

(b)

(c)

Figure 4.4  Effect of geometry changes at bearings: (a) precamber in beam; (b) deflection within span under load; (c) chamfer 
to exposed corner; and (d) stepped bearing surface.

(a) (b) (c) (d)

Prestressed components are designed to BS 8110 mainly as ‘Class 2’, but in some situations to ‘Class 
3(0.1)’ or even ‘Class 3(0.2)’ with regard to serviceability stress limitations. The Eurocode BS EN 1992-
1-1 does NOT specify the appropriate tensile strength (nor do the product standards EN 13369 or EN 
1168), and this can be the subject of some discussion. The mean axial tensile strength fctm (Table 3.1) is 
more appropriately used if the stress distribution in the bottom of the section is nearly linear, as in the 
case of hollow-core units that have wide but shallow bottom flanges. But in solid sections where the 
stress distribution is triangular, the mean flexural tensile strength fctm,fl = max(fctm ; (1.6 − h/1000)fctm), 
where h = depth in plane of bending in mm (clause 3.1.8.(1)) might be used. These differences are 
explained in Figure 4.5. Note that fctm is roughly comparable to Class 2, as fctm,fl is to Class 3.



156  Multi-storey Precast Concrete Framed Structures

Figure 4.5  Defining mean axial tensile strength and mean flexural tensile strengths.

Tension in this zone is approximately axial
Use fctm 

Tension is linear
Use fctm,fl

In BS EN 1992-1-1, it is more convenient to take fctm as the permissible tension because according 
to clause 7.3.2.(4): . . . no minimum reinforcement is required . . . where under the characteristic com-
bination of loads . . . the absolute value of the tensile stress in the concrete is below σct,p (where σct,p = fct,eff 
in clause 7.3.2.(2) = fctm).

Therefore in order to use fctm,fl minimum reinforcement Ap is required according to BS EN 1992-1-1, 

Eq. 7.1 and clause 7.3.2.(3) as ξAp Δσp ≥ kc k fcteff Ac,eff, where Δσp is the stress variation in the tendons 
from the state of zero strain in the concrete at the level of the tendons after the concrete there has 
been decompressed by the characteristic loads, i.e. Δσp = m(Ms/Zz − fz), where m = modular ratio, 
taken here as 15; fz is the pre-compression after losses; and Zz is the section modulus at the level of 
the tendons. Unfortunately if tendons are considered alone (no static reinforcement), this equation 
is often unworkable, as shown in the following example. Consider a typical 200 mm-deep hollow- 
core unit with a small area of strands of, say, 370 mm2 in which fz = +4.2 N/mm2 and the service 
moment of resistance Msr = 80.0 kNm. Then Δσp is only = 15 × (80.0/11.1 − 4.2) = 45 N/mm2. Using 
fctm = 4.07 N/mm2 (for fck = 50 N/mm2), fctm,fl = 4.07 × (1.6 − 0.200) = 5.7 N/mm2, ξ = 0.6 for strands 
(BS EN 1992-1-1, Table 6.2), kc = 0.4, k is taken as 1.0, Ac,eff is the portion of the unit in tension and 

is found to be 33 000 mm2. Thus ′ = × × × =Ap 0 4 1 4 07 33 000 45 0 6 1540 2. . / . mm . This is not a prac-
ticable procedure in design, and is an unreasonable answer that is clearly due to using the post-
decompression stress Δσp, compared with the full value of fyk used in rc calculations for As,min. For this 
reason, fctm is the preferred choice for permissible tension.

Most walls are designed as ‘plain’ because of the small quantities of reinforcement required, and 
are in accordance with BS EN 1992-1-1, Section 12, clause 12.6.

Although minimum section sizes are nearly always governed by influences other than design 
strength, the minimum practical dimensions for components are 50 mm for the flanges of solid slabs, 
75 mm for solid slabs, and 140 to 150 mm for horizontally cast beams, columns and shear walls.

Dimensional deviations from the nominal cross section are in accordance with BS EN 1991, clause 
4 [4.4] {BS 8110, Part 1, clause 6.11.3 [4.5]}. (Section 3 of the BCA Manual [4.1] gives further guid-
ance on tolerances.) The design assumes that the effects of deviations are included as part of the 
relevant partial safety factors and the designer should not design using the reduced sections. Table 
4.5 gives the results of a sensitivity analysis on 300 mm wide × 300 mm and 600 mm deep rectangular 

The permissible tensile stress in BS EN 1992-1-1 is controlled by crack width requirements in Table 
7.1N (also National Application document Table NA4) and is related to durability as follows:

Exposure Class
Crack width 

(mm)
Permissible 
tension Service live load

X0, XC1 0.2 fctm or fctm,fl Characteristic
XC2, XC3, XC4 0.2 Zero Quasi-permanent
XD1, XD2, XS1, XS2, XS3 0.2 Zero Frequent
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Table 4.5  Effects of dimensional deviation on flexural serviceability strength of prestressed beams

Nominal cross section
height h × breadth b
(mm)

Dimension 
deviation
(mm)

Relative flexural strength for
deviation of positions of tendons*

−5 mm 0 +5 mm

300 × 300 −5 0.92 0.96 1.00
0 0.95 1.00 1.04

+5 1.00 1.04 1.07

600 × 300 −5 0.96 0.98 1.00
0 0.98 1.00 1.02

+5 1.01 1.02 1.04

Notes: 
Negative value means nearer to the neutral axis of the section.
All prestressing parameters are constant for each size of beam.
Concrete grade C50/60.

psc beams (refer to Figure 4.6) and shows the effects that deviations of both the position of the cen-
troid of the tendons and the dimension of the beam have on strength.

The results for the ultimate condition were broadly similar, but with slightly smaller differences for 
the larger deviations. The table shows that the effects of negative beam and positive tendon deviations, 
and vice versa, cancel each other out irrespective of the depth of the beam, e.g. the relative strength 
of a beam 305 mm deep with the tendons raised by +5 mm = 1.00. Where the 5 mm deviations are 
cumulative, the reductions or increases are in the order of 8 percentage points for the 300 mm deep 
beam and 3 percentage points for the 600 mm deep beam.

Minimum and maximum volumes of reinforcement can be optimised to give the most benefit in 
prefabricated concrete. Maximum volume ratios in the order of 10 per cent are possible in flexural 
components, particularly where the higher-strength concretes (grade > C50/60) are used, in order to 
minimise depth. Because factory-cast units are cured in a controlled environment, it is possible for 
minimum quantities of reinforcement to be less than for in situ concrete. All major structural com-
ponents are reinforced in accordance with BS EN 1992-1-1, clause 7.3 {BS 8110, Part 1, clause 3.12.5.} 
for cracking, and in BS EN 1992-1-1, clause 9.5.3 [4.4] {BS 8110, Part 1, Table 3.27 [4.5]} generally. 
The requirements are summarised in Table 4.6.

The spacing of reinforcement will be described in the individual component design in Sections 
4.3.3 to 4.3.5. The cover to all reinforcement (including links) is as indicated in Figure 4.7. Cover to 
BS EN 1992-1-1 will normally be the bar diameter plus dimensional deviation for inside buildings, 
but see clause 4.4.1 for durability requirements [4.4]. {The exposure class, according to BS 8110, Part 
1, Table 3.2 [4.5] is mild for internal use.} The dimensional deviation Δcdev to the reinforcement cover 
is taken as 5 mm, from equation 4.3N.

4.3.2(b)  Reduced partial safety factors for precast design

The safety of design carried out to BS EN 1992-1-1 is based on the probabilistic approach in the 
Eurocode BS EN 1990:2002: EC0 Basis of Structural Design. The code outlines possible reasons for 
reducing partial safety factors (PSF) for dead load (self-weight), and for concrete and steel reinforce-
ment used in precast manufacture, due to the beneficial influence of the prefabrication process. For 
example, according to a report Precast Concrete Safety Factors [4.19], the self-weight of precast ele-
ments was found to vary by less than half of the current hypothesis adopted for dead weight. The 
PSF for materials given in BS EN 1992-1-1, clause 2.4.2.4, i.e. γmc = 1.5 for concrete and γms = 1.15 for 
rebars (previously 1.05 in BS 8110:1985), correspond to geometrical deviations of Class 1 in BS EN 
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Figure 4.7  Cover to reinforcement in prestressed and reinforced components (centroidal cover distance is 
often used in psc).

Figure 4.6  Definitions of dimensions used in Table 4.5.
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Table 4.6  Maximum and minimum reinforcement quantities as percentage of effective areas

Component Steel

Primary Transverse+

Min % Max % Min % Max %

To BS EN 1992-1-1

Rectangular, tee or 
inverted L-beam

HT/
MS

0 26.
f

f
ctm

yk

 ≥0.13 4.0 As for primary reinforcement, but 
if cracking is likely see Clause 7.3.

Columns HT/
MS

0.40 4 (8 at laps) Clause 9.5.3 **

Walls HT/
MS

0.20 4.0 1.0 &

Clause 9.6.3/4

4.0

To BS 8110

Rectangular, tee or 
inverted L-beam, 
bw ≥ 400 mm

HT 0.13 4.0 0.15* 4.0

MS 0.24 4.0 0.15* 4.0

Tee or inverted 
L-beam, 
bw < 400 mm

HT 0.18 4.0 0.15 4.0

MS 0.32 4.0 0.15 4.0

Inverted-tee beam HT 0.26 4.0 0.15 4.0

MS 0.48 4.0 0.15 4.0

L- beam HT 0.20 4.0 0.15 4.0

MS 0.36 4.0 0.15 4.0

Columns HT/
MS

0.40 8 (10 at laps) Clause 3.12.7.1 **

Walls HT 0.40 4.0 0.25 &

Clause 3.12.7.4

4.0 or

Clause 3.12.7.5

MS 0.4 4.0 0.3 &

Clause 3.12.7.4

4.0 or

Clause 3.12.7.5

Notes:
HT = high-tensile rebar, fyk {fy} = 500 N/mm2; MS = mild steel plain bar, fyk {fy} = 250 N/mm2.
+  Transverse bars at 90° to primary bars, or minimum links for beams.
*  In slabs and staircases, provision for torsion may be required to BS EN 1992-1-1, Clause 9.3 [4.4] {BS 8110, Clause 3.5.3.5 
[4.5]}.
**  No requirement, but in practice limited to between 1.5 and 2.0 per cent.

13670-1:2009, Execution of concrete structures and to the normal levels of workmanship and inspection 
in the same EN.

Recommendations for reduced PSF for precast concrete are given in BS EN 1992-1-1, Annex A.3. 
This refers to Annex A.2, clause A.2.1(1) and states that if deviations in the cross-section dimension 
Δb and the position of reinforcement Δc ≤ 5 mm within a depth h ≤ 150 mm, or Δb and Δc ≤ 10 mm 
within a depth h ≤ 400 mm, then a reduced PSF for rebar of γms = 1.1 may be used. If this is satisfied, 
and the coefficient of variation of concrete strength is less than 10 per cent, then a reduced PSF for 
concrete γmc = 1.4.

To test these criteria, a Working Party from nine European countries, including BRE (UK), CERIB 
(France) and RTT (Finland), published a report Precast Concrete Safety Factors [4.19], in which the 
following are proposed: see Table 4.7.
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Table 4.7  Proposed reduced partial safety factors for steel rebars, concrete and dead load

Reinforcement 
generally

γms

Reinforcement in 
special elements*

γms

Concrete
γmc

Dead 
load

γG

Cast-in situ 1.15 1.15 1.50 1.35

Precast concrete 1.15 1.09 1.42 1.28

Precast with tightened 
tolerance quality**

1.15 1.07 1.42 1.21

*  Elements with a high sensitivity to geometrical uncertainty, e.g. less than 250 mm-thick, hollow-core units.
**  Tightened tolerances and strict quality control conditions apply when variation in geometry < 2.5% mean.

A measurement campaign was carried out on precast reinforced and prestressed concrete beams, 
columns, and ribbed, solid and hollow-core floors at 20 factories in 10 countries (see Figure 4.8). 
Measurements included concrete strength, density, element volume and self-weight, placement of bars 
and cover, widths of webs and flanges, and camber.

Figure 4.9 shows that probability density function (p.d.f., i.e. the likelihood for the position to occur 
at a given point in the precast element) for deviations in the position of rebars of ±10 mm was less 
than 3 per cent. Figure 4.10 shows the mean deviation from nominal (mean) and standard deviations 
(s.d.) for the depth and width of precast elements; in 65 product groups of measurements, only four 
were outside the mean variation of ±5 mm, and there were only three results where the s.d. > 6 mm. 
For 991 measurements of depth, ranging from 200 to 2000 mm, the range was generally ±10 mm, the 
mean = 0.85 mm and the s.d. = 5.0 mm. For 730 measurements of width, up to 3000 mm, the range 
was generally −5 to +10 mm, the mean = 0.23 mm and the s.d. = 4.9 mm. The linear trend lines are 
confusing, as the s.d. for width decreases to about 2 mm for wider elements, but the opposite is found 

Figure 4.8  Hundreds of measurements were taken of the self-weight of precast elements in the report 
Precast Concrete Safety Factors, in CERIB Publication [4.19]. (Courtesy Photothèque CERIB.)



Design of Skeletal Structures  161

for deeper elements, although the scatter may be distorting the picture here. The results from this 
study suggest that a reduced PSF for concrete of γmc = 1.4 is appropriate, providing a manufacturer 
supplies the appropriate corroborated data. However, γmc = 1.4 will not be used in this textbook. The 
proposed reduced PSF for dead load of γf = 1.28 has already been recognised in EC0, equation 6.10(b), 
where γf = 0.925 × 1.35 = 1.25.

BS EN 13369, Annex C, clause C.2 [4.20] reiterates the tightened tolerances given in BS EN 
1992-1-1, Annex A.2. Hollow-core floor units may have difficulty in meeting the requirements for 
dimension deviation on depth, i.e. ±5 mm for h  ≤  150 mm, or ±10 mm for h  ≤  400 mm. The 
author has measured the depth of more than 1400 hcus over the period 2005–2008 at three dif-
ferent UK producers. The deviation in depth, ranging from −10 mm to +15 mm, is shown in Figure 
4.11. For units h  ≤  150 mm (including a solid plank made in the same process as an hcu) the 

Figure 4.10  Standard and mean deviations in the depth and width of precast elements, adapted from pages 
38–39 of ref. [4.19].
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results just fall within range, but not for 200  ≤  h  ≤  400 mm, where deviations up to −10 to +15 mm 
are found. The positive deviation is often a local effect where part of the cross section is deeper, 
over a breadth of about 150–200 mm out of 1200 mm. Negative deviations of more than −10 mm 
are localised, but negative deviations less than that may be due to a top plate in slip-forming 
machines pushing and tamping down the top flange. Extruded units are generally more accurate. 
The accuracy in length, typically ±10 mm, but in the newer factories within ±3 or better, is not an 
issue, as the limit is 30 mm.

4.3.3  Design of beams

The design of beams is based on ordinary reinforced or prestressed concrete principles for specified 
loads and support conditions. Complications in design are associated with beam-to-beam connec-
tions, large asymmetrical loadings, and the provision of service holes near to the ends of beams where 
special shear cages or shear boxes are provided to transmit shear forces to the support. A predeter-
mined set of standardised beam section geometries is selected according to the requirements of most 
building structures, and both flexural and shear reinforcements are computed for the optimum rein-
forcement quantities appropriate to each size of beam. PC-compatible software is generally used, and 
checks for deflections, crack widths, etc. are made simultaneously with strength calculations.

Extensive testing has been carried out over many years to prove the satisfactory performance of 
precast reinforced and prestressed beams, e.g. [4.3, 4.21, 4.22].

Standardised designs are prepared for beams which vary only in depth, breadth and quantity of 
reinforcement. Ultimate moments and shear resistances are thus equated with particular project 
requirements. Families of curves or tabulated data are usually prepared in advance. Standard calcula-
tions often allow for service holes up to 50 mm in diameter, with their axes located near the neutral 
axis of the beam.

Precast concrete beams are mostly simply supported and singly reinforced, thanks to the higher 
strength of concrete used in precast versus in situ construction, although doubly reinforced sections 
are possible. In BS EN 1992-1-1 the limiting depth to the neutral axis is not obvious, as Figure 6.1 
explicitly defines the limiting value of X only for the linear-parabolic (X = 0.4286h) and bilinear 

Figure 4.11  Dimensional deviations for measured depths of precast concrete hollow-core floor slabs.
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(X = 0.5h) stress block conditions. Clause 5.5(4), equation 5.10 gives the expression δ ≥ k1 + k2 xu/d, 
where δ is the ratio of moment to redistributed moment, and the National Annex Document to BS 
EN 1992-1-1 permits k1 = 0.4 and k2 = 0.6 + 0.0014/εcu. If εcu = 0.0035 and rearranging, xu/d ≤ δ − 0.4. 
If δ = 1, then xu/d ≤ 0.6. Thus X/d ≤ 0.6 will be used in this text for checking single reinforcement in 
simply supported beams. It should be noted that in some textbooks (in particular the ISE Manual 
[4.23] to which the textbooks refer) on reinforced concrete, xu/d = 0.45 is used. This is because in BS 
EN 1992-1-1, clause 5.6.3(1) & (2) where plastic rotations occur, for example over supports in the 
region of yield hinges in slabs, where there is a frequent assumption of 15 per cent redistribution, the 
expression for δ implies a restriction to xu/d ≤ 0.45 for concrete ≤ grade C50/60. The limiting depth 
X to the neutral axis in singly reinforced sections in BS 8110 is clearly stated as X ≤ 0.5d.

Given that the depth of the idealised compressive stress block in BS EN 1992-1-1 is 0.8X = 0.48d 
{and 0.9X = 0.45d in BS 8110}, the limiting value for single reinforcement is K′ = MEd/fckbd2 = 0.2067 
{Mu/fcubd2 = 0.156}. Values for elsewhere in Europe are k1 = 0.44, k2 = 1.25(0.6 + 0.0014/εcu), 
X/d ≤ 0.56, and MEd/fckbd2 = 0.158.

Design methods are either ‘non-composite’ – in which the in situ concrete infill between the ends 
of the slab and beam is ignored – or ‘composite’. Composite beam design is dealt with in Chapter 6.

4.3.4  Non-composite reinforced concrete beams

Non-composite construction utilises the properties of the basic beam. Ultimate moments and shear 
resistances are equated with particular project requirements. Load versus span data may be presented, 
as shown in Figure 4.12, for a range of reinforced concrete edge beams and prestressed concrete 
internal beams, as seen in Figures 3.34(a) and 3.34(b).

L-shaped edge beams, otherwise known as ‘ledger beams’, support non-symmetrical floor loads, 
usually at the edge of the structure. In this book the part of the beam supporting the floor is called 
the ‘boot’ and the main web is the ‘upstand’. Edge beams are designed as under-reinforced and either 
singly reinforced or doubly reinforced, because the lacer bars in the top of the upstand will increase 
the moment of resistance. The only complication to design is if the breadth of the upstand varies, but 
a simple computer program can be written to deal with this. There are two types of edge beam, shown 
in Figures 4.13 and 4.14:

	 Type I, where a wide upstand is part of the structural section, or
	 Type II, where a narrow upstand (less than 100 mm) provides a permanent formwork to the floor 

slab, and is considered monolithic with the in situ concrete infill at the ends of the floor slab. The 
in situ concrete is adequately confined by the floor slabs.

Type I edge beams
In type I beams, the minimum width of the upstand should be approximately bw = 160 mm. This 
allows for two 16 mm-diameter bars to be placed within a 12 mm-diameter shear stirrup, with ade-
quate cover and bar spacing, as shown in Figure 4.15. The ledge width is worked out by adding 
together the nominal slab bearing length (75 mm), a fixing tolerance (10 mm) and the clear space 
required for in situ infill (50 mm), giving a typical total dimension of 135 mm. Thus the minimum 
breadth of a type I beam is 295 mm, say 300 mm. The precast concrete upstand width in type I beams 
is about 75 to 100 mm, but that is because the in situ concrete is considered as part of the beam. Then 
bw = (b − 75 mm) and the minimum breadth is about b = 250 mm.

Minimum depth is often determined by the size of the connector in the end of the beam, but there 
is no reason why the beam should not be shallower away from the connection. In this case the 
minimum depth would be equal to the depth of the floor slab (hs) plus the minimum boot depth of 
150 mm. In most buildings floor depth is at least 150 mm.

The general approach is to limit the increments to 50 mm for both depth (from 300 to 900 mm) 
and breadth (from 250 to 450 mm) and compute ultimate moments and shear resistances as follows. 



164  Multi-storey Precast Concrete Framed Structures

Figure 4.12  Typical superimposed load versus span data for prestressed and reinforced beams. 
(a) Reinforced external L beams. (b) Prestressed inverted-tee beams.

(a)

(b)
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Figure 4.13  Type I edge beams.

Figure 4.14  Type II edge beams.

Figure 4.15  Definitions of geometry for Type I beams.
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Table 4.8  Flexural strength of Type I L-shaped edge beams

Overall depth
of beam, h 
(mm)

Bars in bottom
of beam

As

(mm2)
d

(mm)

To EC2 To BS 8110

X/d MRd

(kNm)
X/d Mr 

(kNm)

400 2 H25 + 1 H12 1095 340 0.600 112 0.500 101
500 3 H25 1473 440 0.571 217 0.500 199
600 2 H32 + 1 H20 1922 537 0.547 341 0.500 330
700 3 H32 2413 637 0.534 506 0.496 498
800 2 H40 + 1 H25 3004 733 0.540 720 0.500 704
900 3 H40 3770 833 0.562 1013 0.500 950

T = 0.87 fykρb h (4.1) T = 0.87 fyρb h (4.1)
C1 ≤ 0.567fck (b − 135) hs (4.2) C1 ≤ 0.45 fcu (b − 135) hs (4.2)
C2 = 0.567fck b (0.8 X − hs) (4.3) C2 = 0.45 fcu b (0.9 X − hs) (4.3)
T − C1 = C2 T − C1 = C2

hence X, and check: hence X, and check:
X < 0.6 d X < 0.5d
z1 = d − hs/2 and (4.4a) z1 = d − hs/2 and (4.4a)
z2 = (d − 0.4X) − hs/2 (4.4b) z2 = (d − 0.45X) − hs/2 (4.4b)
MRd = C1 z1 + C2 z2 (4.5) Mr = C1 z1 + C2 z2 (4.5)
If If
C1 > T, then X < hs and C1 > T, then X < hs and
MRd = T (d − 0.4 X) (4.6) Mr = T (d − 0.45 X) (4.6)

Type II edge beams
The design for type II beams (Figure 4.14) is similar, except that the upstand width is b − 75 mm.

Table 4.8 gives examples of the flexural capacities of some typical singly reinforced 300 mm-wide 
L-shaped edge beams, using bw = 165 mm, hs = 200 mm, fck/fcu = 32/40 N/mm2, fyk {fy} = 500 N/mm2, 
cover to reinforcement = 35 mm, and assumed diameter of links = 12 mm. The table shows that the 
beam is more frequently under-reinforced to BS EN 1992-1-1, with 0.534 ≤ X/d ≤ 0.6, whereas the 
section is over-reinforced to BS 8110.

The designed shear links are placed in the upstand of the beam, as shown in Figure 4.16, and not 
in the boot, to ensure that the reinforcement crosses the plane of potential shear cracking where the 
shear stress is a maximum. Links to locate bars in the boot do not normally contribute towards shear 
capacity.

The design of shear reinforcement in BS EN 1992-1-1 is based on the inclined-strut method given 
in clause 6.2.3, equations 6.8 and 6.9. In their presented form they do not yield a solution to the area 
of links, but this may be determined as follows:

(See Eq. 6.9)

	 V
bzv f

v bzfRd max
cw cd

cw cd,
cot tan

. sin=
+

=α
θ θ

α θ1
1 0 5 2 	 (4.7)

where αcw = 1, v1 = 0.6 (1 − fck/250), z = 0.9d and fcd = fck/1.5.

Referring to Figure 4.15, let ρ = As/bh and assume that in type I beams the depth to the neutral axis 
X > hs. Then, for the rectangular concrete stress block assumption:
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Rearranging and replacing VRd,max with VEd

	 θ = 





−0 5
0 5

1

1

. sin
.

V

v bzf
Ed

cd

	 (4.8)

cotθ is determined and 1.0 ≤ cotθ ≤ 2.5
(See Eq. 6.8)
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cotθ 	 (4.9-a)

(see Eq. 9.5N)
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.

.≥ ≤0 08
0 75with 	 (4.9-b)

4.3.5  Beam boot design

The boot of the beam must be reinforced using links around the full perimeter of the boot. If the 
depth of the boot is less than 300 mm, it should be designed as a short cantilever in bending – oth-
erwise the behaviour is nearer to the strut-and-tie action. The bending method gives a slightly greater 
area of tie-back steel (about 5–10 per cent).

As with all projecting nibs, it is first necessary to preclude a shear failure at the root of the nib. The 
enhanced shear stress given in BS EN 1992-1-1, clause 6.2.2 (6) [4.4] {BS 8110, Part 1, clause 3.4.5.9 
[4.5]} usually takes care of any vertical shear problems. If not, then the depth of the boot should be 
increased in preference to providing shear reinforcement. Punching shear beneath point loads is dealt 
with later.

A ‘shallow’ boot is one where the lever arm, a, in Figure 4.17 is greater than 0.6d″, where d″ is the 
effective depth to the steel in the top of the boot from the bottom of the beam. Otherwise the nib is 
classed as ‘deep’. The design of the boot is very different for the two cases of wide- and narrow-slab 
flooring. In the former, e.g. hollow-core slab or composite plank, the reactions are uniformly distrib-
uted along the boot, whereas in the latter, e.g. double-tee or beam-and-plank, the reactions are point 
loads applied by the slab beams’ webs. The case of uniformly loaded beams will be discussed first.

4.3.5.1  Uniformly loaded boot beams
If the floor slab is placed in direct contact with a shallow bearing nib, a horizontal force resulting 
from possible contractions or other movement (e.g. thermal effects) of the floor slab relative to the 

Figure 4.16  Positions of shear links and shear stresses in L beams.
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(a)

(c)

(b)

Figure 4.17  Design of boot reinforcement in L beams. (a) Strut and tie model; (b) beam geometry for 
designing for point loads; (c) design parameters for punching shear design in L beams.
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beam will develop at the interface. Referring to Figure 4.17(a), if the floor reaction is V per unit length 
of beam, the maximum horizontal force is µV, where μ is the coefficient of friction between two 
concrete surfaces, often taken as 0.7 (see also Section 4.3.10.). Thus the tie force is:

	 H V x c x V= + +tan ( / )θ µ 	 (4.10)

where x = (d″ − c) is the centre-to-centre distance of the boot link, and c the edge distance to the 
centroid of the steel bar in the top of the boot. The horizontal bars placed in the top of the boot must 
satisfy:

	 A
H

f
sh

y

=
0 87.

. 	 (4.11)

The bars are formed into links, but do not contribute to vertical shear strength of the beam unless 
the boot is sufficiently deep that the vertical leg of the boot link extends at least one-third of the depth 
of the beam above the neutral axis of the section. Because the upstand width is fairly small, typically 
150 mm, the bars in the top of the boot must extend a full anchorage length in the rear face of the 
beam. This means that the bars are stressed beyond a point that is more than four diameters from 
the corner of the bar, and the bend radius must be checked so that the bursting stresses caused by 
small bend radii are not a problem. The usual practice is to provide H8 or H10 links at a spacing no 
greater than 280 mm for mild steel bars and 155 mm for high-tensile bars (2(d″ + c) < 0.75d < 250 mm 
to BS EN 1992-1-1, clauses 9.3.1.1(3) and 9.3.2(4) {BS 8110, Part 1, Table 3.28}).

The strut force is given by:

	 C V= / cosθ 	 (4.12)

which must be resisted by a compressive strut in the uncracked part of the nib. The uncracked zone 
may extend to a point, based on the maximum depth to the neutral axis, at 0.6d″ {0.5d″} from the 
bottom of the beam. The limiting compressive strength of the concrete, which is subjected to trans-
verse tension in the bottom of the beam, is 0.6(1 − fck/250)fcd from clause 6.5.2(2), equation 6.56 
{0.4fcu}.Thus the strut capacity per unit length of beam is:

C = 0.24(1 − fck/250)fck d′′ sin θ (4.13-b) C = 0.2 fcu d′′ sin θ (4.13-a)

The vertical force T in the stirrup in the main body of the beam is given by:

	 T V
x c

a
= + +









1 µ 	 (4.14)

where a is the centre distance from the stirrup to the line of action of the slab reaction. Then:

	 A
T

f
sv

y

=
0 87.

. 	 (4.15)

This steel must be in addition to any shear requirement.
If the floor slab is fully tied to the beam using reinforced in situ strips capable of generating the 

frictional force µV, then this force may be ignored in the above design, in which case T = V.
In a deep boot, the floor slab reactions would be carried directly into the web of the beam by 

diagonal strut action, assuming θ = 45°. If the level of the bearing surface is above the neutral axis, 
the only steel required would be the horizontal steel Ash.

In fact the design of all the above reinforcement should be carried out in two stages, before and 
after in situ concrete has been added to the ends of the slab. This is because the in situ concrete 
potentially increases the bearing length to the full ledge width, and hence reduces the lever arm a. 
Before the in situ concrete is added, the lever arm is a = c + (b − bw) − (tp + Lb/2), and the slab reaction 
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(BS EN 1992-1-1, clause 6.4.2(2) restricts 
u to

u = 2 (b − bw + c) + (bp + 2 (2d″)) (4.16-b)

u = 2 (bl + 1.5d″) + (bp + 2 (1.5d″)) (4.16-a)

If the bearing pad is square (the usual case), then:
bp = bl and
u = 3bp + 6d″.
However if the breadth of the beam
b < bl + 1.5d″
the situation is similar to a concentrated load near to a free edge, and

	 u b b dp= + + × ′′2 2 1 5( . ) 	 (4.17)

Note that a shear perimeter is allowed only if reinforcement crosses each plane.
If the design shear stress, v

v
V

u d d
Ed

Ed

y z

=
+

2 0 5

2( )

.
 for a ≤ 0.5d

v
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u d d
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d
Ed

Ed

y z

=
+ ′′

2

2( )
 for a ≤ 2d

and to ensure no links,
vEd < vRd,c given by clauses 6.4.2 to 4 with
νmin = 0.0035 k3/2 (fck)

1/2

k
d

= + ≤1
200

2 0.

CRd,c = 0.12
k1 = 0.10

ρ ρ ρl ly lz= ≤ 0 02.

Using Asly = Ash from Eq. 4.15
and A Aslz s= ′′ from Eq. 4.21
(See clause 6.4.4(1), eq. 6.47)
vRd,c = CRd,ck(100ρlfck)

1/3 + k1σcp

vRd,c ≥ vmin + k1σcp

v = V/ud″
is less than the enhanced concrete shear stress
1.5d″vc/av (where av is taken as the distance from 

the edge of the bearing to the shear plane 
considered), shear reinforcement Ashv is not 
required. Otherwise it is provided according to 
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but not less than 
0 4

0 87

.

.

ud

f y

′′

Note that the link area, Ashv in Eq. (4.18) must be in addition to any bending or tie steel Ash provided 
in Eq. (4.11), because the link is being stressed by two separate forces.

is due to the self-weight of the slab plus the in situ concrete infill. Afterwards a = c + (b − bw − tp)/2, 
and the slab reaction is due to superimposed permanent and variable loading.

4.3.5.2  Point-loaded boot beams
Consider the case of isolated point loads due to the reactions from double-tee slabs, for example. 
Additional punching shear and bursting checks should be made.

Punching shear is dealt with by considering the first zone shear perimeter u (according to BS EN 
1992-1-1, clause 6.4.4 & 6.4.5 {BS 8110, Part 1, clause 3.7.7}) spreading into the upstand of the beam 
in an approximately 45° trajectory on one side, and spreading to the edge of the boot on the other. 
The first task is to decide the boundary of the effective shear perimeter over which the shear is punch-
ing. Using the notation in Figures 4.17(b) and (c), if the beam if sufficiently wide such that the spread 
of load from the bearing is encompassed on three sides of the beam, the shear perimeter u may be 
taken as:
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In most cases this distance is about 800 mm. The PCI Manual states that an effective width of six 
times the boot depth to either side of the bearing may be used, but this seems to be stretching the 
limits of load spreading.

The vertical upstand (hanger) stirrups, called Asv above and designed in the same way, must be 
positioned in the same localised zone according to the forces generated in the compressive strut-and-
tie steel Ash, i.e. over the same effective breadth as above. The upstand stirrups are most easily located 
by tying them to the boot links.

If the boot depth is less than 300 mm, bending steel is required to resist the moment M = Va, 
according to the usual bending theory. Here the effective breadth used in the stress factor equation 
k M f b d k M f b dck e cu e= ′′ = ′′/ { / }2 2  is defined by Eq. (4.19).

In all cases (irrespective of the design theory used), at least one boot link should be placed within 
50 mm from the edge of the bearing to prevent a shear crack forming under the pad. In between these 
areas of localised concentrations the boot links should be distributed along the beam as nominal steel 
at a rate of 0.13 per cent Ac {>0.15% Ac}, typically H10 bars at 250 mm centres. However, most pre-
casters would continue the links at the closer spacing to simplify cage manufacture. This also has the 
added advantage that the position of the nib links is independent of the location of the double-tee 
bearing point. Typical reinforcement cages for this type of beam are shown in Figure 4.18.

In long-span floors where the end slab reaction is greater than about 200 kN, a minimum depth of 
boot of about 250 mm is required to enable a 45° compressive strut to develop according to Eq. (4.12) 
and (4.13), and to satisfy local punching shear either side of the bearing point. If the ultimate slab 
reaction is less than about 150 kN, a minimum boot depth of about 200 mm may be used. The BS EN 
1992-1-1 formulation allows for this, but for BS 8110 the value of Eq. (4.13) should be modified as 
follows:

	 C f b a dcu p= + ′′0 2 2. ( ) sin .θ 	 (4.20)

No composite action may be used in this case, as the in situ concrete infill does not penetrate to the 
level of the slab bearing. Although some of the end shear due to superimposed loads will be trans-
ferred to the beam through the reinforced interface at the level of any structural topping, this is 
ignored in design and the boot is reinforced for the full end reaction.

Where the floor slab is connected to the supporting beam by mechanical fasteners the frictional 
force µV may be ignored, providing of course that the mechanical fastener is capable of mobilising 
this force. This may occur in double-tee slabs where, as explained in Section 5.3.2, fully anchored end 
plates in the flanges of the slab are fillet-welded to plates cast into the beam.

The concentrated point loads cause longitudinal bursting tensile forces in the top and outer surfaces 
of the boot and must be resisted by a longitudinal bar in the corner of the boot. This bar, of area ′′As , 
is also necessary in forming the cage, but its size and type is determined as follows:

The concrete shear strength vc is a function of the area of steel As crossing the shear plane. In beams 
this is different in the longitudinal and transverse directions. BS EN 1992-1-1 [4.4] takes this into 
account in the formulae whereas BS 8110 [4.5] does not consider such a situation and so a reasonable 
approach is to use the length-averaged value. Therefore, it is necessary in both methods to have 
designed the longitudinal steel in the top of the boot and the boot links before a punching shear check 
is made.

The reaction force V is carried to the beam through a neoprene (or similar) spreader pad (of 
breadth bp) and is distributed into the upstand of the beam on a 45° trajectory from a point near the 
edge of the bearing pad. Thus the steel Ash in Eq. (4.11) must be concentrated into a zone of effective 
width be where:

be = bp + 4d″ (4.19-b) be = bp + 2a + 400 mm
(assuming a stiff compression zone will 

extend from a point about 200 mm 
either side of the edge of the bearing).

(4.19-a)
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where the quotient figure of 0.25 {0.23} is the maximum value derived from bursting theory, as 
explained in Section 4.3.10. A single longitudinal bar will suffice at not more than 50 mm centroidal 
distance below the top of the boot. This bar, which is typically H8 or H10, does not contribute to the 
flexural strength of the beam. If the depth of the boot is greater than 500 mm, a second longitudinal 
bar is positioned at 250 mm below the first. (Note that these bars are also provided even if wide slab 
flooring is used.)

In reinforcing beams to support narrow-slab flooring, some knowledge of the positions of the 
bearing points must be known in advance. It is therefore extremely important that the floor layout is 
finalised before the beam detailing proceeds.

4.3.6  Upstand design

Edge beams with narrow breadth upstands – which are in compression, of course – are checked for 
lateral stability or slenderness in the temporary condition before the in situ concrete connection 
with the floor is made. It is possible that this is a limiting criterion with respect to span. The 
maximum effective span is the lesser of (to BS EN 1992-1-1, clause 5.9) 70 bw/(h/b)1/3 or 300tf 

Figure 4.18  Reinforcement in the boot of a beam supporting point loads (e.g. double-tee slabs).
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where tf is the floor unit location tolerance [4.4] {or to BS 8110, 60 bw or 250 2b dw /  [4.5]} for type I 
beams only.

The upstands may be designed to resist vehicle impacts in accordance with BS EN 1991-1-5 [4.18] 
{BS 6399, Part 1 [4.24]}. A horizontal line force is applied at a height of between 375 mm and  
610 mm above the top of the floor slab, and the upstand is designed as a vertical cantilever. The 
bending moment is transmitted to the slab through the top reinforcement in the structural topping, 
in the case of double-tee and composite plank units, or through top steel in the broken-out cores  
of hollow-core slabs. The structural model is shown in Figure 4.19. As a precautionary measure, a 
fixing cleat is provided at each end of the beam at the top connection with the column. This is 
designed to carry one-half of the impact force, although it will actually be less than this. Horizontal 
equilibrium is maintained through the beam-to-column connection at the bottom of the beam 
(Figure 3.35).

Edge beams subjected to asymmetrical loading are not always reinforced against torsion, on the 
assumption that the floor plate provides a horizontal prop force and the lateral stiffness of the 
beam is sufficiently large to prevent excessive horizontal deflections under the action of the prop-
ping force. This may be the case once the floor-to-beam joint is completed. It is more difficult to 
justify the elimination of torsion using the sole propping action of the structural topping, because 
of the problems in establishing a practical shear transfer mechanism in this type of construction. 
However, torsion cannot be neglected prior to completion of the joint, particularly if the floor 
loading and/or floor span is large, as is often the case where double-tee slabs are specified. Diurnal 
temperature variation and the exposed surface heating temperature gradient will cause a horizon-
tal frictional force at the floor slab bearing onto the boot that can add to the gravity-induced 
torsion.

An example of this concerns the design of edge beams subjected to asymmetrical loading. It would 

appear that the beam shown in Figure 4.20(a) should be designed against the torque T
wL

e=
2

. The 

value of T can be in the order of 30 to 40 kNm, resulting in a torsional stress (for a typical 300 × 600 
mm-deep beam) of around 1.5 to 2.0 N/mm2. The Eurocode expects a design check to demonstrate 
adequate resistance to this load case, clause 6.3.2(5), equation 6.31, using a torsion stress = fctd. The 
torsional stress is in excess of vtmin and, according to BS 8110, Part 2, clause 2.4.6, torsional links 
are required. However, edge beams such as the one shown in Figure 4.20(b) have not always been 

Figure 4.19  Reactions in spandrel beams due to horizontal parapet loading.
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reinforced against torsion, on the assumption that the precast concrete floor plate, which is not 
monolithic with the beam but is tied into the beam as shown, will provide a horizontal propping 
force to prevent beam rotations occurring.

Adlparvar [4.25] and Elliott et al. [4.26] tested some typical precast edge beams in combined 
bending, shear and torsion. The beams were 600 mm deep × 300 mm wide, and were of both types I 
and II defined above. Because the emphasis was on torsion, the torque was exaggerated to produce 
torsional failures in the beam. In the first tests the beams were loaded without hollow-core floor slabs, 
i.e. in their temporary condition before the in situ infill concrete had hardened. The torsional stress 
at cracking, according to the ‘sand heap’ analogy, was 1.8 N/mm2, as expected, and the beams failed 
in torsion when the applied torque at either end of the beam was about 60 kNm. However, in the 
second set of tests, when the same beams were tested under asymmetrical loading through 200 mm-
deep hollow-core floor slabs, equivalent floor loads of up to 80 kN/m caused shear failure in the slab. 
The only cracking in the beam was due to bending at mid-span and shear near to the connector. 
Figures 4.21(a) and 4.21(b) show failure crack patterns for the beam alone and for the beam when it 
was tied into the floor slab, respectively.

In the temporary construction stage the beam is not tied to the slab, and therefore only the friction 
between the floor slab and bearing ledge of the beam will prevent beam rotations. However, the torque 
induced from the self-weight of the floor slab is only about 0.3 of the total torque in service. This was 
found not to be great enough to cause torsional cracking in the absence of thermal stress. The conclu-
sions from this work were that, once the joint was complete:

Figure 4.20  Response of asymmetrically loaded L beams. (a) Without in situ concrete infill; (b) with in situ 
concrete infill between the beam and slab; (c) general arrangement.

(a)

(c)

(b)

Thermally induced
frictional force
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Figure 4.21  Cracking in L beam subjected to asymmetrical load. (a) Without in situ concrete infill and 
(b) with in situ concrete infill between the beam and slab.

(a)

(b)

	 the in situ concrete infill produces an extended bearing, thus reducing the eccentricity of the load, 
as shown in Figure 4.20(b);

	 composite action between the beam and slab alters the position of the shear centre for the beam 
from point A to B in Figure 4.19, thus reducing the eccentricity even more; and

	 the beam cannot possibly rotate because of the flexural stiffness of the precast floor slab, causing 
the equilibrating stresses as shown in Figure 4.22.

The minimum required compressive strength of in situ concrete is grade C20/25, and the minimum 
amount of tie steel to the slabs, H10 bars at 600 mm centres, was used to produce these results.
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Figure 4.22  Horizontal stresses in the interface between floor slabs and L beams subjected to asymmetrical 
floor load.

Exercise 4.1  Precast L-beam design

Design the flexural and shear reinforcement for a precast concrete L-shaped edge beam over a simply supported 
effective span of 7.0 m, to carry a 200 mm-deep hollow-core floor slab and an external cavity wall, as shown in 
Figure 4.23. Check the serviceability limit state for deflection. The characteristic superimposed permanent and 
variable beam loading are given in Table 4.9. The beam is to support office flooring, such that the EC0 ultimate 
load combination factors are ζ = 0.925 and ψ0 = 0.7. Thus w = max(1.35 Gk + 1.05 Qk ; 1.25 Gk + 1.5 Qk).

Figure 4.23  Details for Exercise 4.1.
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The floor slab bearing is 75 mm, with a 40 mm toe projection. Use grade C32/40 concrete, high-tensile rein-
forcement, XC3 exposure and a 60 minutes {1 hour} fire resistance. Assume density of concrete = 25 kg/m3 
{24 kg/m3}.

Solution

Step 1: Section sizes and cover
Exposure. Cover to reinforcement (BS 8500, Part 1, Table A3) for C32/40 concrete = 30 mm.
Fire. Minimum beam width (EN 1992-1-2 table 5.2a {BS 8110, Part 1, Fig. 3.2} for 60 mins = 200 mm.
Use b = 300 mm-wide beam.

Fire. (EN 1992-1-2 table 5.2a) assuming 
minimum size main bars 16 mm and 
links 8 mm, for 60 mins

= 31 − 8 − 8 = 15 mm
< 30 mm

Fire. Cover to reinforcement (BS 8110, 
Part 1, Table 3.4) for 1 hour = 20 mm

< 30 mm

Minimum upstand width (assume H8 stirrups) = 30 + 4(8 × 8) + 30 = 124 mm.
Slenderness check

(Clause 5.9)
bw > L/70 (h/b)1/3

= 7000/70 × (600/300)1/3 bw ≥ 126 mm

(Clause 3.4.1.6.)
bw > L/60 = 7000/60 or

Ld / ( / )250 7000 550 250= ×  
(see later d = 550 mm)

bw ≥ 117 mm

bw ≥ 124 mm

Use maximum possible upstand width bw = 170 mm with 200 mm-deep floor recess.
Effective depth of beam d is controlled by deflection and the design of the flexurally balanced section.

Step 2: Flexural design
Try initial depth of beam h = 600 mm, and d = 550 mm

Self-weight
= 25((0.4 × 0.3) + (0.2 × 0.17))
Total permanent load
= 14.5 + 6.6 + 3.1 + 3.85
so maximum ultimate load on beam,
Eq. 6.10(a)
ω = 1.35 × 28.05 + 1.5 × 0.7 × 20.00
Eq. 6.10(b)
ω = 1.25 × 28.05 + 1.5 × 20.00
MEd = 65.06 × 7.002/8
VEd = 65.06 × 7.00/2
k = MEd/bd2fck = 0.242 > 0.2067
compression reinforcement required to 

carry ′MEd

= 3.85 kN/m

= 28.05 kN/m

= 58.86 kN/m

= 65.06 kN/m
= 398.5 kNm
= 227.7 kN

Self-weight
= 24 ((0.4 × 0.3) + (0.2 × 0.17))
Total permanent load
= 14 + 6.6 + 3.1 + 3.47
so maximum ultimate load on beam,

ω = 1.4 × 27.20 + 1.6 × 20.00

Mu = 70.07 × 7.002/8
Vu = 70.07 × 7.00/2
k = Mu/bd2fcu = 0.209 > 0.156
compression reinforcement required to 

carry M′

= 3.47 kN/m

= 27.20 kN/m

= 70.07 kN/m

= 429.2 kNm
= 245.3 kN

(Continued)

Table 4.9  Characteristic superimposed permanent and variable beam action for Exercise 4.1

Loading (kN/m)

Floor slab permanent action, including services and ceiling 14.5 to allow for steel {14.0}
Floor slab variable action, including partitions 20.0
Brickwork (2.2 kN/m2 × 3.0 m high) 6.6
Blockwork and finishes (1.3 kN/m2 × 2.4 m high) 3.1
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′ = − × × ×M MEd Ed 0 2067 170 550 322.
d − d′ = 550 − 50
Top steel,

′ = × × ×As 58 4 10 0 87 500 5006. ( . )/
Minimum compression steel
(Not given, use) = 0.15% b h
= 0.15% × 170 × 600
 

As = ×
× × ×

+340 2 10

0 87 500 0 76 550
268

6.

. .

Minimum tension steel
See Clause 9.2.1.1, As,min = max(0.13% bt d 

or 0.26 fctm bt d/fyk)
= 0.13% × 170 × 550, or
= 0.26 × 3.02 × 170 × 550/500

= 58.4 kNm
= 500 mm

= 268 mm2

= 153 mm2

<268 mm2

= 2138 mm2

= 122 mm2

= 147 mm2

M′ = Mu − 0.156 × 170 × 5502 × 40
d − d′ = 550 − 50
Top steel,

′ = × × ×As 108 3 10 0 87 500 5006. /( . )
Minimum compression steel (Clause 

3.12.5.) = 0.2% bw h
= 0.2% × 170 × 600

As = ×
× × ×

+320 9 10

0 87 500 0 775 550
497

6.

. .
Minimum tension steel
As,min = 0.13% b d
= 0.13% × 170 × 550

= 108.3 kNm
= 500 mm

= 497 mm2

= 204 mm2

< 497 mm2

= 2229 mm2

= 122 mm2

Use three H12 bars (399 mm2) in top of upstand.
Use two H32 plus two H20 bars (2236 mm2) in bottom
Use two H10 additional bars at top of boot.

Use four H16 bars paired vertically (804 mm2)
Use two H32 plus two H20 bars (2236 mm2) in bottom.
Use two H10 additional bars at top of boot.

Step 3: Deflection check

(See Clause 7.4.2(2) equation 7.16b)
ρ0 = 0.005657
ρ = 2236/(170 × 550) = 0.02047
ρ′ = 268/(170 × 550) = 0.00263
K = 1

l

d
K f

f
ck

ck= +
− ′

+ ′

11 1 5

12
0

0

.
ρ

ρ ρ
ρ
ρ

d ≥ 7000/13.78

= 13.78

≥ 508 mm

(BS 8110, Part 1, Table 3.9) Basic factor for 
rectangular section = 20.

If beam were to be balanced, then  
M/bd2 = K′ fcu = 0.156 × 40 = 6.24

(BS 8110, Part 1, Table 3.10) Modification 
factor when

fs = 333 N/mm2 is 0.72
d > 7000/(20 × 0.72) > 486 mm

Step 4: Curtailment of f﻿lexural steel
Reduce top bars to nominal when:

MEd = 340.1 kNm, i.e. at 2 m from support. Here 
VEd = 87.2 kN, causing a shift in the bending moment 
diagram ΔM = 0.5VEd 0.9d = 21.6 kNm. (Clause 6.2.3(7))

Then top rebar curtailment is when 
MEd = 340.1 − 21.6 = 318.4 kNm, at 1.93 m from 
support.

Minimum steel = 153 mm2.
Curtail top steel to two H12 (226 mm2) at 1.93 m from 

centre of support.

Reduce bottom bars to 2H32 (1608 mm2), where 
MRd = 305.2 kNm at 1.81 m from centre of support. 
Here VEd = 110.1 kN, ΔM = 27.2 kNm. Then 
curtailment is when MEd = 305.2 − 27.2 = 278.0 kNm, 
at 1.58 m from support.

Curtail bottom steel to two H32 (1608 mm2) at 1.58 m 
from centre line of support.

M = 304.2 kNm, i.e. at 1.74 m from support, minus an 
anchorage length. (Clause 3.12.9.1 and Table 3.27) 
Anchorage length = d or 35 Φ
= 560 mm.

Minimum steel = 204 mm2.
Curtail top steel to two H16 (402 mm2) at 1.18 m from 

centre of support.
(Clause 3.12.10.2.)
Reduce bottom bars by up to 50 per cent As at 

0.08L = 560 mm.
Or curtail bottom steel to two H32 (1608 mm2) where 

Mu = 304.2 kNm, which is at 1.61 m from the centre of 
support, minus 0.56 m. i.e. at 1.05 m from centre of 
support.
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Step 5: Shear design
It is necessary to check the shear at the following positions:

(1)	 end of the beam
(2)	 curtailment point for the bottom steel
(3)	 where nominal links are required.

(1) End of the beam

The shear capacity without links,
v = 0.12 × 1.603 × (100 × 0.02 × 32)(1/3)

or vmin = 0.0035 × 1.6031.5 × 320.5

VRd,c = 0.769 × 170 × 550

Clause 6.2.3, Eq. 6.9 rearranged
v1 = 0.6 (1 − fck/250) = 0.523
θ = 0.5 sin−1 (227.7 × 103/(0.5 × 0.523 × 

170 × 0.9 × 550 × 32/1.5)) = 14.5°
cotθ = 3.87 > 2.5 so use 2.5
Clause 6.2.3, Eq. 6.8 rearranged
Try H8 links. Asw = 100 mm2 for 2 legs
s = 100 × 0.9 × 550 × 0.87 × 500 × 2.5/

227.7 × 103 = 236 mm
Use H8 at 230 mm centres from end of 

beam to point of minimum links.

= 0.769
= 0.04
= 71.94 kN
< 227.7 kN

V = 245.3 kN
v = 245.3 × 103/(170 × 550)

100 100 2236

170 550
2 77

A

b d
s

w

= ×
×

= . Hence 

vc = 0.82 × ((40/25)0.33 )

A

s
sv

v

= − ×
×

( . . )

( . )

2 62 0 92 170

0 87 500
Use 2-leg stirrup
Asv/sv = 0.668 × 1000/2

Use H8 at 125 mm centres 
(402 mm2/m) from end of beam to 
560 mm from centre of support.

= 2.62 N/mm2

= 0.92 N/mm2

= 0.668 mm2/mm

= 334 mm2/m/leg

(2) Curtailment point for the bottom steel

V = 304.2 − (70.07 × 0.56)
v = 2.21 N/mm2

100 100 1608

170 550
1 72

A

b d
s

w

= ×
×

= .

Hence vc = 0.70 × ((40/25)0.33)
A

s
sv

v

= − ×
×

( . . )

( . )

2 21 0 82 170

0 87 500 
Use 2-leg stirrup
Asv/sv = 0.185 × 1000/2
Use H8 at 200 mm centres 

(251 mm2/m) beyond 560 mm from 
centre of support to point 3.

= 265.0 kN
= 2.21 N/mm2

= 0.82 N/mm2

= 0.216 mm2/mm

= 93 mm2/m/leg

(3) Where nominal links are required

Minimum links (Eq. 9.5N)

A s
f

f
bsw

ck

yk
w/ = =0 08 0 08

5 66

500
170. .

.

= 0.154 mm2/mm
Use 2-leg stirrup
Asw/s = 0.154 × 1000/2
But the maximum spacing, 

0.75d = 412 mm
Use H8 at 300 mm centres 

(168 mm2/m/leg).

= 77 mm2/m/leg

Where v = vc + 0.4 N/mm2

v = 0.4 + 0.92 = 1.32 N/mm2

V = 1.32 × 170 × 550 × 10−3

This point occurs at 1.761 m from 
centre of support

A

s
sv

v

= ×
×

=( . )

( . )
.

0 4 170

0 87 500
0 156 2mm /mm

Use 2-leg stirrup
Asv/sv = 0.156 × 1000/2
But the maximum spacing, 

0.75d = 412 mm

= 123.4 kN

= 78 mm2/m/leg

(Continued)
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Exercise 4.2  Boot reinforcement under uniform load

Design the boot reinforcement in a 900 mm-deep × 400 mm-wide L-beam which supports 250 mm-deep hollow-
core flooring over a clear span of 10 m. Tie bars H12 at 600 mm centres are cast into the beam and are to be 
concreted into the broken-out cores of the slabs. The floor slab is to be completed using grade C20/25 in situ 
concrete. The slab bearing length is 80 mm. The dimensions of the boot are 250 mm × 300 mm deep. The super-
imposed permanent and variable loads are 2.0 kN/m2 and 5.0 kN/m2, respectively.

Use C32/40 concrete and fy = fyv = 500 N/mm2. Cover to links in protected faces = 25 mm, and to exposed outer 
and bottom faces = 40 mm.

Solution
The boot depth is exactly 300 mm, hence use strut-and-tie design method.

Step 1: With slabs laid dry before in situ concrete is cast.
Length of slab = 10.0 + 0.1 + 0.1 = 10.2 m
Self-weight of slab (see Table 3.1) = 3.35 kN/m2

Assume H12 links.
Ultimate slab reaction

VEd1 = 1.35 × 0.925 × 3.35 × 10.2/2 = 21.33 kN/m V1 = 1.4 × 3.35 × 10.2/2 = 23.92 kN/m

Beam bearing length, bl = 100 mm, thus a = 25 + 6 + 250 − 100/2 = 231 mm
Boot x = 300 − 25 − 40 − 12 = 223 mm
Diagonal strut inclination θ = tan−1 231/223 = 46.01°

This resists a shear of (Eq. 6.8)
VRd,min = 100 × 0.9 × 550 × 0.87 × 500 

× 2.5/300 = 179.4 kN which is at 
0.75 m from centre of support

Use H8 at 300 mm centres (168 mm2/m) 
beyond 1.59 m from centre of 
support

Step 6: Boot reinforcement (Ignore horizontal frictional force µV in this exercise)
Floor slab loading

ω = 1.35 × 14.5 + 1.05 × 20.00
ω = 1.25 × 14.5 + 1.5 × 20.00

= 40.6 kN/m
= 48.1 kN/m

ω = 1.4 × 14.00 + 1.6 × 20.00 = 51.6 kN/m

Boot depth = 400 mm, therefore use strut-and-tie method.

The triangle of forces (see Fig. 4.16) gives θ = − − − + +
− − × − ×





 = °−tan

/
.1 300 170 40 75 2 30 4

600 200 2 30 2 4
14 6

Thus, H = V tan θ

H = 48.1 × 0.261 = 12.53 kN/m
Ash = 12.53 × 103/0.87 × 500
Maximum spacing = 0.75 × 366

= 29 mm2/m/leg
= 275 mm

H = 51.6 × 0.261 = 13.44 kN/m
Ash = 13.44 × 103/0.87 × 500
Maximum spacing

= 31 mm2/m/leg
= 155 mm

Although 6 mm bars are suitable, the availability is poor and the ductility of such bars does not satisfy BS EN 
1992-1-1.

Use H8 at 200 mm centres (251 mm2/m) links in boot 
for full length.

Use H8 at 150 mm centres (335 mm2/m) links in boot for 
full length.
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The diagonal force, C
C = 21.33/cos 46.01°
Cr = 0.24 × 269 × (1 − 32/250) 

× 32 × sin 46.01°

T = + ×
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.
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= 39.11 kN/m

= 30.72 kN/m

= 1296 kN/m
> 30.72 kN/m
= 37.37 kN/m

H

Ash
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= ×
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The diagonal force, C
C = 23.92/cos 46.01°
d′ = 300 − 25 − 6
Cr = 0.2 × 40 × 269 × sin 46.01°

T = + ×



23 92 1

0 7 248

231
.

.

Hence 

Asv1
241 89

0 87 500
96=

×
=.

.
mm /m

= 43.85 kN/m

= 34.44 kN/m
= 269 mm
= 1548 kN/m
> 34.44 kN/m
= 41.89 kN/m

Step 2: After in situ concreting
Effective length of slab = 10.0 + 0.25 + 0.25 = 10.5 m due to extended bearings.

Ultimate slab reaction

VEd2 = (1.25 × 2 + 1.5 × 5.0) 10.5/2 = 52.5 kN/m V2 = ((1.4 × 2.0) + (1.6 × 5.0)) × 10.5/2 = 56.7 kN/m

Beam bearing length bl = 250 mm, thus a = 25 + 6 + 250/2 = 156 mm
Boot x = 300 − 25 − 40 − 12 = 223 mm
Total frictional force

= μ (V1 + V2) = 0.7 (21.33 + 52.5) = 51.68 kN/m = μ (V1 + V2) = 0.7 (23.92 + 56.70) = 56.43 kN/m
Tie steel capacity
= 0.87 × 500 × 113/0.6 × 10-3

Hence frictional force is not mobilised in 
the composite situation.

H2 = 36.72 kN/m and
Ash2 = 85 mm2/m
Total Ash = 175 mm2/m
Use H10 at 300 centres (262 mm2/m)
C increases to 75.6 kN, still <Cr

Also T = 52.5 kN/m and
Asw2 = 121 mm2/m
Total Asw = 207 mm2/m

= 81.93 kN/m
> 51.68 kN/m

Tie steel capacity
= 0.87 × 500 × 113/0.6 × 10-3

Hence frictional force is not mobilised in 
the composite situation.

H2 = 39.7 kN/m and
Ash2 = 91 mm2/m
Total Ash = 192 mm2/m
Use H10 at 300 centres (262 mm2/m)
Compressive strut not critical by 

inspection.
Also T = 56.7 kN/m and
Asv2 = 130 mm2/m
Total Asv = 226 mm2/m

= 81.93 kN/m
> 56.43 kN/m

Use H10 at 300 centres (262 mm2/m) links in boot for full length.
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Exercise 4.3  Boot reinforcement under concentrated load

Determine the minimum depth of the boot and design the boot reinforcement for a 400 mm-wide L-beam to 
support double-tee floor slabs spanning 11.0 m and with webs at 1.2 m centres. The characteristic floor loading 
is 8.5 kN/m2 permanent plus 5.0 kN/m2 variable. The floor slabs are seated on 150 × 150 × 10 mm neoprene pads 
at 1200 mm centres. The fixing tolerance for the slab is 15 mm at each end of the slab. Immediately after fixing, 
the end plates in the slabs are welded to side plates in the beam.

Use grade C32/40 concrete and fyv{fy} = 500 N/mm2. Cover to links in all faces = 40 mm.

Solution
Bearing dimensions bl = bp = 150 mm
Ledge width = bearing pad 150 mm plus 2 × tolerance 15 mm = 180 mm
Upstand width = 400 − 180 = 220 mm
Assume H12 links.
Thus, maximum eccentricity a = 40 cover + 6 bar + 30 gap + 75 half ledge = 151 mm
Boot height >a for <45° truss, so try boot depth of 200 mm
d″ = 200 − 40 − 6 = 154 mm
Load spread width (eq. 4.16)

= 150 + 4 × 154 = 766 mm = 150 + (2 × 151) + 400 = 852 mm
Ultimate end reaction in floor webs,
VEd = ((1.25 × 8.5) + (1.5 × 5.0)) 

× 1.20 × 11.0/2
Bursting force beneath bearing pad: 

Referring to Eq.4.21 (Clause 6.5.3(3), 
Eq. 6.58):

′′ = × × ×As 0 25 119 55 10 0 87 5003. . / .

= 119.55 kN

= 69 mm2

Ultimate end reaction in floor webs, 
V = ((1.4 × 8.5) + (1.6 × 5.0)) 

× 1.20 × 11.0/2
Bursting force beneath bearing pad: 

Referring to Eq.4.21: 
′′ = × × ×As 0 23 131 34 10 0 87 5003. . / .

= 131.34 kN

= 70 mm2

Use one longitudinal H10 bar (78 mm2) in top corner of boot.
Also provide one H10 bar in top corner of link in outside face of beam.

Bending steel
Bending moment

MEd = 119.55 × 0.151 

k = ×
× ×

=18 06 10

32 766 154
0 031

6

2

.
.

z = 151 mm 

Ash = ×
× ×

18 06 10

0 87 500 151

6.

.
Minimum = 0.15% = 300 mm2/m

= 18.06 kNm

= 276 mm2

M = 131.34 × 0.151

k = ×
× ×

=19 83 10

40 852 154
0 024

6

2

.
.

z = 0.95 d

Ash = ×
× × ×
19 83 10

0 87 500 0 95 154

6.

. .
Minimum = 0.13% = 260 mm2/m

= 19.83 kNm

= 312 mm2

Use five H10 at 150 mm centres (393 mm2), ensuring that at least one link is within 50 mm of each edge of the 
bearing pad.

It is interesting to note that if the 45° strut-and-tie method is used, the reinforcement in the localised zone 
is e.g.

Ash = 119.55 × 103/0.87 × 500 = 275 mm2 Ash = 131.34 × 103/0.87 × 500 = 302 mm2

The answer is about the same.
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Reinforcement between localised zones:
Distance between the localised zones

= 1200 − 766 = 434 mm = 1200 − 852 = 348 mm

In this region use nominal steel at 0.15% = 300 mm2/m
Use H10 at 250 mm between centres.

Punching shear check

Use Eq. 4.16.
u = 2(150 + 139.5) + (150 + 

2 × 2 × 154)
= 1345 mm
deff = (154 + (154 −12/2 − 10/2))/2 

= 148.5 mm
a > 0.5 deff

vEd = 119.55 × 103 × 151/
(1345 × (143 + 154) × 154)

k = + =1 200 154 2 139( ) ./ , but ≤ 2.0
vmin = 0.0035 × 2(3/2) × 32(1/2)

ρl = × =( . . ) . %0 262 0 196 0 227
vRd,c = 0.12 × 2.0 × (0.227 × 32)(1/3)

vEd < vRd,c, so no punching shear 
reinforcement required

= 0.30 N/mm2

= 0.056 N/mm2

= 0.464 N/mm2

> 0.056 N/mm2

Consider 3-sided perimeter because
bl + 1.5d″ = 150 + 1.5 × 154
= 381 mm < 400 mm beam breadth.
Use Eq. 4.16.
u = (2 × (150 + 1.5 × 154)) + 

(150 + 3 × 148.5) = 1341 mm
v = 131.34 × 103/(1341 × 154)
To determine critical value for vc, consider 

the steel crossing the shear perimeter 
and use the mean value.

Longitudinal steel in top of boot is two 
H10 bars, then

100As/bd″ = 100 × 2 × 78.5/381 × 154 
= 0.27%

Boot links H10 at 150 c/c, then
100Ash/bd″ = 100 × 78.5/150 × 154
= 0.34%
Then vc(average) = 0.63 N/mm2

But 1.5 d″/av = 1 at this point
Then v < vc, so no punching shear 

reinforcement required.

= 0.64 N/mm2

4.3.7  Non-composite prestressed beams

4.3.7.1  Flexural design
The design of prestressed beams is less versatile than in reinforced beams, because the tendons’ posi-
tions are restricted to a predetermined pattern by an array of holes in the jacking heads, which is 
usually a permanent fixture in a precasting works. The opportunity for architectural freedom is 
limited to symmetrical sections of modular depth – usually 50 mm increments. A range of rectangular 
or inverted-tee beams (L-beams are not symmetrical) from 200 to 600 mm deep will usually satisfy 
the flexural and shear requirements in most structures.

Figure 4.24 shows a full array of possible tendon positions in an inverted-tee beam, and an example 
of a typical tendon layout. Note the symmetry. The tendons are placed at all the corners, a 40 to 50 mm 
centroidal cover distance being used in most cases. The positions of the tendons are such that they 
do not interfere with any of the beam end connections, such as shear boxes or shear hanger plates. 
They can also be arranged to allow service holes to pass through the beam by leaving a clear zone of 
about 75 mm near the centroid of the uncracked concrete section.

As shown in Figure 4.24(a), a referencing system of letters (A, B, C, etc.) and numbers (1, 2, 3, 4, 
etc.) is used to convey information to the manufacturer as to which strands are to be used in a par-
ticular beam. Where debonding of strands is required a coded message relating to the requirements 
is also given, e.g. B 2 – 800, means the strand at position B 2 is to be sheathed for a distance of 800 mm 
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(a)

(b)

Figure 4.24  Location of tendons in inverted-tee beams. (a) Full array and (b) typical arrangements. (c) Detail 
of inverted-tee beam used in beam design example and (d) strand pattern to beam design example.

from the end of the beam. Figure 4.24(b) shows a typical arrangement of strands – note the strand 
positions which are essential for use.

The minimum breadth of the beam is a function of the type of floor slab to be used. The breadth 
is equal to twice the recess width, plus the upstand width. The same reasoning as for the L-beam is 
used if floor ties are intended to be placed within the recess and concealed in the depth of hollow-core 
floor slabs. The minimum recess width for this condition is 100–125 mm. If the ties are to be located 
elsewhere, the recess width may be 90–100 mm. The width of the upstand depends largely on accom-
modating end connections, particularly in shallow beams where the connector may be positioned 
near to the top of the beam (e.g. see Figures in Section 4.3.12). The minimum upstand breadth is 
therefore 250–300 mm, depending on the type of connector used. Thus the breadth of internal tee-
beams usually varies between 450 mm and 600 mm.
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(c)

(d)

Figure 4.24  (Continued)

Beam depths depend on three factors:

(a)	 the flexural and shear capacities
(b)	 the size of the end connector
(c)	 the depth of the boot required to carry the floor loads.

Factor (a) is self-evident from standard designs as mentioned above. Factor (b) will be dealt with 
in Section 4.3.10.

The process of selecting the prestressing requirements can be optimised by choosing a reinforce-
ment pattern that will simultaneously satisfy transfer at the ends of the beam and working loads at 
the point of maximum imposed bending moment, without having to debond or deflect the tendons. 
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This method is further refined if the permissible stress at transfer, fcd(t) = 0.6 fck(t) {0.5 fci} after the initial 
losses (due to elastic shortening), is made equal (or as close as possible) to the working stress 0.45 
fck(t) {0.33fcu} after all losses. In most beam designs the initial losses are about 7–8 per cent and the 
final losses 20–25 per cent, meaning that the ratio fci/fck {fci/fcu} should be at least 0.55. In fact the 
transfer strength for grade C50/60 concrete is usually at least 32 N/mm2 {40 N/mm2}. This is because 
precasting factories regularly test for early age strength at the maturity they need for stress transfer. 
Consequently, the default values from BS EN 1992-1-1 can be replaced with more accurate, usually 
higher, early age concrete strengths. Transfer stresses will, therefore, (nearly) always govern for parallel, 
unbonded tendons. To overcome this problem it is desirable to debond a small number of strands, 
say four in a typical situation.

There are two scenarios for assessing strength at transfer:

	 In on-site casting, or with a new curing regime, or with new concrete in use, a curing regime is 
known but there is no statistically reliable strength measurement. In this case the maturity can be 
estimated from the equations in BS EN 1992-1-1, Appendix B. For example, a curing regime for 
C50/60 concrete of 16 hours at 40°C will give a maturity of 16/24 × 4.776 (from equation H10) = 3.184 
days. BS EN 1992-1-1 equations 3.1 & 3.2 then give fcm(t) = 0.675 × fcm = 0.675 × 58 = 39.15 N/mm2 
cylinder strength. The concrete equivalent grade for design at transfer fck(t) would then be C31.1/35.8 
(39.1 − 8 = 31.1 & 31.1/0.83 = 35.8), and all other design stresses can be derived from this value.

	 A precaster with statistically significant test data may test concrete samples stored with the precast 
units and tested to ensure attainment of a mean target strength immediately prior to stress transfer. 
For example, if there is a test-proven cube strength at time of transfer of 40.0 N/mm2 for a C50/60 
mix, then the exothermic reaction of the curing concrete will have maintained the cast units at a 
higher temperature than that controlled by the curing regime. Now the concrete equivalent grade 
is C33.2/40.0 (0.83 × 40.0 = 33.2, with test strengths specified to an accuracy of 0.1). Maturity from 
BS EN 1992-1-1 equations 3.1 & 3.2 is back-calculated as 9.22 days, and all other transfer design 
values follow from fck(t) = 33.2 N/mm2. The results obtained by comprehensive monitoring of con-
crete strength at transfer against a statistical database will usually provide higher design values at 
transfer (i.e. there will be some economic benefit).

It is wise to actually restrict the top fibre stress to something less than f fctm t ci( ){ . }0 45 , say 2/3 or 
even 1/2 this value (i.e. 0 5 0 225. { . }( )f fctm t ci ), while accepting that there will be a small loss in moment 
capacity. This factor of safety is based on the experience gained from transporting and handling highly 
stressed prestressed beams, and the need to avoid flexural cracking for the sake of durability. It also 
allows some freedom in choosing a final tendon arrangement if the eccentricity of the tendons needs 
to be greater than the calculated design value.

A further factor is that the actual initial pretensioning force achieved in practice may be higher 
than the design value. In order to avoid understressing, the manufacturer will deliberately over-
stress by 2 or 3 per cent to compensate for slippage in the chucks, losses in the hydraulic stressing 
system, etc.

Simple algebra will give a set of relationships to solve for the prestressing force P and the eccentric-
ity e, as follows. The geometric centroid of the section is computed for the gross concrete section 
ignoring the area of reinforcement (which is barely significant). The total initial force (in all the 
tendons) is therefore governed by the state of stress at transfer and is given by:
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where the limiting tensile stress at transfer is either measured and directly known, or is given in BS 
EN 1992-1-1 Eq. 3.1 & 3.4, as fctm(t) = fctm fcm(t)/fcm. Also ξ = initial prestress loss due to elastic shortening 
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(expressed as a decimal fraction), and α = Zt/Zb. The number of tendons required N = Ppi/μ Ap fpk 
{Pi/μ Aps fpu } (where μ = degree of prestress, the minimum of 0.8/1.15 and 0.9 fp,0.1k/1.15 fpk {usually 
taken as 0.65 to 0.7 for larger strands, and 0.7 to 0.75 for smaller strands} depending on the type of 
tendon used) should be rounded down to the next integer to prevent overstress, particularly in the 
tensile fibres at the top of the beam. The eccentricity zcp {e} is given by:

	 z
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where β = +1 1

Z Zt b

, and Pi is based on the value obtained from Eq. (4.22).

The design then follows the procedures given in Section 5.2.8.
The bending stress due to the service moment, σ = Ms/Z, may be calculated using the compound 

section modulii Zb,co and Zt,co, determined from the compound second moment of area, using a 
modular ratio m − 1 = ((1+Ψ28)Ep/Ecm) − 1 for the transformed areas of strands Aps(m − 1). Use of 
the compound section is not common practice, but Calevera ([4.27], page 175) shows that, using 
α = Ep/Ec, where Ec is the short-term modulus, the compound values for Zb, Zt and I divided by the 
basic values, may be taken as:

	 For the second moment of area: / ( )I Ico = +1 αρ 	 (4.24)

For the bottom section: / ( . ),Z Zb co b = +1 1 5αρ 	 (4.25)

For the top section: / ( . ),Z Zt co t = +1 0 5αρ 	 (4.26)

where ρ is the reinforcement to concrete section ratio. Clearly the effects of (i) different rates of creep 
on the concrete at the bottom and top, and (ii) the position of the centroidal axis, where the com-
pound section at the bottom increases more than it does at the top, are evident.

Thus Msr is the lesser of

	 M f f Z f f Z M fsr bc ctm t b co bc ck b co sr bc= + = + = +( ) ( . ( ) ) { (( ) ,
( / )

,0 03 2 3 .. ) },45 f Zcu b co 	 (4.27)

	 M f f Z f f Z M f f Zsr tc cd t co tc ck t co sr tc cu t= + = + = +( ) ( . ) { ( . ), ,0 0567 45 ,, }co 	 (4.28)

Note that fbc and ftc are calculated for the concrete section alone. Here Ψ28 is the creep coefficient at 
the date of installation, generally taken as 28 days. This is the minimum time when the service moment 
will be fully imposed. The m − 1 term is used so that the concrete area occupied by the strands is not 
counted twice.

The above analysis will give the maximum possible serviceability moment capacity Msr for a single 
arrangement of tendons for the beam, but if Msr is limited by tension in the top fibre, then a smaller 
number of strands will give the same moment of resistance. The designer has to be careful in checking 
that the above analysis does not lead to an uneconomical solution by using too many strands. This 
is particularly important in inverted-tee beams, where non-symmetry leads to the serviceability 
moment of resistance Msr governed by bottom fibre stresses being about 15 per cent greater than Msr 
governed by the top fibre stress. It is also advantageous to use more than one arrangement of tendons 
in situations where smaller bending moments are required in beams of the same cross section. This 
is achieved by reducing the number of tendons by, say, 2 or 3 at a time, and finding new values for 
the eccentricity zcp {e} that will satisfy maximum fibre stresses as before. The following example shows 
the basic idea.

Consider a prestressed inverted-tee beam 600 mm deep × 600 mm wide, having a 200 mm 
deep × 350 mm wide upstand, as shown in Figure 4.24(c). In this example use C50/60 concrete, 
Ecm(t) = 37.28 kN/mm2 {Ec = 32 kN/mm2}, achieving grade C32/40 at transfer, Ecm(t) = 33.35 kN/mm2, 
{Eci = 28 kN/mm2}, Aps = 94.2 mm2, Pi per strand for 0.7 prestress = 0.7 × 1750 × 94.2 = 115.4 kN, 
Es = 195 kN/mm2, and 2.5% strand relaxation. The beam is used for internal exposure taking 50% 
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A = 307.5 × 103 mm2 yb = 269.8 mm
Zb = 30 215 × 103 mm3 Zt = 24 685 × 103 mm3

α = 0.817 β = 7.36 × 10−8 mm−1

The limiting bottom and top fibre stresses at transfer are:

σc < 0.567 fck(t) = 0.567 × 32 = 18.13 N/mm2

σt > 0.467 × 3.02 = −1.41 N/mm2

where fctm = 0.3 × 322/3 = 3.02 N/mm2

Note. Based on the 28-day strengths, the measured 
strengths are approximately equivalent to a maturity  
of 8.7 days.

fb < +20.00 N/mm2

fct > − = −0 225 40 1 42 2. .  N/mm

Assuming that the elastic shortening loss is 0.08 of the initial, from equations (4.22) and (4.23):
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The maximum number of tendons
N = 3123.6/115.4 = 27.1
This is taken as 27,
so the actual initial prestressing force
Ppi = 27 × 115.4
and after initial losses, Ppmo

= 3123.6 kN

= 92.41 mm

= 3115.7 kN
= 2866.4 kN
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The maximum number of tendons
N = 3465.2/115.4 = 30.03
This is taken as 29,
so the actual initial prestressing force
Pi = 29 × 115.4
and after initial losses, Pt

= 3465.2 kN

= 91.30 mm

= 3346.5 kN
= 3078.7 kN

The maximum fibre stresses at transfer (suffix i) are:

fbi = + ×2866 4
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2866 4 92 41

30215

.

.

. .

fti = − ×2866 4
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2866 4 92 41

24685

.

.

. .

The initial stress at the level of the 
centroid of the strands

fcci = 12.36 N/mm2.

= 18.09 N/mm2

< +18.13 N/mm2

= −1.41 N/mm2

> −1.41 N/mm2

fbi = + × = +3078 7
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The initial stress at the level of the  

centroid of the strands
fcci = 13.63 N/mm2.

= 19.32 N/mm2

< +20 N/mm2

= −1.38 N/mm2

> −1.42 N/mm2

Instantaneous deformation loss (see Eq. 
5.44)

=
( )
×

× ×
195 12 36

33 35 0 7 1750
.

. .
Relaxation loss at transfer
Total loss at transfer
Original assumption of 8% OK.
The other final losses, conservatively 

ignoring the measured strengths and 
assuming maturity based on mould 
stripped at 2 days, and with 28 days at 
70% RH to installation, and 50% RH 
in service, give strain losses as follows:

= 5.28%

= 0.49%
= 5.77%

The elastic shortening loss

= ×
× ×( )
195 13 63

29 0 7 1750

.

.
Original assumption of 8% close.
The other final losses are as follows

(see Section 5.2.8):
creep = 1.8 × 7.75%
shrinkage = 300 × 10−3 × 195/0.7 × 1750
relaxation = 1.2 × 2.5
Final losses

= 7.75%

= 13.94%
= 4.78%
= 3.00%
= 29.47%

relative humidity in service. Installation takes place at 28 days when the creep factor ψ28 = 0.4 × 1.8 = 0.72 
{0.72}. The cement is grade 52.5R and the aggregates are gravel.

Geometric data:
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creep (see Eq. B.2 & 5.46)
480 με shrinkage (see Eq. 3.8 & 5.46)
long term relaxation (see Eq. 3.29)
plus transfer losses above
Final losses
Thus the final prestress force
= (1 − 0.2086) × 3231.1
The final working fibre stresses are
fbc = +15.56 N/mm2 and
fct = −1.21 N/mm2.
The long-term value of fctm = 

4.07 N/mm2

fct > −4.07 N/mm2

Service moment of resistance
m = (1 + 0.72) × 195/37.28 = 9.
For Ap and Zcp determined above, 

compound section
Zb,co = 32 890 × 103 mm3 (9% greater)
Zt,co = 25 830 × 103 mm3 (5% greater)
Then Msr is the lesser of
Msr = (15.56 + 4.07) × 32 890 × 10−3

= 645.68 kNm
based on the bottom fibre stress, or
Msr = (1.21 + 28.35) × 25 830 × 10−3

= 745.04 kNm
based on the top fibre stress limit.

= 10.25%
= 8.36%
= 2.25%
= 5.77%
= 20.86%

= 2465.8 kN

= 645.68 kNm

Thus the final prestress force
= (1 − 0.2947) × 3346.5
The final working fibre stresses are
fbc = +14.81 N/mm2 and
fct = −1.05 N/mm2.
The long-term value of fct

fct > − = −0 45 60 3 49 2. . N/mm

Service moment of resistance
m = (1 + 0.72) × 195/32 = 10.5. 

For Aps and e determined above, 
compound section

Zb,co = 33 490 × 103 mm3 (11% greater)
Zt,co = 26 070 × 103 mm3 (6% greater)
Then Msr is the lesser of
Msr = (14.81 + 3.49) × 33 490 × 103 × 10−6

= 612.7 kNm
based on the bottom fibre stress limit, or
Msr = (1.05 + 27.0) × 26 070 × 103 × 10−6

= 709.2 kNm
based on the top fibre stress limit.

= 2360.3 kN

= 612.7 kNm

Note:  had Calevera’s Eq. (4.25) been used for Zco, it would have given Zb,co = 32 100 × 103 mm3 (2.4% 
less than here) and Zt,co = 25 200 × 103 mm3 (2.5% less).

Figure 4.24(d) shows a possible pattern for the strands for the BS solution. Note that the actual 
eccentricity derived from the strand pattern should not (but may) exceed the theoretical value; in this 
case the difference is −0.67 mm. The strand pattern for the BS EN 1992-1-1 solution has an extra 
strand at 150 and 200 mm from the bottom, resulting in a difference in actual and theoretical eccen-
tricity of −1.3 mm.

The restricted ‘no strand’ zones along the vertical centre line of the beam are to enable the  
end shear connector to be positioned uninhibited. The other restricted zone across the centre of  
the beam (near to the neutral axis position of 269 mm above the soffit) is to facilitate a 50 mm  
service pipe.

The arrangement of the strands is very important in order to avoid splitting stresses (although this 
would be rare in a beam of this shape). The layout must be symmetrical about the vertical centre line, 
and there should be no large concentration of strands (called bunching) vertically.

The prestressing arrangement may now proceed using a smaller number of strands, say 23, 21 and 
19 in this example, until the level of prestress renders the section uneconomic. This will occur when 
the moment of resistance of a beam with a smaller depth is greater than the beam in question. As 
mentioned above, the depth increment for prestressed beams is usually 50 mm. Thus, considering 
550 mm as the next smallest size, it is found that the balanced moment of resistance for a 550 mm-
deep inverted-tee beam is 431 kNm when using 24 strands. The number of strands required in the 
600 mm-deep beam to give a slightly higher moment capacity than this is found to be 19. This there-
fore represents the lower-bound prestressing arrangement for the 600 mm-deep beam, and the overall 
economics of choosing either the deeper or shallower section must be considered.

Ultimate limit-state design is based on a rectangular section of effective breadth bw, and effective 
depth, d, calculated to the centroid of those strands below the neutral axis, i.e. discounting the two 
strands in the top of the upstand and the two in the top of the boot. Refer to Section 5.2.8.2 for details.
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Table 4.10(a)  Specimen inverted tee-beam flexural design to BS EN 1992-1-1

(a) Beam Geometry
b = 500 mm bupstand = 300 mm hboot = 300 mm hupstand = 150 mm
Bottom corner triangular chamfer = 50 × 50 mm
A = 192.5 × 103 mm2 yb = 204.3 mm Ic = 2874.5 × 106 mm2

Zb = 14.069 × 106 mm3 Zt = 11.699 × 106 mm3 α = =Z

Z
t

b

0 8316.

(b) Material Data
fck = 40 N/mm2 Ecm = 35.2 kN/mm2 fck(t) = 28 N/mm2 Ecm(t) = 32.3 kN/mm2

Cement = 42.5R

fpk = 1750 N/mm2

Aggregates = gravel

Ap = 71.0 mm2 per strand

Transfer at 2 days
Installation at 28 days
Ep = 195 kN/mm2

Degree of initial prestress μ = 0.7. Hence Ppi = 87 kN per strand.

N Ppi

At transfer

z Ppmo/A Ppmo z/Zb Ppmo z/Zt fbi fti fcciLoss % Ppmo

16 1392 5.3 1318 73.1 +6.85 +6.85 −8.23 +13.69 −1.39 +9.77
14 1218 4.8 1159 75.8 +6.02 +6.24 −7.51 +12.27 −1.48 +8.71
12 1044 4.2 1000 75.2 +5.20 +5.34 −6.43 +10.54 −1.23 +7.44

N

Losses %

Ppo fbc ftc

Msr

(bottom)
Msr

(top)Shortening Creep Shrinkage + Relaxation Total

16 4.81 10.27 9.78 24.86 1046 +10.86 −1.10 215.9 231.3
14 4.29 9.32 9.96 23.57 931 +9.85 −1.19 200.1 232.4
12 3.66 8.13 10.18 21.97 814 +8.58 −1.00 180.3 229.9

NT Ap d x/d dn fp MRd MRd/Msr

12 852 368.0 0.55 84.4 1354 327.3 1.619
10 710 380.3 0.50 77.9 1493 320.5 1.706

8 568 393.8 0.37 60.0 1406 266.6 1.567

Notes: 
N = total number of strands, all of which are equally stressed and fully bonded.
NT = number of strands in tension zone. In this example it is assumed that 2 strands are located in the top of the upstand and 2 in the top of the 
boot. Hence NT = N − 4.

Table 4.10(a) (to BS EN 1992-1) and Table 4.10(b) {to BS 8110} show an example of calculations 
carried out for a series of 500 mm wide by 300 mm boot depth (450 mm total depth) inverted-tee 
beams with varying numbers of 10.9 mm-diameter low-relaxation strands.

In Chart 4.1 (to BS EN 1992-1) and Chart 4.2 {to BS 8110} the moments and shear force capacities 
are given for a range of beams of varying depth and using 12.5 mm-diameter Class 2 {low-relaxation} 
strands.

In Table 4.10(a) and Chart 4.2, the values for Msr according to BS EN 1992-1-1 are based on the 
compound section moduli using m − 1 = ((1+ψ28)Ep/Ecm) − 1. Here ψ28 = 0.72 at the date of installa-
tion, taken as 28 days. The height to the centroid of the strands can be deduced from the eccentricity, 
i.e. ys = yb − zcp, from which the compound values are calculated using the parallel axis theorem. The 
ratio Zb,co/Zb is between 1.05 and 1.10, depending on the area of strands to area of concrete.



Design of Skeletal Structures  191

Table 4.10(b)  Specimen inverted tee-beam flexural design to BS 8110

(a) Beam Geometry
b = 500 mm bupstand = 300 mm hboot = 300 mm hupstand = 150 mm
Bottom corner triangular chamfer = 50 × 50 mm
A = 192.5 × 103 mm2 yb = 204.3 mm I = 2874.5 × 106 mm2

Zb = 14.069 × 106 mm3 Zt = 11.699 × 106 mm3 α = =Z

Z
t

b

0 8316.

(b) Material Data
fcu = 50 N/mm2 Ec = 30 kN/mm2 fci = 35 N/mm2 Eci = 27 kN/mm2

fpu = 1750 N/mm2 Aps = 71.0 mm2 per strand Es = 195 kN/mm2

Degree of initial prestress μ = 0.7. Hence Pi = 87 kN per strand.

N Pi

At transfer

e Pt/A Pt e/Zb Pt e/Zt fbi fti fcciLoss %* Pt

16 1392 5.0 1322.4 72.5 +6.87 +6.81 −8.20 +13.68 −1.33 +9.28
14 1218 4.0 1169.3 74.0 +6.07 +6.15 −7.40 +12.22 −1.33 +8.29
12 1044 3.5 1007.5 76.2 +5.23 +5.46 −6.56 +10.69 −1.33 +7.27
*  Estimate prior to transfer stress analysis.

N

Losses %

Pt fbc ftc

Msr

(bottom)
Msr

(top)Shortening Creep Shrinkage + Relaxation Total

16 5.47 9.85 7.77 23.09 1070.5 +11.07 −1.08 200.7 205.6
14 4.88 8.78 7.77 21.43 957.0 +10.00 −1.09 185.7 205.7
12 4.28 7.71 7.77 19.76 837.7 +8.89 −1.11 170.1 206.0

NT Aps d

f A

f bd
pu ps

pu

f

f
pb

pu0.87 x/d dn Mur Mur/Msr

12 852 380.8 0.261 0.87 0.475 81.4 337.7 1.683
10 710 385.0 0.215 0.90 0.420 72.8 303.7 1.635

8 568 391.3 0.169 0.95 0.350 61.6 270.8 1.592

Notes: 
N = total number of strands, all of which are equally stressed and fully bonded.
NT = number of strands in tension zone. In this example it is assumed that 2 strands are located in the top of the upstand and 2 in the top of the 
boot. Hence NT = N − 4.

4.3.7.2  Boot reinforcement
The boot of inverted-tee beams is designed and reinforced in exactly the same way as in the L-shaped 
beam, except that a single link Ash is used to satisfy tension in both sides of the beam. The vertical 
steel Asv carries the maximum reaction, in accordance with equations (4.14) and (4.15).

In most cases the depth of the recess is smaller than or equal to the depth of the floor slab, or the 
depth of the half-joint in double-tee slabs. This means that the depth of the boot on which the floor 
rests is sufficient for there to be no requirement for horizontal tie steel. Here the concrete is in lon-
gitudinal compression and is usually uncracked flexurally. Only in cases where the boot depth is less 
than about 250 mm, or the beam is heavily loaded using double-tee slabs, are links required in the 
boot. As shown earlier in Figure 4.18, links (typically H8 or H10) are placed with at least one either 
side of the slab reaction points.



Chart 4.1  Example Moments and Shear Force Capacities for Inverted-Tee Beams to BS EN 1992-1-1

Geometric data Overall width = 500 mm
Bearing ledge width = 100 mm
Boot depth = variable 300 to 600 mm

Upstand width = 300 mm
Upstand depth = 200 mm
No corner chamfers

Material data Concrete
Strand
Initial prestress
Transmission length

fck = 50 N/mm2

Aps = 94.2 mm2

η = 0.70
= 790 mm

fck(t) = 32 N/mm2

fpk = 1750 N/mm2

Ppi = 115.4 kN per strand
Cement 52.5R, Aggregates gravel

Transfer at 2 days.

Curing 40°C

Installation at 28 days

Shrinkage loss = 6.6% to 6.9%

RH = 70% stockyard, 50% in service

Relaxation loss = 2.5% to 2.7%

Ecc. = eccentricity

Beam
ref

Boot depth
(mm)

No. of 
strands

Ecc.
(mm)

Final fbc

(N/mm2)
Final ftc

(N/mm2)
Msr

(kNm)
MRd

(kNm)
VRd,c

(kN)
VRd,cr

(kN)

TB300 300 13 79.1 +10.66 −0.87 289 487 341 167
yb =  221.4 mm 15 81.4 +12.21 −1.19 321 546 355 182

17 83.2 +13.68 −1.50 353 577 368 195
TB400 400 15 99.2 +10.38 −1.12 408 698 482 188
yb = 269.2 mm 18 97.0 +12.04 −1.15 457 727 509 214

21 95.4 +13.62 −1.18 504 792 534 233
TB500 500 17 126.6 +10.43 −1.60 560 889 660 219
yb = 317.7 mm 21 124.9 +12.45 −1.82 643 1025 705 244

25 123.7 +14.35 −2.03 724 1134 746 270
TB600 600 20 146.7 +10.68 −1.66 748 1192 786 247
yb = 366.7 mm 25 144.7 +12.86 −1.91 868 1380 839 279

30 143.3 +14.92 −2.13 980 1530 888 309

Chart 4.2  Example Moments and Shear Force Capacities for Inverted-Tee Beams to BS 8110

Geometric data Overall width = 500 mm
Bearing ledge width = 100 mm
Boot depth = variable 300 to 600 mm

Upstand width = 300 mm
Upstand depth = 200 mm

Material data Concrete
Strand
Initial prestress
Transmission length

fcu = 60 N/mm2

Aps = 94.2 mm2

η = 0.70
= 475 mm

fci = 40 N/mm2

fpu = 1750 N/mm2

Pi = 115.4 kN per strand

Fixed losses Shrinkage = 58.5 N/mm2 = 4.77% Strand relaxation  
= 1.2 × 2.5% = 3.0%

Beam 
reference

Boot depth
(mm)

Number 
of strands

Final fbc

(N/mm2)
Final ftc

(N/mm2)
Msr

(kNm)
Mur

(kNm)
Vco

(kN)
Min. Vcr

(kN)

TB300 300 13 +11.1 −1.0 263 459 309 92
15 +12.3 −1.1 286 485 321 99
17 +13.5 −1.1 303 509 333 106

TB400 400 15 +10.4 −1.0 363 638 380 106
18 +12.2 −1.1 409 692 399 119
21 +13.7 −1.1 448 743 417 129

TB500 500 17 +10.2 −1.0 488 851 449 123
21 +12.0 −1.1 555 913 477 138
25 +13.8 −1.1 617 1001 502 152

TB600 600 20 +10.4 −1.0 655 1122 526 144
25 +12.4 −1.1 747 1211 562 162
30 +14.2 −1.1 832 1300 593 181
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4.3.7.3  Shear design
Shear reinforcement is rarely necessary, because the ultimate shear resistance of prestressed members 
is a function of the ultimate flexural requirements. The shear span (MRd/VRd) {Mu/Vu} for most beams 
in precast structures is L/4. Thus the shear force at the position of flexural decompression rarely 
exceeds 0.5 Vcr. The uncracked shear capacity VRd,c is in accordance with BS EN 1992-1-1, Eq. 6.4. It 
extends to the position where the service moment exceeds the cracking moment of resistance 
Mcr = (fbc + fctk,0.05/γc) Zb where fbc = prestress at bottom after losses. The flexurally cracked shear capac-
ity, called VRd,cr in this textbook to distinguish it from VRd,c, is in accordance with BS EN 1992-1-1, the 
greater of Eq. 6.2(a) or (b). Note that there is no gradual reduction in VRd,cr, as there is with Vcr in 
BS 8110.

Deflected tendons may be specified to increase shear capacity in very special cases, but complica-
tions to the long-line prestressing outweigh the enhancements in structural performance.

Prestressed beams are highly efficient, both structurally and economically. Attempts to reduce the 
depth of the downstand below the soffit of the slab have inevitably led to composite construction, as 
discussed in Chapter 6.

Exercise 4.4  Inverted tee-beam design

Calculate the flexural serviceability and ultimate moments of resistance, and the uncracked and cracked shear 
resistances of the prestressed concrete inverted-tee beam shown in Figure 4.25. Bearing length = 150 mm. Show 
the detailed calculation for losses.

Use grade C50/60 concrete, Ecm = 37.28 kN/mm2, {Ec = 32 kN/mm2}, achieving grade C32/40 at transfer after 
48 hours, during which the mean curing temperature was T = 40°C. Ecm(t) = 33.35 kN/mm2, {Eci = 28 kN/mm2}, 
and 12.5 mm-diameter low-relaxation helical strand stressed to 70% ultimate with fpk {fpu} = 1751 N/mm2 (quoted 
values) and fp,0.1k = 1520 N/mm2. The beam is stored externally for 28 days where relative humidity is 70%, and 
is then used for internal exposure Class XC1 {Class 2}, where RH = 50% in service. The creep factor at installation 
ψ28 = 0.72 {0.72}. The cement is grade 52.5R and the aggregates are gravel.

Figure 4.25  Details for Exercise 4.4.

(Continued)
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Solution

Step 1: Component cross-sectional properties
Component dimensions: Overall width = 500 mm Upstand width = 300 mm

Overall depth = 500 mm Upstand depth = 200 mm

Exposure. Cover to reinforcement = 40 − 12.5/2 = 33.75 mm > 20 mm {BS 8500-1, table A.4, exposure XC1}

Area = 210 000 mm2 I = 4003.57 × 106 mm4

Height to centroid of concrete from bottom yb = 221.4 mm, and yt = 278.6 mm
Zb = 18.080 × 106 mm3 Zt = 14.37 × 106 mm3

No. of tendons = 17 at 12.5 mm diameter Area per strand = 94.2 mm2

Relaxation type 2 = 2.5% loss Centroid of strands from bottom = 143 mm

Eccentricity e from 
Neutral axis depth = 78.4 mm

Aps = 1601.4 mm2 fpu Aps = 2805.0 kN Es = 195 kN/mm2

Characteristic strength at 28 days
Ecm (28 days) using gravel
Transfer strength
Ecm(t)

Self-weight of concrete = 25 kN/m3

Self-weight

= 50 N/mm2

= 37.28 kN/mm2

= 32 N/mm2

= 33.35 kN/mm2

= 5.25 kN/m

Characteristic strength at 28 days
Ec (28 days)
Transfer strength
Eci

Self-weight of concrete = 24 kN/m3

Self-weight

= 60 N/mm2

= 32 kN/mm2

= 40 N/mm2

= 28 kN/mm2

= 5.04 kN/m

Step 2: Serviceability limit state of bending

Initial prestressing stress = 0.7 × 1751
Initial prestressing force 

Ppi = 0.7 × 2805
Estimate initial losses at transfer = 6%
Prestress at transfer:
fbc = 16.80 N/mm2 (bottom)
ftc = −1.29 N/mm2 (top)

Losses:
Instantaneous relaxation loss
Eq. 3.29. μ = 0.7 and t = 48 hours
Loss Δσp,r = 1225.7 × 0.66 × 2.5 × 

e(9.1 × 0.7) × 0.0480.75(1 − 0.7) = 
5.97 N/mm2

Elastic shortening 
Δσp,el = 11.63 × 195/33.35 = 
68.0 N/mm2

Total loss at transfer
Creep from transfer to installation
(See Cl. 3.1.4(5)) (all faces exposed) 

h0 = 2 × 210 000/2000 = 210 mm
RH = 70%
α1 = 0.7, α2 = 0.9, α3 = 0.78
(See Eq. B.3b/B.8c) φRH = 1.224
(See Eq. B.4) 

β( ) . / .fcm = =16 8 58 2 206

= 1225.7 N/mm2

= 1962.8 kN

= 0.49%

= 5.55%
= 6.04%

Initial prestressing stress = 0.7 × 1751
Initial prestressing force  

Pi = 0.7 × 2805 = 1962.8 kN
Estimate initial losses at transfer = 6 %
Prestress at transfer:
fbc = 16.80 N/mm2 (bottom)
ftc = −1.29 N/mm2 (top)
fcc = 11.63 N/mm2 (centroid of strand)
Losses:
Elastic shortening = 11.63 × 195/28

= 81.0 N/mm2

Creep loss = 1.8 × elastic shortening loss
Steel relaxation quoted as 2.50% at 

100 hr 
Concrete shrinkage at 300 με = 

58.5 N/mm2

Total losses

= 1225.7 N/mm2

= 6.61%
= 11.90%

= 3.00%

= 4.77%
= 26.27%
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(See Eq. B.10) to,T = e-(4000/313 − 13.65) × 2 
= 4.77 days’ equivalent maturity 
(conservatively ignoring the  
measured strength, which implies 
55.3°C curing temperature or 
greater maturity).

(See Eq. B.9) to = 4.77 × ((9/
(2 + 4.771.2) + 1)1 = 9.8 days

(See Eq. B.5) β(to) = 1/
(0.1 + 9.80.2) = 0.596

(See Eq. B.8b) βH = 523 days
(See Eq. B.7) βc(t,to) = ((28−2)/

(523+28−2))0.3 = 0.400
φ(ti,to) = 1.224 × 2.206 × 0.596 

× 0.4 = 0.644
fcc = 11.62 N/mm2 (centroid of strand)
(See Eq. 5.46) Loss 

Δσp,c,i = 195 × 11.62 × 0.644/
(37.28 × 1.089) = 35.9 N/mm2

σpmi = 1115.8 N/mm2

Ppmi after losses to install = 1786.9 kN
Creep from install to life, to = 28 days to 

t = 500 000 hours (20833 days)
h0 = 2 × 210 000/1100 = 382 mm (sides 

and bottom exposed)
RH = 50%
β(to) = 1/(0.1 + 280.2) = 0.488
βH = 767 days
βc(t,t0) = ((20 833 − 28)/(767 + 20 

833 − 28))0.3 = 0.989
φ(ti,to) = 1.341 × 2.206 

× 0.488 × 0.989 = 1.43
fcc = 11.613 N/mm2

Loss Δσp,c,i = 195 × 11.26 × 1.43/
(37.28 × 1.113) = 75.6 N/mm2

Total creep loss
Shrinkage from transfer to life

h0 = 382 mm
(See Table 3.3) kh = 0.73
Cement Class R (αds1 = 6, αds2 = 0.11)
(See Eq. B.12)} RH = 50% 

βRH = 1.356
(See Eq. B.11) εcd,o 

= 0.85 × (220 + 110 × 6) e-(0.11 × 58/10) × 1.356 

= 0.000536

(See Eq. 3.10) βds(t,ts) = 0.986
(See Eq. 3.9) Drying εcd = 0.73 

× 1.356 × 0.986 × 0.000536 
= 0.000523

(See Eq. 3.12) εca(∞) = 2.5 × 
(50 − 10) × 10−6 = 0.000100

= 2.93%

= 6.17%

= 9.10%

(Continued)
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(See Eq. 3.13) βas = 1 for long term
(See Eq. 3.11) Autogenous 

εca(t) = 0.000100
(See Eq. 3.8})Total shrinkage 

εcs = 0.000623
(See Eq. 5.46) Loss Δσp,s = 195 

× 0.000623/1.113 = 109.1 N/mm2

Final tendon relaxation
(See Eq. 3.29) μ = (1 − 0.06) × 0.7 

= 0.66
(See Eq. 3.29) σpr = 39.64 N/mm2

(See Eq. 5.46) Loss 
Δσp,r = 0.8 × 37.25/1.113 
= 28.49 N/mm2

Total losses
Effective prestressing force after losses 

at transfer Ppmo = 1844.4 kN
Check, prestress at transfer:
fbi = +16.79 N/mm2 

< 0.6 fck(t) = +19.2 N/mm2

fti = −1.29 N/mm2 
> fctd(t) = −1.41 N/mm2

Effective prestressing force after final 
losses

Prestress after losses:
fbc = +13.15 N/mm2

ftc = −1.01 N/mm2

fcc = +9.10 N/mm2 (strand centroid)
fcp = +6.88 N/mm2 (section centroid)
Service moment of resistance using 

compound section where
m = (1 + 0.72) × 195/37.28 = 9.0
Zb,co = 19 730 × 103 mm3

Zt,co = 15 120 × 103 mm3

For XC1 exposure, allowable tension
(for fck = 50 N/mm2) fctm = 

−4.07 N/mm2

Msr = (13.15 + 4.07) × 19.730 
= 339.8 kNm

Allowable compression = 22.5 N/mm2

or Msr = (1.01 + 22.5) × 15.12 = 
355.5 kNm

= 8.90%

= 2.32%
= 26.39%

= 1444.8 kN

= 339.8 kNm

Effective prestressing force after losses at 
transfer = 1833.2 kN

Check, prestress at transfer:
fbi = +16.69 N/mm2 < 0.33 fcu = 

+20 N/mm2

f fti civ= − > = −1 28 0 45 2 852 2. . . N/mm  N/mm

Effective prestressing force after final 
losses

Prestress after losses:
fbc = +13.17 N/mm2

ftc = −1.01 N/mm2

fcc = +9.12 N/mm2 (strand centroid)
fcp = +6.89 N/mm2 (section centroid)
Service moment of resistance using 

compound section, where
m = (1 + 0.72) × 195/32 = 10.5
Zb,co = 20 040 × 103 mm3

Zt,co = 15 250 × 103 mm3

For class 2 elements, allowable tension
(for fcu = 60 N/mm2) = −3.49 N/mm2

Msr = (13.17 + 3.49) × 20.04 
= 333.9 kNm

Allowable compression = 20.0 N/mm2

Service Resistance Moment,
Msr = (1.01 + 20.0) × 15.25 

= 320.4 kNm

= 1447.3 kN

= 320.4 kNm

Step 3: Ultimate limit state of bending
No. of strands below neutral axis in tension zone = 13 Centroid of these bars is 82.3 mm from bottom face
d = 417.7 mm Aps = 1224.6 mm2

b = 300 mm
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Final stress in tendons 
σcp = 1444.8 × 103/1601.4 
= 902.2 N/mm2

(See clause 5.10.9) Pre-strain 
εpo = 902.2/195 000 = 0.00463

εLOP = 0.9 × 0.87 × 1751/195 000 
= 0.00703

By solving quadratic or iterative solutions, 
X = 247.0 mm, and 
0.8X = 197.6 < 200 mm upstand depth

dn = 98.8 mm
Ultimate strain εp = 0.00714 

> εLOP < εud

(See Fig. 3.10) fp = 1371.5 N/mm2

Fs = fp Ap = 1371.5 × 1224.6 = 1679.5 kN
Ultimate moment of resistance
MRd = 1679.5 × (417.7 − 98.8)
Check equilibrium
Fc = 0.567fck b 0.8 X = Fs

Hence X = 246.98 mm (agrees 247 mm)
The ratio MRd/Msr = 1.55 > 1.5
So the serviceability limit state will be 

critical.

= 535.6 kNm

Limiting value of fpb/fpu = 0.737
Fs = fpb Aps = 1291 × 1224.6 = 1581.0 kN
fcu = 60 N/mm2

Fc = 0.45 fcub 0.9 X
Hence X = 216.9 mm, and 0.9X = 

195.2 < 200 mm upstand depth
dn = 0.45 × 216.9 = 97.60 mm

Ultimate moment of resistance
Mur = 1581.0 × (417.7 − 97.6) = 506.1 kNm
However, X > 0.5(500 − 82.3) = 208.8 mm, 

so section is over-reinforced and the 
ultimate moment is limited to

Mur = 0.156 × 300 × (500 − 82.3)2 × 60
Thus the ratio Mur/Msr = 1. 47 approx < 1.6
So the serviceability or limit state may be 

critical.

= 489.9 kNm

Step 4: Ultimate limit state of shear
(a)  Uncracked, at the level of the intersect between the upstand and the boot:

bv = 300 mm Av = 300 × 200 = 60 000 mm2

yt = 500 − 221.4 = 278.6 mm y = 278.6 − 100 = 178.6 mm
I bv/A y = 112 100 mm2

αct = 1
(See clause 8.10.2.2) 

fctd(t) = 0.7 × 3.02/1.5 = 1.41 N/mm2

(See Eq. 8.15) 
fpbt = 3.2 × 1.0 × 1.41 = 4.52 N/mm2

Transfer σpmo = 1844.4 × 103/1601 
= 1152 N/mm2

(See Eq. 8.16) lpt = (1.0 × 0.19 × 1152/
4.52) × 12.5 = 606 mm

(See Eq. 8.18) 1.2 lpt = 727 mm
lx = 40 + 417.6 = 457.6 mm
αl = 457.6/783 = 0.619
σcp at level of the intersect = 4.23 N/mm2

(See clause 2.4.2.2.(1)) γp,fav = 0.9
fctd = 0.7 × 4.07/1.5 = 1.9 N/mm2

Ultimate Shear Resistance
(See Eq. 6.4) 

VRd c, . ( . . . . . )= × + × × ×112 1 1 9 0 574 0 9 4 23 1 92

The reader should verify that at centroidal 
axis VRd,c = 499 kN, and is clearly not 
critical (steps σcp = 7.12; lx = 371; 
αl = 0.475; S = 12.26 × 106; bw = 500)

= 320.3 kN

fcp (at intersect plane) = +4.66 N/mm2

ft = −1.86 N/mm2

Ultimate Shear Resistance

Vco = × × + × ×0 67 300 600 1 86 0 8 4 66 1 862. ( . . . . )
= 324.0 kN

(Continued)
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(b) Cracked (see also Section 5.2.8)

(See Eq. 6.3) vmin = 0.545 N/mm2

(See clause 6.2.2.(1)) k = 1.692
k1 = 0.15
ρ1 = 0.00977
VRd,cr = ((0.12 × 1.692 × 

(100 × 0.00977 × 50)(1/3)) 
+ 0.15 × 0.2 × 28.33) × 300 
× 417.7

VRd,cr,min = (0.545 + 0.15 × 5.67) 
× 300 × 417.7

Critical VRd,cr

(See clause 6.2.2.(2)) Use VRd,cr 
where Ms > (σb+ fctd/γc) Zb 

= (13.15 + 1.9) × 19.73 
= 297.0 kNm

= 199.5 kN

= 174.8 kN
= 199.5 kN

60 7 74= .
Decompression moment
Mo = (0.37 × 7.74 + 0.8 × 13.17) × 18.08
fcpx = 3.916 N/mm2

V/M = Vco/γf,mean Msr = 324.0/(1.5 × 333.9) 
= 0.647

Vcr = (0.037 × 7.74 × 500 × 417.7 × 10−3 
+ 242.3 × 0.647)

But not less than 0.1 × 300 × 417.7 × 7.74
Critical Vcr

= 242.3 kNm

= 216.6 kN

= 97.06 kN
= 216.6 kN

4.3.8  Beam end shear design

Special attention is given to shear reinforcement near the end connections. Stirrups and bent-up 
reinforcing bars are provided to ensure the transfer of shear in the critical region. Bent-up bars may 
be used to resist approximately one-half of the shear force. In some instances a prefabricated shear 
box, comprising welded angles, channels, composite plates, or RHS sections, partially or wholly 
replaces the stirrup cage. These are used to:

	 transfer the shear forces to a point in the beam where the stirrups are considered to be fully 
effective

	 prevent bursting of the concrete at ends of the beam
	 provide a steel bearing plate with which to make a steel-to-steel connection to the supporting 

member.

Extensive testing has been carried out to prove the shear capacity of beams with steel inserts (e.g. 
[4.28] and [4.29]).

Recessed or pocketed beam ends, shown in Figures 4.26 and 4.27, are used where the beam is to 
be supported on a member projecting from the face of the column. The structural connection is made 
entirely within the depth of the beam. The generalised structural model, presented here in Figure 
4.28, is similar in principle to the design of reinforced concrete corbels. The dotted lines represent 
principal stress trajectories as determined using a finite element solution [4.30]. The stresses fan out 
in a 45° manner and principal compressive and tensile forces are in equilibrium. The concrete provides 
the compressive force, providing it is restrained against later bursting by the binding steel, and tie 
bars provide the tensile force resistance.

One of the most comprehensive dissertations on this subject is by Martin and Korkosz [4.31], which 
cites 147 references (up to 1982) and studies the analytical and experimental aspects of many of the 
connections given in the various PCI design manuals on precast structures [4.2] and connections 
[4.32].

Beam-to-beam connections may also be made, as shown in Figure 3.39, where it is not possible to 
position a column at the end of a beam. The design of the end shear reinforcement is no different 
from the above. Additional reinforcement is required in the primary supporting beam to cope with 
the combined effects of bending, shear, torsion and bearing stresses. The design method involves the 
resolution of actions into shear or axial forces, and the superposition of resulting stresses in the 
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connection. Steel inserts are most widely used, particularly if the ultimate beam reaction is greater 
than about 200 kN. The design of this connection is discussed further in Section 7.12.

4.3.9  Recessed beam ends

Recessed beam ends are used where the beam is to be supported on a member projecting from the 
face of the column, and the structural connection is made entirely within the depth of the beam. The 
design methods presented here are similar in principle to the halving joint or corbels given in BS 

Figure 4.26  Recessed beam end.

Figure 4.27  Pocketed beam end.
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Figure 4.28  Generalised structural model of halving joint in beams [4.30].

8110, Part 1, clause 5.2.7. The general dimensions for a recessed beam are given in Figures 4.29  
and 4.30.

A special type of beam end, shown in Figures 4.27 and 4.30, is the pocketed end type. Two concrete 
wings, Y in the diagram, are reinforced to allow the main flexural steel in the bottom of the beam to 
develop full anchorage without the use of anchor plates or bent-up bars.

In all cases the ends of the beams are reinforced at the ultimate limit state using an arrangement 
of vertical links and diagonal or horizontal bars to cater for tie forces and bursting pressures in the 
compression zones, respectively. The horizontal bars in direct contact with the bearing surface are 
often used in all cases to avoid the risk of local spalling and crushing and to ensure uniformity of 
bearing pressures in this highly stressed zone.

The serviceability limit state is equally important in this region, and the design should check that 
service strains, based on a short-term modulus of rupture of 0.556 fcu  [4.33], are not exceeded. A 
method of calculating the service-load stresses, strains and crack widths is proposed by Clark and 
Thorogood [4.34] (see Figure 4.31). By limiting either the strain in the concrete εc (to say 0.0018) or 
steel εs (to say 0.0020) considered along the cracked section OA, it is possible to determine the forces 
Fc and Fs, and hence the serviceability force Vs. The most significant factor in controlling service-load 
stresses is the inclined reinforcement across the inside corner of the recess. Mattock and Chan also 
measured crack widths in ‘dapped-end’ beams subjected to vertical end shear forces, and vertical plus 
horizontal end forces [4.35].
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The inclination of the shear crack (α to the horizontal) propagating from the root depends on the 
relative magnitude of the shear and normal stress at that point. Remote from local stress concentra-
tions, this ratio is a function of the reduced depth h′ to the full depth h of the beam. Windisch [4.36] 
states that extensive linear elastic finite element analysis has shown that:

	 α = ′90h h/ 	 (4.29)

Figure 4.29  Geometry of recessed beam end.

Figure 4.30  Geometry of pocketed beam end.
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in degrees, and that the strength of the diagonal bar placed at the root should be down-rated if the 
crack is not normal to the bar. In most cases the angular discrepancy will not be more than about 
20°, such that the down-rating is only 10 per cent [4.36].

These types of joint are also subject to large stress concentrations in the vicinity of the bearing 
surface. In the beam end test shown in Figure 4.32, four H12 diagonal bars were provided to resist a 
vertical end shear force of 80 kN (service) and 125 kN (ultimate), together with one H12 U-bar to 
resist lateral bursting. The reinforcement cage is shown in Figure 4.32(a) and the grade of concrete 
was C32/40. The first sign of cracking was found at 90 kN, but it did not occur at the half-joint, as 
shown in Figure 4.32(b). Instead the cracks propagated from a point directly over the edge of the steel 
bearing plate, and occurred when the bearing stress was approximately 12 N/mm2, or 0.33 fcu. Figure 
4.32(c) shows the ultimate test condition.

Noor and Elliott [4.37, 4.38] tested a range of precast concrete half-joints, reinforced using hori-
zontal loops and vertical links, rather than using diagonal bars. In some tests short steel fibres (Dramix 
50 mm long × 0.5 mm diameter at 0.5–1.5 per cent by volume) were used to replace some of the rebars 
and ease congestion. The steel fibres were able to control post-cracking behaviour and help the 
remaining rebars to develop full yield strength. Although cracking at the ultimate failure was extensive, 
as shown in Figure 4.33, the joint demonstrated adequate strength and ductility, such traditional 
equations for the ultimate strength based on the combined effects of reinforcement and steel fibres 
were able to predict failure loads with accuracy to ±10 per cent of the tests. Figure 4.34 shows a rebar 
cage at a precaster’s works that has the same arrangement of loops and links as in Noor’s work. 
However, the absence of diagonal bars in a half-joint is not common.

Plates cast into the beam are sized to ensure that the average bearing stress in the plate does not 
exceed 0.85 fcd (See clause 10.9.5.2(2)) {0.6 fcu}. In the more highly stressed situations reinforcement 
is sometimes welded to the plates to ensure that concrete in contact with the plate is confined. It is 
clear that the failure mode of these beams is affected by the width of the bearing plate, as the shear 
crack in the half-joint began above the edge of the bearing plate. Narrow plates will produce the type 
of failure shown in Figure 4.35. Cracks above the end plate will propagate rapidly into shear cracks 
in the sides of the beam.

In the test the ultimate limit state was reached following yielding of the links directly above the 
recess. The average failure shear stress in the beam was 1.20 N/mm2 in the main body of the beam 
and 1.75 N/mm2 in the half-joint.

The width of the bearing plate bp in the beam should not be greater than 0.4b [4.16], to avoid 
punching through the concrete above the plate, and should also be less than (b − 100) mm to give 
adequate cover, with tolerances, to the sides of the beam. In most cases bp = b/3. The thickness of the 

Figure 4.31  Strains in half joint.
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(a)

(b)

Figure 4.32  Beam end shear test. (a) Reinforcement cage; (b) first crack at 90 kN end reaction; (c) ultimate 
failure at 180 kN end reaction (design value = 125 kN).

plate is determined from its punching shear and lateral bursting capacity, so that the plate remains 
perfectly flat and does not deform over the bearing point. Plate thickness is at least 8 mm to 10 mm, 
and up to 16 mm in the more heavily loaded connections (>250 kN). In most cases mild steel 
grade S275 {43} or S355 {50} is used for the plate and grade E43 or E51 electrodes for welding rein-
forcement to it.

The end cover to the edge of the plate should not be greater than 25 mm, with some designers 
preferring to take the plates to the end of the beam to prevent spalling. The stress distribution over 
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(c)

Figure 4.32  (Continued)

the surface of the plate is assumed to be triangular (trapezoidal would be nearer the reality) and 
therefore the resultant of the force V acts at a distance b1/3 + 25 mm (end cover distance) from the 
end of the beam. Cumulative deviations in manufacture and erection will give the most onerous 
eccentricity, and therefore the gap between beam and column should be increased by the possible 
site-fixing tolerances at each end. Thus the total eccentricity from the face of the column may be 
calculated. In practice, dimensional accuracy for precast beams (particularly those cast in steel moulds) 
is much better than the values quoted in BS 8110, Part 1, clause 5.2.4 [4.5] of 3 mm per metre distance 
between supports.

Figure 4.33  Ultimate failure of precast beam half-joint reinforced with horizontal loops, and in some cases 
adding steel fibres.
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4.3.10  Design methods for end shear

Two methods are used, depending on whether the end of the beam is recessed or pocketed, and on 
the depth of the recess as a fraction of the overall depth of beam. In both cases truss action develops 
in the beam and adequate shear friction and shear bond anchorage are provided either mechanically 
or physically. Reinforcement normal to the potential cracking plane provides the normal force required 
to maintain the ultimate shear resistance by shear friction.

Although two different shear transfer mechanisms exist and may be analysed separately, it is 
common practice to add the shear resistances in the following:

	 vertical links and compressive struts
	 diagonal bars,

to obtain the total ultimate shear capacity. This is permissible only if the ductility factors for high-
tensile bars are not exceeded, i.e. the shear capacity obtained by the two different methods does not 
differ by more than about 40 per cent in favour of the diagonal bars. This is the most economical 
solution, because it is necessary to include the vertical links over the bearing surface in order to 
mobilise the forces in the anti-bursting bars in this region.

Figure 4.34  Alternative reinforcement for beam half-joint using horizontal loops instead of diagonal bars.

Figure 4.35  Narrow plate beam failure.
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The best way of dealing with this problem is first to calculate the steel requirements for lateral 
bursting, which has to be provided in all cases, and then to calculate the vertical shear resistance of 
the vertical links placed above the bearing surface. The remaining reaction force, which should not 
be greater than 0.5V (because bent-up bars should not be used to carry more than 50 per cent of 
shear forces) may then be carried by the diagonal bars.

Figure 4.36(a) [4.16] shows the first of the two structural models and typical details for this con-
nection, where the recess is about one-half of the total depth. The breadth of the beam is b, the 
effective depth of the beam is d, and the reduced effective depth is dh.

The first task is to check that the bearing stress between the beam and the bearing surface does not 
exceed 0.6 (1 − fck/250) fck/1.5 {0.85 fcu}. Bearing stresses fEd = VEd/bp bl {fb = V/bp bl} are calculated in 
accordance with the recommendations given later in Section 7.6 and BS EN 1992-1-1, clause 10.9.5.2 
[4.4] {BS 8110, Part 1, clause 5.2.3.4 [4.5]}. The assumption is that the distribution of bearing stresses 
is trapezoidal, such that the maximum ultimate stress is approximately equal to 0.8 fck {fcu}. If fb > 
0.85 fcd {0.6 fcu}, a steel bearing plate is provided and the concrete in contact with the plate is confined, 
where an ultimate stress of σc ≤ 0.85 fck Sq, where Sq is a confinement factor – see Eq. (7.15) {0.8 fcu Sq} 
may be used in contact with the plate. The plate is fully bonded to the beam by virtue of tie bars welded 
to the inside surface of the plate. The thickness of the plate is determined from two factors:

	 tensile force T in the tie bars
	 punching shear capacity of the plate, but only if the width of the plate is greater than the width of 

the bearing, otherwise the force is transferred directly through the plate.

If fb < 0.85 fcd (1 − fck/250) fck/1.5 {0.6 fcu}, the concrete beam may be bedded directly onto a felt, 
neoprene (or similar) pad, of 10 mm minimum thickness, and covering the whole of the bearing 
surface. This is to allow small rotations, in the order of 0.001 radians, to take place without causing 
damage to the edges of the bearings.

The second task is to check that the shear stress in the recessed section of the beam does not exceed 
0.5 v fcd (clause 6.2.2(6)) {0 8. fcu }, e.g. for C32/40 concrete t = 5.58 and {5.05} N/mm2, respectively. 
This is to ensure that the section will not fail by shear, even though reinforcement is providing the 
entire shear resistance.

Figure 4.36  Structural action and typical reinforcement arrangements. (a) Truss action in half joint with deep 
pocket [4.16]; (b) truss action in half joint with shallow pocket [4.16]; (c) reinforcement positions.

(a)

(b) (c)
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When a precast concrete beam is positioned firmly onto a bearing surface, axial deformations in 
the beam will induce axial tension or compression at the point of contact. This is due to the fact that 
the beam cannot slide on the bearing until the frictional force is overcome. The axial strain required 
to induce the frictional force is quite small, in the order of 50 με for most types of precast components. 
Thus a horizontal frictional force T = µV is generated over the bearing at the interface, where μ = shear 
friction coefficient, as follows:

	 0.7 for plain concrete-to-concrete surfaces
	 0.4 for steel-to-concrete surfaces
	 0.4 for steel-to-steel surfaces.

The reinforcement Ah required to provide this force is given by:

	 A
mV

f
h

y

=
0 87.

	 (4.30)

In the (rather unlikely) event that the peripheral stability tie force Ft(see Chapter 9) is carried by 
the connector itself, then Ah should be increased to:

	 A
mV F

f
h

t

y

= +
0 87.

	 (4.31)

At least two mild steel bars should be used to provide Ah and they should preferably be welded to 
the bearing plate, as it is unlikely that full anchorage would be achieved by other means. If no plate 
is required, a single bar should be formed into a U-shape and placed directly over the bearing with 
15 mm to 20 mm cover. The size of this bar should not be greater than 25 mm diameter in order to 
achieve the correct position. It is important that the internal radius of the bend should be checked 
for bursting forces. If more than one bar is required, the vertical separation distance should not exceed 
50 mm.

Although codes of practice do not require the steel Ah to carry flexural forces, they will undoubtedly 
exist if the nib is long, say, greater than one effective depth. It is therefore worth checking that the 
bars provided will resist any bending moment at the root of the nib.

According to BS EN 1992-1-1, clause 8.3(3), Eq. 8.1 [4.4] {BS 8110 (Part 1, Eq. 50) [4.5]} the internal 
radius r of a bar of diameter Φ that extends for more than 4 {5} diameters beyond the point at which 
it is required to resist the full force Fbt at the start of the bend is given by:

	 r
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where ab = the distance from the edge bar centre to the nearest free surface, i.e. cover plus Φ/2, or 
half of the centre–centre distance between bars {BS 8110 is cover plus Φ, or the centre–centre distance 
between bars}.

Cover to the end of the beam and to the internal root of the recess should be not less than 25 mm. 
The area of diagonal bars Ad is given by:

	 A
V

f
d

y

= 0 5

0 87

. sec

.

θ
	 (4.33)

where θ is usually 40° to 45°.
If truss action is to develop, these bars must be fully anchored in both the top and bottom of the 

beam. The bend at the top is usually 135° and so the bending radius must not be contravened, because 
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the concrete is already in a ‘high-risk’ zone and localised effects must not be allowed to exacerbate 
the situation. For this reason, H25 bars are considered to be the largest practical bar size for Ad. The 
diagonal bar must continue a full anchorage length from the root of the recess. The cover to this bar 
is critical, 25 to 30 mm being the correct cover to use. A small triangular chamfer, say 25 × 25 mm, is 
often used to reduce the possibility of cracks developing at the internal corner.

The remaining 0.5V is carried by the first diagonal compressive strut, assumed to be inclined at α 
to the horizontal. The compression in the strut is:

	 C V1 0 5= . cosecα 	 (4.34)

The limiting compressive force in this strut is given by:

	 C f b d C f b dck h cu h1 10 0 0 8 0 5= =. . cos { . . cos }85 45 α α 	 (4.35)

as shown in Figure 4.36(b). This ensures that not too much of the effective depth is in compression. 
If the compression is exceeded, two courses of action are possible:

	 either the depth of the recess is reduced, or dh is increased, or
	 the 40 per cent ductility allowance is called upon and the proportion of the force carried by the 

compressive strut is reduced to 0.42V (with a corresponding increase in the force carried by the 
diagonal bars to 0.58V).

The bursting force T is given in BS EN 1992-1-1, clause 6.5.3(3) [4.4], Eq. 6.58 as

ς = = −T H b a a/ 0 25. ( ) /

The values are reproduced here in Table 4.11(a). Linear interpolation is used. These values are about 
25 per cent lower than in BS 8110.

The vertical force V gives rise to a lateral horizontal bursting force Hbst across the end of the beam, 
which may be obtained from BS 8110, Part 1, Table 4.7 ‘end block’ theory – the most appropriate 
method [4.5]. Thus Hbst = ςV, where ς is the bursting force coefficient, typically 0.20 to 0.23 for 
bp/b = 0.2 to 0.4. The BS table is reproduced here in Table 4.11(b). Linear interpolation is used.

The derivation of the above data may be seen from Figure 4.37, where the dispersal of forces away 
from a bearing plate may be given by the resolution of the triangulation of forces. If the angle sub-
tended to the direction of load is given by:

	 θ =
−2

4 0 4

b b

b
p

.
, 	 (4.36)

the tensile bursting force coefficient ς between two such struts is given by:

	 ς θ= = −



2 2

0 312 1.
b

b
p

	 (4.37)

Table 4.11(b)  Bursting force coefficients to BS 8110 (code uses ypo/yo 
instead of bp/b)

bp/b 0.3 0.4 0.5 0.6 0.7
ς 0.23 0.20 0.17 0.14 0.11

Table 4.11(a)  Bursting force coefficients to BS EN 1992-1-1 (code uses 
a/b instead of bp/b).

bp/b 0.3 0.4 0.5 0.6 0.7
ς 0.175 0.15 0.125 0.10 0.075
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Figure 4.37  Dispersal of forces above bearing plates.

The results, which are given in Table 4.12, are in better agreement with BS 8110 than in BS EN 
1992-1-1.

In the beam end, horizontal hairpins are provided such that:

	 A
H

f
bst

bst

y

=
0 87.

	 (4.38)

across the end face of the beam.
PCI recommendations [4.2] give Abst = Ah/2, and here the result is about the same as carrying out the 

above analysis. Part of this steel may form part of the U-bars provided for Ah above. However, whereas 
Ah need only be provided directly above the bearing, bursting steel must be positioned over the full 
height of the end of the beam. Thus at least two, and preferably three, hairpin bars should be provided. 
H8 or H10 rebars at 50 mm centres are the norm. The bars should extend across the full face of the 
beam and enclose any vertical bars. The anchorage length, which is standard, should start at 25 mm 
beyond the face of the recess. Two or three vertical stirrups should be used to support the hairpins over 
the top of the bearing plate. The area of vertical bar in each face should be not less than Abst.

The horizontal component of the force taken by bars Ad is given by H = 0.5 V tan θ. This is a com-
pressive force in the top of the beam. The horizontal component of the force, C1 is H = C1 cos α. The 
steel required for the total H is given by:

	 ′ =A
H

f
s

y0 87.
	 (4.39)

The bars providing ′As  must not be less than the minimum percentage steel for concrete in com-
pression, and they must be surrounded by links up to the end of the beam in order to be fully effective. 
The bars should extend to within a cover distance from the end of the beam and be lapped to the 
diagonal bars a distance equal to 1.4 times the basic lap length. Occasionally the top bars are welded 
to the first vertical link to provide the necessary anchorage at the end of the cage.

To complete the shear cage, the first full-depth vertical links Asv1 designed using the truss action, 
shown in Figure 4.36(a), should be placed at one cover distance from the inside face of the recess. 
The area of the links is:

	 A
V

f
sv

y
1

0 5

0 87
= .

.
	 (4.40)

Note that the concrete shear stress vc is ignored.
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It is likely that pairs of links are required. The links should enclose the diagonal bars Ad, the hairpin 
bars Abst and the tie bars Ah. Although in theory the full vertical shear resistance of the section does 
not depend entirely on these first links, they are nevertheless provided to ensure the gradual transfer 
of shear from the truss to stirrup actions.

The vertical force in these links is equilibrated by a second compressive strut C2, inclined at 45° to 
the horizontal, where:

	 C V2 0 5 45= °. cosec 	 (4.41)

The limiting compressive strut stress is 0.6(1 − fck/250)(fck/1.5), using clause 6.5.2, Eq. 6.56 {0.4 fcu} 
acting over a depth of 0.6d {0.5d}.

The limiting value of C2 is given by:

	 C f b d C f b dck cu2 20 45 0 6 45 0 4 0 5 45= ° = °. . cos { . . cos } 	 (4.42)

As before, the horizontal component of the force at the bottom end of Ad produces a tension H = 0.5 
V tanθ. In addition to this the horizontal component of the force C2 is H = C2 cos 45°. The steel 
required for the total H is given by:

	 A
H

f
s

y

=
0 87.

	 (4.43)

The bars providing As are, of course, the same bars as used in the curtailment of flexural steel.
Finally, where the diagonal bar meets the bottom steel a second set of links Asv2 should be provided 

to carry the full shear force V within the nodal distance Lsb, so that:

	 A
V

f
sv

y
2

0 87
=

.
	 (4.44)

Note that the nodal distance Lsb is much less than that which would be calculated by applying 
anchorage bond stresses. This is because it is assumed that the force is transferred not only by bond, 
but also by friction between the links, which are tied tightly to the inclined bar. Beyond Lsb, the devel-
opment of shear resistance is subsequently catered for by the links and concrete according to BS EN 
1992-1-1, clause 6.2.3(3) [4.4] {BS 8110, Part 1, clause 3.4.5 [4.5]}.

Where the recess is smaller, about one-third of the depth, a diagonal compressive strut develops 
alone instead of the tension tie above. Figure 4.36(b) shows the structural model for this second case. 
Note the differences compared to Figure 4.36(a). The similarities are that horizontal hairpin bars are 
placed directly over the top of the pocket as a restraint against lateral bursting forces Fbst. The bars 
are held in position by an equal amount of fully anchored vertical steel. They form the basis of the 
shear reinforcement cage, in which the spacing of the links is gradually increased as in normal rein-
forced concrete design.

The main differences with the previous case are that the net depth of concrete above the bearing 
surface is sufficiently large to enable a compressive diagonal strut C3 = V cosec α to form. Here α 
depends on the geometry of the recess, and is usually about 60–70°. The simple resolution of forces 
enables the reinforcement of areas ′As , Ah, Abst, Asv and As to be determined as before. Here the longi-
tudinal bars Ah carry an additional force to the previous case, the horizontal component of the diago-
nal force V sec α. Thus, if the peripheral tie force Ft is included, then:

Table 4.12  Bursting force coefficients using strut-and-tie methods

bp/b 0.3 0.4 0.5 0.6 0.7
ς 0.22 0.19 0.16 0.13 0.09
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Proper anchorage is required to carry the forces in the diagonal truss member by ensuring that the 
forces in the horizontal steel Ah are fully active. This means that the end of the horizontal bar Ah may 
have to be welded to the inside of the bearing plate or fully anchored, as discussed above. The remote 
end of the bar enters into an area of compression, as shown in Figure 4.36(a).

Cook [4.30, 4.39] developed a non-linear finite element program called ‘FIELDS’, which uses com-
pression field theory to study the strut-and-tie action in these and similar types of joint, i.e. corbels 
(see Figure 4.28). The dashed lines represent principal stress trajectories. Full-scale testing on precast 
beams with deep recessed ends, i.e. 350 mm in a total beam depth of 600 mm, has verified the com-
putational work and shows that reinforcing beams using the strut-and-tie analogy gives conservative 
estimates of the ultimate shear resistance. Factors of safety against ACI code equations are about 1.2, 
but the failures occur in a very ductile manner.

A detailing problem occurs at the end of the beam for the bars marked Ah in Figure 4.36(c), where 
proper anchorage is required. The first link (from the end of the beam) will be displaced beyond its 
effective position because of the radius of the hook required to anchor the reinforcement Ah at the 
end of the recess. There are two possible solutions to this:

	 to weld an anchor plate or angle to the end of the main steel, as shown in Figure 4.36(c). This 
would require fire protection as is drawn here; or

	 to provide an additional straight bar in the corner of the cage for the sole purpose of providing a 
link hanger. This bar would be additional to the curtailment requirements for the main longitudinal 
reinforcement, and is a less popular option in congested cages.

4.3.11  Hanging shear cages for wide beams

The analysis considered in Section 4.3.10 is used in narrow beam design, where it is not possible to 
carry the end shear forces in the plane of the connection. In wider beams, as shown in Figure 4.38, 
where the net cross section of concrete at point B is sufficient to carry the shear force, hanger steel 
may be used to transfer the end reaction from A to B. In this case the diagonal bars Ad in Figure 
4.36(c) are replaced with hanger bars Add. The most important section occurs in inverted-tee beams, 
where the breadth of concrete at section z–z in the figure is small, i.e. less than 150 mm. Referring to 
Figure 4.38, the area of hanger steel is given by:

Figure 4.38  Hanger reinforcement in wide pocketed end beam.
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f
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=
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where θx and θy are the inclination of the bar to the vertical in the x and y planes. Bars inclined to 
both axes are extremely difficult to bend, particularly where accuracy is very important, as is the case 
here. Ideally the hanger bar(s) should be vertical in the y plane for ease of cage manufacture.

In practice this reinforcing method may be used only in pocketed beams where the breadth of the 
beam either side of the pocket is at least 200 to 300 mm, depending on the shear force. Thus the overall 
breadth of the beam is likely to be at least 600 mm.

Exercise 4.5  Beam end shear design

Beam end shear reinforcement is required in a 10.0 m long × 600 mm deep by 300 mm wide beam to carry an 
ultimate shear force of 200 kN. The shape of the end of the beam is to be recessed across the full width of the 
beam to a depth of 200 mm and length 130 mm. A steel bearing plate is to be used in the horizontal bearing 
surface. The width of the supporting steel billet is 80 mm.

Given the following data, design the end shear reinforcement and bearing plate. The peripheral tie force is 
taken care of elsewhere. Use concrete grade C32/40, fyk {fy} = 500 N/mm2, fyk {fy} = 250 N/mm2 for welded bars, pyk 
{py} for plate = 275 N/mm2 for Grade 43 steel, fydw = 275/1.25 = 220 N/mm2, see Table 7.12 {fweld = 215 N/mm2} for 
6 mm CFW. Cover to links = 25 mm. Allow an end tolerance for factory positioning the plate = 10 mm.

Solution

Step 1: Bearing plate width
b/3 ≤ bp ≤ b − 100 mm or 0.4 b
Try bp = 100 mm

To determine Sq try bl = 80 mm.
Resistance width = 100 + 2 × 100 either 

side = 300 mm.
Resistance length = 80 + 0 at end of 

beam + 80 = 160 mm.

Sq = ×
×

= <300 160

100 80
2 45 3.

A steel plate design ultimate average bearing 
stress = 0.567fckSq = 44.4 N/mm2

bl > ×
×

=200 10

100 44 4
45 0

3

.
. mm

Allow 10 mm end 
tolerance as given, plus
(See clause 10.9.5.2) Δa3 = 
10 000/2500 = 4 mm

(See Table 10.5) Δa2 = 10 mm
bl ≥ 45 + 10 + 4 + 10 = 69 mm
Try 80 mm as a minimum < 130 available
Effective plate bearing length, = 80 − 24 = 56 mm

A steel plate design ultimate average bearing 
stress = 0.8 fcu = 32 N/mm2

bl > ×
×

=200 10

100 32
62 5

3

. mm

Allow 10 mm end 
tolerance as given, plus a further 10 mm 
fixing tolerance.

bl ≥ 62.5 + 10 + 10 = 82.5 mm
Try 90 mm < 130 available
Effective plate bearing length = 90 − 20 = 70 mm

Step 2: Plate thickness
The plate is subjected to an axial tension force = µV = 0.4 × 200 = 80 kN

Cross-sectional area of plate mm= × =80 10

275
291

3
2, so t > =291

100
2 9. mm

The plate is also subjected to double shear of design stress 0.6 pyk {0.6 py} from the steel billet.
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t > ×
× × ×

200 10

2 0 6 275 56

3

.
Total t > 2.9 + 10.8
>12 mm preferred, therefore increase bl to 

90 mm, and effective bl = 66, such that 
t = 2.9 + 9.2

Use 100 × 90 × 12 plate

= 10.8 mm

= 13.7 mm

= 12.1 mm

t > ×
× × ×

200 10

2 0 6 275 70

3

.
Total t > 2.9 + 8.7
Use 100 × 90 × 12 plate

= 8.7 mm

= 11.6 mm

Step 3: Reinforcement
Using the compressive strut-and-tensile-tie analogy, shown in Figures 4.36(b) and 4.39(a), it is first necessary to 
determine the angle θ of the primary strut C1 . From Figure 4.39(a), assuming 8 mm links, 12 mm top bars and 
20 mm bars welded to the plate, d = 400 − 25 − 8 − 12/2 − 12 − 20/2 = 339 mm, and the reaction point at ½ plate 
length av = 130 + 25 + 8/2 − 90/2 = 114 mm. θ = tan−1 (114/339) = 18.6°.

Compressive strut force C1 = V/cos θ = 200/0.948 = 211.0 kN.
The width of the compressive strut w1 must be checked to ensure that it does not extend beyond the end of 

the beam. The depth of the compressive block is also limited to 0.6dh {0.5dh}, where dh is the effective depth to 
the horizontal tie bars attached to the plate. Referring to Figure 4.39(a), dh = 400 − 12 − 20/2 = 378 mm.

Hence the maximum value of w1

= 0.6 × 378 × sin θ
The actual value of w1 is given by 

limiting the concrete stress to 
0.6(1 − fck/250) fck/1.5 = 
11.16 N/mm2

w1

3211 0 10

300 11 16
> ×

×
=.

.

= 72.3 mm

= 63 mm < 72.3

Hence the maximum value of w1

= 0.5 × 378 × sin θ
The actual value of w1 is given by 

limiting the concrete stress to 
0.4fcu = 16.0 N/mm2

w1

3211 0 10

300 16 0
> ×

×
.

.

= 60.3 mm

= 44.0 mm < 60.3

The effect of the reaction creates two types of tensile force. The first is a lateral bursting force across the end of 
the beam and is a function of the width of the plate divided by the width of the beam, i.e. end block theory 
mentioned in the text.

Using bp/b = 0.33 (see Table 4.11b), the 
bursting force is given by

Fbst = 0.167 × 200
and the area of the horizontal bars to resist 

this force is:

Abst = ×
×

33 3 10

0 87 500

3.

.

= 33.3 kN

= 77 mm2

Using bp/b = 0.33 (see Table 4.11a), the 
bursting force is given by

Fbst = 0.22 × 200
and the area of the horizontal bars to resist 

this force is:

Abst = ×
×

44 10

0 87 500

3

.

= 44 kN

= 101 mm2

Use two H8 bars at 100 mm centres, i.e. within the lower half of the end face of the beam. Also provide 77 mm2 
{101 mm2} of vertical links above the plate; use two H12 links (diameter to be same as main links later).

The second force is a longitudinal tie force as given by Fh = µV + V tan θ = (μ + tan θ) V.
Thus: Fh = (0.4 + 0.336) × 200 = 147.3 kN
The horizontal bar is welded to the steel plate using a strength fy {fyk} = 250 N/mm2, even though a high-tensile 

bar is used.

Ah = ×
×

=147 3 10

0 87 250
667

3
2.

.
mm

Use two R25 bars welded to the plate using electrodes Grade E43.
The bars must have a bond length of 40 {35} diameters = 1000 mm {875 mm} beyond the intersection node 

with compressive strut C2. Because of the remoteness of the mid-span tension reinforcement, 1.5 times this is 
often provided.

(Continued)
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The length of a 6 mm double-sided fillet weld required to resist the rebar force distributed equally between two 
bars is:

lw = ×
× ×

147 3 10

4 6 220

3.
= 27.9 mm lw = ×

× ×
147 3 10

4 6 215

3.
= 28.5 mm

plus 12 mm run-outs.
Use 50 mm weld length.

Figure 4.39  Details for Exercise 4.5. (a) Strut and tie forces used and (b) reinforcement cage.

(a)

(b)



Design of Skeletal Structures  215

Exercise 4.6

Repeat Exercise 4.5, but where the depth of the halving joint recess is increased from 200 mm to 350 mm.

Solution
The size of the bearing plate will be as before. The reduction in the half-joint depth will create diagonal tension 
across the face of the joint, as shown in Figure 4.36. The shear stress at this point is ν = 3.07 N/mm2 and, when 
combined with the horizontal tensile stresses and the stress concentration at the sharp 90° corner, is surely going 
to cause a diagonal failure. One way of reducing the stress concentration is to chamfer the corner with a 45° 
20 mm × 20 mm fillet.

Reinforcement
Referring to Figure 4.40, it is possible to place the diagonal bar at 45° to the direction of the force V to resist the 
diagonal force Fd resulting from 0.5V. Hence:

Fd =
°

=100

45
141 4

sin
. kN. From which Ad = 325 mm2.

(Continued)

The vertical force V in the stirrups gives Asv = ×
×

=200 10

0 87 500
460

3
2

.
mm .

Use three H12 links at 50 mm centres, the first of which should be placed as close to the end of the beam as 
possible, i.e. one cover distance. This means that two additional longitudinal bars (say two H12 bars) must be 
placed in the bottom corners of the beam to carry the first stirrup.

The horizontal compressive force H in the top of the beam is:
H = V tan θ = 200 × 0.336 = 67.3 kN

′ = ×
×

=As
67 3 10

0 87 500
155

3
2.

.
mm

Use two H12 bars.
Anchorage length of bar required from nodal point = 40 {35} × 12 = 480 mm {420 mm}, or length of bar from 

end of beam = 420 + 155 = 635 mm {575 mm}.
The maximum diagonal compressive force C2 is given by V/sin 45° = 282.8 kN.
Using the same method as before to check confinement of the compressive strut, where d = 550 mm

w1,max = 0.6 × 550 × sin 45°

Actual width required w1

3282 8 10

300 11 16
> ×

×
.

.

= 233 mm

= 84.5 mm

w1,max = 0.5 × 550 × sin 45°

Actual width required w1

3282 8 10

300 16 0
> ×

×
.

.

= 194 mm

= 58.9 mm

Figure 4.39(b) shows the reinforcement cage.
Finally the tension in the bottom of the beam is T = V (because the compressive strut C2 is assumed to act at 

45°). Hence
As = 460 mm2

Use two H20 bars, with an internal radius of 60 {70} mm.
Anchorage length of bar from nodal point = 40 {35} × 20 = 800 mm {700 mm}. These bars should be properly 

anchored, either to a corner angle using a fillet weld designed as before (for direct tension), or the bars should 
be fully anchored using a standard end hook for simply supported beams. Note that the area of this steel may be 
increased owing to the curtailment requirements of the main flexural reinforcement.
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The preference is to use bars that may be bent easily and will not violate the bearing stresses inside bends  
BS EN 1992-1-1, clause 8.3(3) [4.4] {BS 8110, Part 1, clause 3.12.8.25 [4.5]}). Therefore use four H12 bars, in 
preference to two H16 bars. To satisfy bearing stresses, where Fbt = 141.4/4 = 35.4 kN per bar, the internal bar 
radius should be greater than r obtained from:

ab = 58/2 = 29 mm, but less than 
cover + ϕ/2 = 25 + 12 + 20 + 12/2 = 63 mm

r = × + ×
×

35 4 10 1 29 1 2 12

2 32 1 5

3. ( / /( ))

/ .
Let r = 65 mm

= 63 mm

ab = (300 − 2(25 + 12 + 20) − 12)/3 = 58 mm 
less than cover + ϕ 
= 25 + 12 + 20 + 12 = 69 mm

r = × +
× ×

35 4 10 1 2 12 58

2 40 12

3. ( ( / ))

Let r = 55 mm.

= 52 mm

The bars should be fully anchored a full bond length of 40 {35} × diameter = 480 mm {420 mm} from the corner 
of the halving joint or the nodal point, as shown in Figure 4.40.

The design for lateral bursting and vertical shear is as before. The design for longitudinal tie steel anchored to 

the plate is given by Fh = µV. Thus Ah = × ×
×

=0 4 200 10

0 87 250
368

3
2.

.
mm .

Use two R20 bars welded to the plate in the same manner as before.
The weld leg length may be kept at 50 mm. Anchorage length = 800 mm {700 mm}. The bars are to be posi-

tioned on the inside of the outer diagonal bars.

Figure 4.40  Diagonal reinforcement in half joint shear cage in Exercise 4.6.
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Figure 4.41  Photograph of a beam shear box.

4.3.12  Prefabricated shear boxes

An alternative to the reinforced shear cage is the so-called ‘shear-box’ approach, in which a solid plate, 
rectangular hollow section (RHS), or other structural steel section projects from the end of the beam 
(see Figures 4.41 to 4.43). Shear boxes are necessary in situations where the depth of the beam becomes 
prohibitively large because of the large amount of reinforcement required in the end cage. Depending 
upon the circumstances, a steel box section or two channel sections back to back can reduce the depth 
of the beam by 100 mm. This may be greater in L-shaped beams, where non-symmetrical boxes form 
part of the upstand. A typical RHS section size of 150 × 100 × 6 (grade S275 {43} steel) will carry 
shear forces in the region of 250 kN. About 75 mm cover distance is required to the top of the insert, 
and links must pass over the top of the insert in order to carry tensile forces to the bottom of the 
beam. A minimum bearing length of 60 mm is recommended.

Design recommendations are based on adequate bearing stresses both in the plate and concrete 
beam, the prevention of spalling, bursting and splitting, and an adequate tie-back in the concrete 
beam. The ultimate shear capacity of the section is based on the shear capacity of the shear box itself, 
and is gradually transferred into the reinforced concrete beam. Tie back forces are distributed into 
the concrete beam by an appropriate concentration of vertical stirrups, by bent bars, or by welding a 
wide plate (or similar) to the bottom of the shear box.
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4.3.12.1  Wide box design
The wide box design is based on three-point bending, and is therefore statically determinate. The 
section is completely filled with concrete and surrounded by reinforced concrete to prevent local wall 
buckling etc. The concrete is otherwise ignored up to a point near the end of the box where truss 
action takes over, as in a normal beam.

End reactions V are transferred to the box either directly, providing the local bearing stresses allow 
and the connection is stable in the temporary fixing condition, or through a flat plate welded to the 
bottom of the box. If the position of the box is near the top of the beam, i.e. less than 200 mm, the 
box is restrained vertically and prevented from bursting out of the top of the beam by a tension hanger 
in the form of plate strap reinforcement, as shown in Figure 4.44. The strap, which generates a force 
T, may consist of a bent plate, 6 mm thick × 50 mm to 100 mm wide depending on the required 
capacity, welded to a bottom bearing plate. A compressive strut force must be allowed to develop 
above the bottom plate acting at 45° to the horizontal. Thus the ‘clearance’ between the underside of 

Figure 4.43  Beam shear box design principles.

Figure 4.42  Prefabricated beam shear box design (taken from [4.16]).

(a)

(b)



Design of Skeletal Structures  219

Figure 4.44  Beam shear box with additional steel plate strap hangers.

the wide shear box and the bottom plate must be at least equal to the length of the strap, plus a little 
extra, say 25 mm.

Alternatively, rebars may be welded to the sides (or bottom) of the box and provided with a  
full anchorage length and correct bend radius Eq. (4.32). In no circumstances should roughened 
surfaces of the steel box be used to generate shear friction – a ductile, mechanical connection is 
required.

The equilibrium compression force C = T − V is provided at the remote end of the box, either by 
direct bearing or through an additional bearing plate. The line pressure may be taken as 0.85 fck {0.8 
fcu bp}, providing that the concrete beneath the bearing is confined laterally. Links are provided in the 
beam at a spacing of not more than 150 mm in readiness to carry the shear force as explained above, 
and these are usually more than adequate for this purpose. Taking moments about the centre of the 
tension strap, then referring to Figure 4.45:

	 V f b L L L L V f b L L L Lck p cu p= − = −0 0 5 0 8 0 53 4 3 1 3 4 3 1. ( . ) / { . ( . ) / }85 	 (4.47)

Figure 4.45  Beam shear box with additional rebar hangers.
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The length of the box (L4 + L1) is in the order of 500 mm for connector capacities of about 250 kN, 
reaching 700 mm for 400 kN capacity connectors. Resolving vertically:

	 V T f b L V T f b Lck p cu p= − = −0 03 3. { . }85 8 	 (4.48)

Hence T may be computed. The area of reinforcement is:

	
A T f

A T p

s y

s y

=
=
/ .

/

0 87 for rebar

or for steel plate
	 (4.49)

The thickness of the plate at the bottom of the strap is based on the shear capacity of the plate, 
and a sufficient thickness to be welded to the strap, typically 6 mm. Figures 4.44 and 4.45 show exam-
ples of the completed shear box using steel straps and rebars, respectively.

Exercise 4.7  Beam end shear box design

Design a RHS (or SHS) shear box to carry an ultimate end reaction of 250 kN in a 300 mm-wide reinforced 
concrete beam. Determine the minimum depth of beam required to support the shear box, and design the shear 
reinforcement. Assume that the beam bearing is onto a mild steel plate. Use two methods for the tie force: (a) 
rebars, (b) straps.

Use concrete grade C32/40, fyk {fyv} = 500 N/mm2, fyk {fy} = 250 N/mm2 for welded bars, py = 275 N/mm2, 
pb = 190 N/mm2, fydw = 275/1.25 = 220 N/mm2 {fweld = 215 N/mm2 }. Cover to reinforcement = 40 mm.

Solution
Breadth of box = b/3 = 100 mm.
Length of bearing = 250 × 103/190 × 100 = 13.2 mm, plus 10 mm fixing tolerance = 25 mm.
Use minimum recommended steel bearing length = 60 mm.
Beam rebate length = 60 + 20 mm grouting gap = 80 mm.
(a) Using reinforcement hanger (see Figure 4.45)
L1 = 80 − 60/2 + 40 cover + say 16 = 106 mm, assuming 32 mm bar diameter
Try L4 = 300 mm

Line pressure under box = 0.85 × 32 × 100
Moments about tie gives
250 × 103 = 2720 L3 (300 − 0.5 L3)/106
Hence L3 = 34.5 mm, say 35 mm.
C = 2720 × 35 × 10−3 = 95.2 kN
T = 250 + 95.2 = 345.2 kN

As = ×
×

=345 2 10

0 87 250
1587

3
2.

.
mm

= 2720 N/mm Line pressure under box = 0.8 × 40 × 100
Moments about tie gives
250 × 103 = 3200 L3 (300 − 0.5 L3)/106
Hence L3 = 29.0 mm, say 30 mm.
C = 3200 × 30 × 10−3 = 96.0 kN
T = 250 + 96.0 = 346.0 kN

As = ×
×

=346 0 10

0 87 250
1591

3.

.
mm2

= 3200 N/mm

Use two H32 bars (1608 mm2) welded to side of box.

(1) Bend radius to R32

Cover distance + radius = 84 mm.

r = × + ×
×

=172 6 10 1 84 1 2 32

2 32 1 5
112

3. ( / /( ))

/ .
mm , 

say 115 mm
Minimum required depth beneath box
= 115 + 32 + 10 link + 40 cover = 197 mm, use 200 mm

Cover distance + diameter = 100 mm.

r = × +
× ×

=173 0 10 1 2 32 100

2 40 32
110 8

3. ( ( / ))
. mm, 

say 115 mm
Minimum required depth beneath box
= 115 + 32 + 10 link + 40 cover = 197 mm, use 200 mm
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(2) Confinement of concrete beneath box

Fbst = 0.167 × 95.2 = 15.9 N/mm2

Abst = 37 mm2

Fbst = 0.22 × 96.0 = 21.1 kN
Abst = 49 mm2

Use a pair of H10 bars (157 mm2) at end of box.

(3) RHS design

Mmax = × =250 106 26 500 kN mm

Plastic modulus cmSxx >
×

=26500

0 6 275
96 4 3

.
.

Vmax = 250 kN

Web area, dt > ×
×

=250 10

0 6 275
2 758

3
2

.
mm

Use 100 × 100 × 8 RHS grade S275 {43} steel (Sxx = 99.9 cm3, dt = 800 mm2).

(4) Weld design to side of box
Maximum length available = 100 mm.

Assume 8 mm leg length, then:

Weld length mmlw = ×
× ×

=172 6 10

2 5 6 220
70

3.

.
Weld length lw = ×

× ×
=173 0 10

2 5 6 215
71 1

3.

.
. mm

Use 8 mm × 100 mm-long CFW to tie bars.

(5) Shear links in concrete between tie and end of box, and for an effective depth beyond end of box.
Assume flexure requires a minimum of two H25 bars.

Total depth of beam, h
= 50 top cover + 100 box + 200 below
b = 300 mm
d = 350 − 40 cover − 10 link 

− 12 bar radius
z = 0.9 × 287.5 = 258.7 mm
(See Eq. 6.8 with cot θ = 2.5)

Asw = ×
× × ×

=250 10

258 7 0 87 500 2 5
2 0 444

3
2

. . .
. mm /mm

Use H10 links at 175 mm centres.

= 350 mm

= 287.5 mm

= 444 mm2/m/leg

Total depth of beam, h
= 50 top cover + 100 box + 200 below
b = 300 mm
d = 350 − 40 cover − 10 link 

− 12 bar radius
100 As/bd = 100 × 982/(300 × 288)
vc = 0.66 N/mm2

v = ×
×

=250 10

300 287 5
2 89

3
2

.
. N/mm

Asv = − ×
×

=( . . )

.
.

2 89 0 66 300

0 87 500
2 0 771 2mm /mm

Use H10 links at 100 mm centres.

= 350 mm

= 287.5 mm
= 1.14%

= 771 mm2/m/leg

(b) Using plate strap hanger (refer to Figure 4.44)
Because the plate strap occupies a greater length than a single rebar above, the lever arm L1 is increased to half 
the length of the plate minus the radius of the bar. Using the tie force above as a guide, adding about 10% extra 
for the additional lever arm, try 6 mm thick × 120 mm long strap.

L1 80 60 2 40 120 2 150= − + + =/ cover / mm

Try L4 = 300 mm as before and increase if necessary.

(Continued)
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Moments about tie

250 × 103 = 2720 L3 (300 − 0.5 L3)/150
Hence L3 = 50.1 mm, say 51 mm
C = 2720 × 51 × 10−3 = 138.7 kN
T = 250 + 138.7 = 388.7 kN.
Aplate = 388.7 × 103/275 = 1414 mm2

Length of strap = 1414/(2 × 6) = 117.8 mm

250 × 103 = 3200 L3 (300 − 0.5 L3)/150
Hence L3 = 42.0 mm, say 42 mm
C = 3200 × 42 × 10−3 = 134.4 kN
T = 250 + 134.4 = 384.4 kN
Aplate = 384.4 × 103/275 = 1398 mm2

Length of strap = 1398/(2 × 6) = 116.5 mm

Use two 6 mm-thick x 120 mm-long straps.

(1) RHS design
Mmax = 250 × 150 = 37 500 kNm.
Plastic modulus Sxx > 37 500/275 = 136.4 cm3.
Vmax = 250 kN
Web area dt > 250 × 103/(0.6 × 275 × 2) = 758 mm2.
Use 150 × 100 × 6.3 RHS grade S275 {43} steel (Sxx = 148 cm2, dt = 945 mm2).

(2) Weld design to side of box
Maximum length available = 150 mm. Assume 8 mm leg length, then:

Weld length
= 388.7 × 103/(2 × 2 × 5.6 × 220) = 79 mm

Weld length
= (384.4 × 103 )/(2 × 2 × 5.6 × 215) = 79 mm

Use 8 mm × 100 mm-long CFW to side strap.

(3) Width of bottom plate for an 8 mm weld leg = 100 + (2 × 6) + 2 × 8 = 128 mm.

Use 150 mm plate width.
Bearing capacity above bottom plate
= 0.85 × 32 × 120 × 150 × 10−3

Shear thickness, t
= 388.7 × 103/(2 × 150 × 0.6 × 275)

= 489.6 kN
> 388.7 kN

= 9.8 mm

Use 130 mm plate width.
Bearing capacity above bottom plate
= 0.8 × 40 × 120 × 130 × 10−3

Shear thickness, t
= (384.4 × 103)/(2 × 120 × 0.6 × 275)

= 499.2 kN
> 384.4 kN

= 9.7 mm

Use 130 mm x 120 x 10 mm thick bottom plate.
Weld leg length to bottom plate (assuming 8 mm run-outs):

l = 388.7 × 103/(2 × 2 × 5.6 × 220) = 79 mm l = (384.4 × 103)/(2 × 2 × 5.6 × 215) = 79 mm

Use 4 no. 8 mm welds across the full 120 mm bottom plate.

(4) Depth of concrete clearance between RHS box and bottom plate

= 150 + 25 = 175 mm = 130 + 25 = 155 mm

(5) Shear links in concrete between tie and end of box, and for an effective depth beyond end of box.

Minimum total depth of beam = 2 × cover + 2 × links + box + clearance + plate

= 2 × 40 + 2 × 12 + 150 + 175 + 10 = 439 mm = 2 × 40 + 2 × 10 + 150 + 155 + 10 = 415 mm

So total depth of beam rounded up is 450 mm.
Assume two H25 bars in end of flexural cage.

d = 450 − 40 − 12 − 25/2 = 385.5 mm
z = 0.9 × 385.5 = 347.0 mm

Asw = ×
× × ×

250 10

347 0 87 500 2 5
2

3

. .
= 0.331 mm2/mm

Use H12 links at 230 mm centres 
(491 mm2/m).

= 331 mm2/m/leg

d = 450 − 40 − 10 − 25/2 = 387.5 mm
100 As/bd = 100 × 982/(300 × 338)
νc = 0.60 N/mm2

ν = 250 × 103/(300 × 387.5) = 2.15 
N/mm2

Asv = − ×
× ×

=( . . )

.
.

2 15 0 6 300

2 0 87 500
0 536 2mm /mm

Use H10 links at 145 mm centres 
(541 mm2/m).

= 0.84%

= 536 mm2/m/leg
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4.3.12.2  Narrow plate design
A narrow shear plate is defined as one where the width (or thickness) of the plate, t, is in the range 
0.1b < t < 75 mm. Figure 4.46 shows three details of design methods using a narrow plate insert 
instead of the wider shear box. The narrow plate is used mostly with the welded plate column con-
nector (see Figure 7.68(c)), where the plate is fillet-welded to a steel billet cast in the column. If a 
wide bearing plate is added to the end of the plate, the beam may be connected to many of the other 
types of column connector, e.g. the cleat type. In order to safely transfer the end reaction to the beam, 
the narrow plate is supplemented with any of the following:

(a)	 additional bearing plates welded to the underside of the vertical plate at a distance of 75 mm from 
the end of the beam, and if necessary a plate welded to the top of the remote end of the plate 
(Figure 4.46(a))

Figure 4.46  Narrow plate beam end design. (a) With additional bearing plate [4.16]; (b) with additional 
rebar and remote end plate [4.16]; (c) with additional remote end plate and rebar [4.16].

(a)

(b)

(c)
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(b)	 additional (two minimum) rebars welded to the sides of the plate at a centre distance of 75 mm 
from the end of the beam, and a bottom plate welded to the underside of the vertical plate (Figure 
4.46(b))

(c)	 rebars as (b), but with a vertical end plate and horizontal tie-back steel bars welded to the bottom 
of the plate (Figure 4.46(c)). This option is used where the length of the plate is restricted, for 
example by a service hole or check-out in the beam.

As with the wide shear box, the narrow shear plate is designed in three-point bending, and is 
therefore statically determinate. The plate is completely surrounded by concrete to prevent twisting 
and buckling, etc. The concrete is otherwise ignored up to a point just beyond the tie bars, where 
truss action takes over as in a normal beam. Unlike the wide box connector, which may be embedded 
in a deep concrete beam without additional ties, the plate must be restrained vertically and prevented 
from splitting through the concrete, no matter how deeply embedded it is, either by the additional 
bearing plates or by closely spaced links near to the reaction points.

Option (a) is used if the distance from the bottom of the beam to the underside of the plate is 
small, say less than about 75 mm, and where insufficient compression can develop over the top of the 
steel insert. The concrete at the top of the beam should be at least capable of resisting punching shear 
and of generating a diagonal compressive strut to the steel in the top of the beam. The top cover 
distance depends on the magnitude of V, but if the distance L4 is large the end reaction is obviously 
small and a cover distance of about 150 mm is adequate.

Referring to Figure 4.46(a), the depth of the plate d is calculated from the greater of:

	 d
V

p ty

=
0 6.

	 (4.50)

or

	 d
V L L

p ty

= +4 0 51 2( . )
	 (4.51)

The equilibrium compression force C = T − V is provided at the remote end of the plate. The bearing 
pressure may be taken as 0.85 fck {0.8 fcu} providing that the concrete around the plate is confined 
laterally, although some designers prefer to restrict the stress (not code values) to 0.6 fck {about 0.6 
fcu} to guard against cracking at the corner of the plate or on narrow bearings. Small-diameter links 
are provided in the beam at a spacing of not more than 150 mm, as explained above. The overall dif-
ference in the design compared with the wide box connector is directly related to the position of the 
plate in the beam, or more specifically the amount of concrete cover beneath the plate.

The first step is to choose a length L4 for the narrow shear plate. As an initial guess try L4 = 300 mm 
for V < 150 kN, increasing to L4 = 500 mm for V < 300 kN (assume b > 300 mm, and fck > 32 N/mm2 
{fcu > 40 N/mm2}). The width of the bearing plate bp should be approximately b/3. Then:

	 V f bpL V f bpLck cu= =0 02 2. { . }85 8 	 (4.52)

Assuming that both plates have the same width, L3 is calculated from equilibrium of moments:

	 L L L L L L L3 4 2 3 2 1 20 5( ) ( . )− − = + 	 (4.53)

Check that the bearing stresses do not overlap such that L2 + 2 L3 < 0.9 L4.
The force in the end plate must be upheld by steel stirrups Asv as follows:

	 A
f b L L

f
A

f b L L

f
sv

ck p

y
sv

cu p
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equally spaced over a distance L2 + L3 + 125 mm from the end of the concrete. Note that if 0.85 fck bp 
(L2 + L3) > V {0.8 fcu bp (L2 + L3) > V}, the stirrups are required to carry a force greater than the end 
reaction.

The force at the end of the shear plate 0.85 fck bp L3 {0.8 fcu bp L3} is resisted by a diagonal compres-
sive strut C acting at an assumed angle of 45°.

	 C f b L f b Lck p cu p= ° °0 85 45 0 8 453 3. / sin { . / sin } 	 (4.55)

and the horizontal component of that force, C cos 45°, is carried into the bottom reinforcement, while 
the vertical component C sin 45° is absorbed into the shear stirrups at the end of the plate, which 
carry the full reaction V.

Where no remote end bearing plate is used, taking moments about the centre of the tension tie 
steel, and referring to Figure 4.46(b):

	 V
f tL L L

L

f tL L L

L
ck cu= − −{ }0 6 0 5 0 6 0 53 4 3

1

3 4 3

1

. ( . ) . ( . )
	 (4.56)

Typical sizes for the plate are in the order of 20 mm thick × 500 mm long for connector capacities of 
about 250 kN, reaching 25 mm × 700 mm for 400 kN capacity connectors.

Resolving vertically:

	 V T f tL T f tLck cu= − −0 6 0 63 3. { . } 	 (4.57)

Hence T may be computed. The area of reinforcement is:

	 A T fs y= / .0 87 	 (4.58)

Option (b) is also used where the narrow plate is projecting above the top of the beam, or is very 
close to the top, i.e. less than 50 mm cover. This design follows the methods used for the wide shear 
box, and the design principle is based on the so-called ‘Cazaly hanger’, developed by Lawrence Cazaly 
of Ontario, Canada, in which the top plate supports the bars that carry the shear to the beam. Tests 
on this device were carried out by Ife et al. [4.40]. In all cases the anchor rebars must be formed over 
large-radii mandrels (typically 150 to 200 mm diameter for 25 mm diameter bars) to avoid excessive 
local bearing stresses causing diagonal tensile splitting directly beneath the steel section, where the 
shear stress is large. Variations of the Cazalay hanger have been designed in which the anchor steel is 
connected to the underside of a channel or back-to-back steel angles. The bars are either fillet- or 
butt-welded to the steel sections (depending upon the force required) or are threaded and pass 
through holes in the section. The same design equations (4.52) through to (4.55) are used here.

In using option (c) there must be sufficient top and bottom cover to the plate to enable the reaction 
forces to generate compressive struts and bond strengths, respectively. If a bearing plate of length X 
and width bp is used, Eq. (4.56) is altered to:

	 V
f b X L X

L

f b X L X

L
ck p cu p=

− −{ }0 6 0 5 0 6 0 54

1

4

1

. ( . ) . ( . )
	 (4.59)

Hence X is found. Then:

	 V T f b b T f b bck p l cu p l= − −0 6 0 6. { . } 	 (4.60)

and the analysis proceeds as before.
Finally, factors of safety for the shear capacities of precast beams using shear cages and bearing 

plates, wide shear boxes or narrow plates are usually obtained by individual manufacturers by full-
scale laboratory testing. Most of this work remains unpublished, but it is known that the results show 
that ultimate failure is a function of the shear reinforcement as in ordinary reinforced concrete, despite 
excessive local cracking near the bearing plate. Shear cages and boxes are usually rated in increments 
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of 50 kN up to 300 kN, and at 100 kN or 150 kN increments thereafter. Shear cages and boxes are 
capable of transmitting end shear forces up to about 700 kN. At greater load magnitudes the practical 
construction of such a connection is difficult to achieve.

4.4  Columns Subjected to Gravity Loads

The design of columns for overturning is given in Chapter 8.

4.4.1  General design

A column is specified where the ratio of the greater to the lesser cross-sectional dimension is less than 
4; otherwise the component is designed as a wall. Precast column design is no different from the 
design of ordinary reinforced concrete columns and walls once all the aspects of manufacture, differ-
ent types of structural connection, and temporary stability have been resolved. In fact, with a few 
isolated cases where columns have been prestressed axially to enable very long units to be pitched 
without (flexural) cracking, designs are based on the recommendations given in BS EN 1992-1-1, 
clause 5.8 [4.4] {BS 8110 [4.5]} for reinforced columns subjected to combined axial compression and 
bending (uniaxial or biaxial).

Precast columns and walls are manufactured horizontally, often in very accurate steel moulds. The 
standards of control are therefore greater than in vertically cast-in situ work and congested arrange-
ments or reinforcement, particularly at column splices and foundations, can be specified with confi-
dence in the knowledge that full compaction of concrete and correct spacing of bars will always be 
achieved. It is also possible to precast a concrete column having up to 10 per cent reinforcement (the 
recommended maximum value) at the level of the splices, although this quantity of reinforcement is 
rarely used in preference for a larger gross section. Figure 2.8 shows some reinforcement details in 
column sections. The design characteristic strength of the concrete is usually (cylinder/cube) 40/50 N/
mm2, but, because of the early strength required for lifting in the factory, actual characteristic strengths 
are in the range 50 to 65 {60 to 80} N/mm2. The columns in the 30- to 40-storey precast frames in 
Belgium – see Figures 1.8 and 4.47 – were manufactured using grade C95/120 concrete for the lower 

Figure 4.47  High-strength columns in 40-storey precast concrete frames (courtesy of Ergon, Belgium).
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storeys, and grade C50/60 for the upper storeys. Manufactured in two-storey sections, with rectangular 
bearing corbels for beams, the diameter of the columns was limited for architectural reasons to 
600 mm. Even at 36 storeys, the axial compression in the ground-floor columns would only be about 
NEd/fck Ac = 0.7, such that the area of reinforcement would be about 5 per cent of the area of 
concrete.

The design commences with an assessment of structural stability, and of the axial loadings and 
bending moments at each floor level. As shown in Figures 1.29 and 4.48(a) and (b), column bending 
moments are the result of eccentric loading in the connection. The eccentricity varies with the type 
of connection, corbel or haunch. Typical values are e = (h/2 + 50) mm to (h/2 + 150) mm.

In edge columns supporting a single beam, the ultimate reaction V produces a bending moment 
at the connector node M = Ve. At internal columns supporting a (near) symmetrical arrangement of 

Figure 4.48  Bending moments in columns due to connector eccentricity. (a) Definition of eccentricity and 
(b) distribution of bending moments in columns.

(a)

(b)
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beams, the moment is obtained by the summation of moments at each side of the column. Patch 
loading is used where the maximum and minimum beam reactions on either side of the column are:

Vmax = × + ×1 35 1 4 1 5 1 6. { . } . { . }permanent load variable load

Vmin = ×1 0. .permanent load

The net overturning moment is obtained from the worst possible scenario when the construction 
tolerance Δ is added to the eccentricity of the greater load and deducted from the eccentricity of the 
smaller. Thus if the distance from the centroid of the column to the centre of the beam reaction is e, 
the net column moment is:

	 M M M V e V enet max min ma min= − = + − −x( ) ( )∆ ∆ 	 (4.61)

The net eccentricity is given by:

	 e M V Vnet net ma min= +/( )x 	 (4.62)

The analysis may now proceed in the same manner as for the single-sided beam.
A similar approach is adopted for 3-way and 4-way beam connections where biaxial bending 

moments are present in the column.
The resulting bending moments are distributed in the column in proportion to the stiffness  

EI/H of the column between adjacent floor levels, Figure 4.48(b) (where the stiffness factors 
4EI/H and 3EI/H assume equal storey heights), and the column is designed accordingly to BS 8110 
[4.5] using the clauses reproduced below for column effective length factors and second-order 
moments.

Design rules for columns in precast structures
Effective column height according to equations from clause 5.8.3.2(3) in BS EN 1992-1-1. {BS 8110 
Part 2, clause 2.5 gives similar results.}

(a)	 Braced columns: the effective height for columns in framed structures may be taken as the 
lesser of:

	

l l l

l l

e c c

e

= + + <

= +
+





 +

0 1 2 00 7 0 05

0 5 1
0 45

1

( . . ( ))

.
.

α α

α
α

αc1

c1

c2

00 45. +




αc2

	 (4.63)

l l le cmin= + <0 00 7 0 05( . . ( ))α 	 (4.64)

(b)	 Unbraced columns: the effective height for columns in framed structures may be taken as the 
lesser of:
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( . . ( ))l le cmin= +0 2 0 0 3 α 	 (4.66)

where:

αc1	 = ratio of the sum of the column stiffnesses to the sum of the beam stiffnesses at the lower end 
of a column and αc1 ≥ 0.1)

αc2	 = ratio of the sum of the column stiffnesses to the sum of the beam stiffnesses at the upper end 
of a column
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αcmin  = lesser of αc1 and αc2

le	 = effective height of a column in the plane of bending considered
l0	 = clear height between end restraints.

In the calculation of αcmin, αc1 and αc2, only members properly framed into the end of the 
column in the appropriate plane of bending should be considered. The stiffness of each member 
equals I / l0, where I is the uncracked second moment of area for the section considered.

In specific cases of relative stiffness the following simplifying assumptions may be used:
(i)	 simply-supported beams framing in to a column: αc to be taken as 10;
(ii)	 connection between column and base designed to resist only nominal moment: αc to be 

taken as 10;
(iii)  connection between column and base designed to resist column moment: αc to be taken 

as 1.0.
For columns in precast concrete structures, effective length factors are based on αc = 10 for 

pinned connections, and actual frame geometry. The value of αc = 10 leads to β = 1.35 in a braced 
structure, and so β = 1.0 is used, and β = 2.3 in an unbraced structure. Although the designated 
value of αc = 10 for the relative stiffness of pin-jointed connections is somewhat arbitrary, it is 
adopted to justify the design of unbraced columns.

(c)	 Deflection induced moments in solid slender columns, BS EN 1992-1-1, clause 5.2 {BS 8110 Part 
1, clause 3.8.3}.

Account has to be taken of the additional moment induced in the column by its deflection. 
The deflection of a rectangular or circular column under ultimate conditions may be taken to be:

	 e l l a Khi i u a= ≤ =θ β0 02 400/ / { } 	 (4.67)

	 where βa el b= (( / ) ) /2 2 	 (4.68)

K	  = a reduction factor that corrects the deflection to allow for the influence of axial load
h	  = overall depth of a column in the plane considered
b	  = smaller dimension of a column
ei	  = the load eccentricity
θi	  = 0.005
l0	  = the effective length.

In some precast structures there are only beams (except at gable ends or around lifts or stairwells) 
in one of the two orthogonal directions. In this case the clear height is taken to the centre depth of 
the first-floor slab based on the ground- to first-floor height. Subsequent upper-storey columns are 
designed using the same effective length factor as before, because the column is structurally continu-
ous in these types of structure. Bending moments due to eccentric loading, horizontal forces and 
second-order deflection (au) effects are combined to give the most onerous design condition. 
Deflection-induced moments, Madd, are distributed throughout the structure in proportion to the 
stiffness of all the columns.

This assumes that the floor plate – a rigid diaphragm in any multi-storey structure – is capable of 
transmitting small prop forces that are the result of reactions from differential additional moments 
in various parts of the structure. An example of the application of this analysis is where large addi-
tional moments are created in only a few columns surrounding a roof-level lift motor or plant room. 
The natural structural response of the columns below this level ensures the full distribution of addi-
tional moments throughout the structure by generating a prop force in the floor, and thereby slightly 
altering the notional magnitude of au (i.e. initial value) at each floor level.

The resulting bending moments are usually large and this precludes the use of column splices and 
pinned bases. The magnitudes of the forces and moments also restrict the capacities of most columns 
to three storeys – particularly if the ground- to first-floor height exceeds about 3.5 m. Here the design 
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value of the deflection-induced eccentricity is in the order of 80 mm to 110 mm for 300 mm to 400 mm 
minimum column dimensions, respectively. It is difficult to visualise the reality of this without the 
column experiencing cracking far in excess of that which is normally associated with ultimate failure. 
Coupled with the bending moments generated by horizontal forces, the dimensions of the columns 
easily exceed architectural expectations for the sizes of columns in three-storey buildings, i.e. 
300 × 300 mm. This leads to the use of braced or partially braced structures.

4.4.2  Columns in braced structures

Braced columns in so-called ‘no-sway frames’ (‘small-sway frames’ would be more precise) are checked 
for slenderness, an effective length factor of 1.0 being used in all upper floors and 0.9 between a fixed 
base and first floor. There is still inadequate analytical or experimental evidence to show the beneficial 
effects of moment rotation stiffnesses in the beam-to-column connection in reducing column effec-
tive lengths. Base plates and pocket foundations may be considered as fully moment-resisting, but the 
stiffness coefficient αc = 1.0 means that they are not fully rigid in the interpretation of the code. 
Sometimes the base is considered as a pinned connection (despite the moment fixity) in order to 
simplify column manufacture and foundation design.

Braced slender columns are analysed in the usual manner, taking into consideration the second-
order deflection (or additional) bending moments as appropriate. The design axial load N is consid-
ered in combination with eccentric connector moments, Ve.

4.4.3  Columns in unbraced structures

In unbraced structures stability is shared between the columns in proportion to the flexural stiffness 
of each column and degree of moment fixity provided at the foundation.

Most unbraced columns are slender, although deep columns acting as ‘wind posts’ are deliberately 
proportioned so as to be designed as short. The effective length factor for cantilever columns in pin-
jointed structures founded on moment-resisting bases is 2.3. Bending moments due to eccentric 
loading, horizontal forces and second-order deflections are combined to give the most onerous design 
condition.

4.4.4  Columns in partially braced structures

According to BS 8110 [4.5], columns in the unbraced part of the structure are designed as cantilevers 
with an effective length ratio of 2.3. This is a conservative value, because some of the columns imme-
diately adjacent to the stabilising walls may have an effective length factor of 2.0. This is because their 
connection to the braced structure can be considered as infinitely rigid (although BS 8110 does not 
recognise such an end condition). A special case, shown in Figure 4.49, is where columns are sup-
porting raking steelwork, which is connected at its other end to a rigid (no-sway) part of the structure. 
These columns are designed as propped cantilevers with an effective length factor of 1.6.

An issue of particular concern arises in partially braced structures because the lower end conditions 
for the columns, which are not in direct contact with shear walls, are not defined in BS 8110. The 
structure can be idealised, as shown in Figure 4.50. In Figure 4.50(b) the deflected profile of a column 
held in position, but not in direction, at level N, and a free cantilever up to level (N+1) are shown. 
The effective length of the column at level (N+1) is 2.85. Thus the true manner of slenderness-induced 
deflections would be as shown in Figure 4.50(c), where the effective length of all columns is 2.35. This 
has been computed from critical buckling loads obtained using stability functions given by Elliott, 
Davies and Mahdi [4.41, 4.42] and following the work carried out by Cranston [4.43]. The shear 
forces at the base of the unbraced columns are carried in the floor plate to the stiffening elements in 
accordance with their stiffnesses and position. However, bending moments resulting from sway in the 
unbraced part are carried over into the braced part of the structure, diminishing to zero with distance 
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Figure 4.49  An example of propped cantilever columns. 

to the level of the floor plate below. The effective length factor for the columns in this lower region 
is 1.0.

The situation where the ground-floor area is free of walls for architectural reasons is not a common 
option, for the following reasons:

(a)	 The columns will be founded in moment-resisting bases. Where the ground- to first-floor column 
is unbraced, the column effective length factor is 1.15 (because according to BS 8110, Part 2, clause 
2.5 this gives αc1 = 1 and αc2 = 0). In the two-storey unbraced version it is 2.3 in the ground- to 
first-floor column and 1.15 in the first- to second-floor column. The major problem is that the 
columns surrounding the upper-floor walls are heavily loaded axially, because the overturning 
moments are concentrated there.

(b)	 This gives rise to very large second-order bending moments in the columns, with the inherent 
problems that these bring to foundation design.
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Exercise 4.8  Column design

The four-storey braced column shown in Figure 4.51 carries beams on either side in a symmetrical arrangement. 
The distance from the face of the column to the point load V is nominally 60 mm. The construction allowance 
is 10 mm. The beam end reactions are given in Table 4.13. For the purpose of this exercise use the ultimate load 
combination factor ψo = 1.0. Let the effective creep factor φef = 1.0.

Given concrete grade C40/50, steel fyk {fy} = 500 N/mm2, and cover = 35 mm to 10 mm diameter links:

i)	 calculate maximum and minimum axial loads and moments
ii)	 draw bending moment and axial force diagrams
iii)	 design column reinforcement and column size
iv)	 check reinforcement for factory lifting if fck = 12.75 N/mm2 {fcu = 15 N/mm2}
v)	 check site pitching if fck = 25.5 N/mm2 {fcu = 30 N/mm2}

Figure 4.50  Partially braced structures. (a) Idealised structure. (b) Column buckling considering each column 
separately and (c) column buckling in framed structure.

(a)

(b)

(c)
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Solution
Try 300 × 300 mm column, this being the smallest recommended size for a four-storey building.

b = h = 300 mm. Assume 20 mm diameter bars. d = 300 −35 − 10 − 20/2 = 245 mm.

Self-weight = 0.3 × 0.3 × 25 × 12.6 
= 28.4 kN

Maximum axial load per floor  
= 1.35 × permanent + 1.5 × variable load.

NEd,max = 1.35 (28.4 + 160 + (3 × 216))
+1.5 (54 + (3 × 180))

Total NEd,min = 1.0 × permanent action
NEd at 1st floor

= 1129.1
= 891.0

2020.1 kN
= 836.4 kN
= 1447.6 kN

Self-weight = 0.3 × 0.3 × 24 × 12.6 
= 27.2 kN

Maximum axial load per floor  
= 1.4 × permanent + 1.6 × variable load.

Nmax = 1.4 (27.2 + 160 + (3 × 216))
+1.6 (54 + (3 × 180))

Total Nmin= 1.0 × permanent action
N at 1st floor

= 1169.3
= 950.4

2119.7 kN
= 835.2 kN
= 1519.6 kN

Column effective length factor lo/L for 
ground to 1st floor

(See clause 5.8.3.2) k1 at foundation = 0.1
k2 at first-floor slab that is nominally restrained, 

use = 100
(See Eq. 5.15) 

l Lo / 5 / / 768= + × + =0 1 0 1 0 55 1 100 100 45 0. (( . . ) ( . )) .

(See Eq. 5.14) λ = = × =l

i
o 0 768 3600

86 6
31 9

.

.
.

(See Eq. 5.13N) λlim ABC n= 20 /( )

Column effective length factor β for 
ground to 1st floor = 0.9

l

h
e = × =0 9 3600

300
10 8

.
. < 15 hence short 

column
Mmin due to min eccentricity of 0.05 h
Mmin = 0.05 × 0.300 × 2119.7 = 31.80 kNm
β factor 1st to 2nd floor = 1.0
l

h
e = × =1 0 3000

300
10

. < 15 hence short column

(Continued)

Figure 4.51  Details for Exercise 4.8.

Table 4.13  Beam end reactions V (kN)

Permanent action Variable action

Roof 80 27
Floors 108 90
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A = 0.833 (φef = 1.0)

ω = As fyd/Ac fcd = say 4 × 314 × 0.87 × 500/
(3002 × 40/1.5) = 0.227

B = + × =( . ) .1 2 0 227 1 20
In the case of alternate patch loading on subsequent 

floors, rm = +1
C = 1.7 − (+1) = 0.7
n = 2020 × 103/3002 × 40/1.5 = 0.842
λlim = 20 × 0.833 × 1.20 × 0.7/0.917 = 15.2 
< 31.9 column is slender
Ultimate design moment
(See Eq. 5.31, 5.33) MEd = M0Ed + NEd e2

lo = 0.768 × 3600 = 2765 mm
(See Eq. 5.34) Try Kr = 0.35
(See Eq. 5.37) Kφ 

= 1 + (0.35 + 40/200 + 31.9/150) × 1.0 
= 1.76

1/ro = (0.87 × 500/200 000)/0.45 × 245 
= 19.7 × 10−6 mm−1

1/r = 0.35 × 1.76 × 19.7 × 10−6 
= 12.1 × 10−6

e2 = 12.1 × 10−6 × 27652/10 = 9 mm
M2 = 0.009 × 2020.1 = 18.18 kNm
(See clause 5.2(9)) Min eccentricity  

e = 2765/400 = 7 mm, or
(See clause 6.14)  

eo = max(300/30 = 10; 20) mm
MEd,min = 0.02 × 2020.1 = 40.40 kNm
Slenderness 1st to 2nd floor lo/L = 1

λ = = × =l

ry

0 1 0 3000

86 6
34 6

.

.
.

Following the same procedures
λlim = 15.2 < 34.6 column is slender
Kr = 0.35; Kφ = 1.78
1/r = 0.35 × 1.78 × 19.7 × 10−6 

= 12.3 × 10−6

e2 = 12.3 × 10−6 × 30002/10 = 11 mm
Case (i) for NEd,max = 1447.6 kN
M2 = 0.011 × 1447.6 = 15.92 kNm
MEd,min = 0.02 × 1447.6 = 28.95 kNm
Case (ii) for NEd,patch = 1137.1 kN
M2 = 0.011 × 1137.1 = 12.51 kNm
MEd,min = 0.02 × 1137.1 = 22.74 kNm

Case (i) for Nmax = 1519.6 kN
Mmin = 0.05 × 0.300 × 1519.6 = 22.79 kNm
Case (ii) for Npatch = 1188.4 kN

Mmin = 0.05 × 0.300 × 1188.4 = 17.83 kNm

Maximum bending moment occurs owing to patch loading alternating on successive floors, where the beam 
action V = minimum on one beam and V = maximum on the other beam. The eccentricity of V at each side 
of the column about the centre line of column e = 0.5 h + 60 ± construction allowance of 10 mm = 200 mm 
minimum and 220 mm maximum.

Maximum moment
= 0.22 (1.35 permanent + 1.5 

variable) − 0.200 × 1.0 permanent
At roof   M = 32.67 − 16.00
At floors   M = 61.78 − 21.60

= 16.67 kNm
= 40.18 kNm

Maximum moment
= 0.22 (1.4 permanent + 1.6 

variable) − 0.200 × 1.0 permanent
At roof   M = 34.14 − 16.00
At floors   M = 64.94 − 21.60

= 18.14 kNm
= 43.34 kNm
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Moment distribution factors:
at roof  = 1.0 and complement = 0

at rd floor3
3

3 4
=

+
= 0.429 and complement = 0.571

at nd floor2
4

4 4
=

+
= 0.5 and complement = 0.5

at st floor1
3 6

3 0 3 6
=

+
.

. .
= 0.545 and complement = 0.455, with 50% carry over 
to foundation.

The bending moment and axial force diagrams are given in Figure 4.52.

Maximum moment due to patch loads at  
the 1st floor MEd

where the axial force NEd

= 21.90 kNm

= 1137.1 kN

Maximum moment due to patch loads at 
the 1st floor M

where the axial force N

= 23.62 kNm

= 1188.4 kN

Reinforcement design
d/h = 245/300 = 0.81

From design chart given in Figure 4.53 for d2/h = 0.2 (or 
d/h = 0.8).

(a) Case 1, at foundation
NEd = 2020.1 kN, MEd = 40.40 + 18.18 = 58.58 kNm

N

f bh
Ed

ck

= ×
× ×

=2020 1 10

40 300 300
0 561

3.
.

M

f bh
Ed

ck
2

6

2

58 58 10

40 300 300
0 054= ×

× ×
=.

.

As = 0.17 × 3002 × 40/500 = 1224 mm2

As not critical for Nmin

Use d/h = 0.8 given in BS 8110, Part 3, Chart 47 [4.5].

(a) Case 1, at foundation
N = 2119.7 kN, M = 31.80 kNm
N

bh
= ×

×
=2119 7 10

300 300
23 55

3.
.

M

bh2

6

2

31 8 10

300 300
1 18= ×

×
=.

.

Asc = 1.15% = 1035 mm2

Also Kr ≈ 0.32 < initial estimate of 0.35

Use four H20 main bars (1256 mm2) and R6 links at 240 centres

(Continued)

Figure 4.52  Moments and axial forces in Exercise 4.8.
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(b) Case 2 at 1st floor

(i) NEd = 1447.6 kN, MEd = 28.95 + 15.92 = 44.87 kNm

N

f bhck

= ×
× ×

=1447 6 10

40 300 300
0 402

3.
.

M

f bh
Ed

ck
2

6

2

44 87 10

40 300 300
0 042= ×

× ×
=.

.

As = 0 

(i) Nmax = 1519.6 kN, M = 22.79 kNm

N

bh
= ×

×
=1519 6 10

300 300
16 88

3.
.

M

bh2

6

2

22 79 10

300 300
0 844= ×

×
=.

.

Asc = 0.4% < above

(ii) NEd = 1137.1 kN 
MEd = max(21.90; 22.74) + 12.51 = 35.25 kNm

Not critical compared to (b)(i)

(ii) Npatch = 1188.4 kN, M = max(23.62; 17.83) kNm

N

bh
= ×

×
=1188 4 10

300 300
13 2

3.
.

M

bh2

6

2

23 62 10

300 300
0 87= ×

×
=.

.

Asc = 0.4% < above 
Factory lifting (see Section 10.2.2 before proceeding)
Self-weight of column plus 50% suction and impact allowance

= 2.25 × 1.5 = 3.38 kN/m
Lifting points at 0.2 L from ends = 0.2 

× 12.6
MEd = 1.35 × 3.38 × 2.522/2 = 14.47 kNm

or = × × × −



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



k = 18.1 × 106/(12.75 × 300 × 2452) 
= 0.0788

giving z = 231.0 mm which is
As = 18.1 × 106/(0.87 × 500 × 231.0)
for two bars

= 2.52 m

= 18.1 kNm

< 0.2067
= 180 mm2

< above

= 2.16 × 1.5 = 3.24 kN/m
Lifting points at 0.2 L from ends 

= 0.2 × 12.6
Mu = 1.4 × 3.24 × 2.522/2 = 14.4 kNm

or = × × × −



 − ×






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









1 4 3 24
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2

12 6

2
2 52 3 24
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2
2

2

. .
. .

. .

.




k = 18.0 × 106/(15 × 300 × 2452) 
= 0.0667 giving z = 225.3 mm which is

As = 18.0 × 106/(0.87 × 500 × 225.3)
for two bars

= 2.52 m

= 18.0 kNm

< 0.156
= 184 mm2

< above

Figure 4.53  Column design chart to BS EN 1992-1-1 used in Exercise 4.8.
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4.5  Staircases

4.5.1  Reinforced concrete staircases

Staircase design is by reinforced or prestressed concrete solid slab or tee-beam analysis. The main 
features that distinguish it from traditional in situ design are the manufacture (i.e. early age tilting 
and lifting), layout (i.e. allocation of flights, landings and half-landings per single item, as described 
in Section 3.2.3.) and the design of the joints.

Precast staircases are manufactured in one of three positions, with the tread facing up, down or to 
one side. In the former, so called ‘ski-slope’ moulds made of high-quality steel are used so that the 
unit is manufactured in its final orientation, i.e. treads horizontal. Three of the four faces and  
the risers are ex-mould – only the treads are trowelled. Tread-down casting is more ideally suited to 
the manufacture of flight units only. The unit is likely to be doubly reinforced, because the soffit is 
cast face up. Individual moulds are used only for flights of similar inclination and therefore tend to 
be made of timber. In the latter a variable tread mould is used so that the inclination of the stair is 
fully adjustable – see Figures 4.54 and 4.55. Flexural reinforcement is provided for lifting and ultimate 
service conditions.

Figure 4.54  Staircases cast using an adjustable tread and riser mould.

On-site pitching
Add 25% to self-weight for impact

= 2.25 × 1.25 = 2.813 kN/m
Pitching point = 0.3 L from end
MEd,max = 1.35 × 2.813 × 3.782/2
k = 27.1 × 106/(30 × 300 × 2452) = 0.0591 

giving z = 231.6 mm which is
As = 27.0 × 106/(0.87 × 500 × 226.0) 

for two bars

= 3.78 m
= 27.1 kNm

< 0.2067
= 270 mm2

< above

= 2.16 × 1.25 = 2.70 kN/m
Pitching point = 0.3 L from end
Mu,max = 1.4 × 2.70 × 3.782/2
k = 27.0 × 106/(30 × 300 × 2452) = 0.0500 

giving z = 230.5 mm which is
As = 27.0 × 106/(0.87 × 500 × 230.5) 

for two bars

= 3.78 m
= 27.0 kNm

< 0.156
= 269 mm2

< above
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The flights are designed as one-way spanning solid slabs. Typical reinforcement consists of a square 
cage using H12 to H16 bars in the longitudinal direction of the span, and H8 or H10 bars transversely. 
An alternative economical design for long-span units (exceeding 6 m) uses so-called ‘stringer’ beams 
designed as rc tee-beams (Figure 4.56). The steps cantilever transverse to the flight span and are 
reinforced with transverse steel in the top of the flight. The stringer beam is checked for torsion for 
the case of non-symmetrical superimposed loading.

Landings, whether simply supported or cantilevered, are designed as rc solid slabs. Spans rarely 
exceed 4 m and it is therefore possible to design units not exceeding 250 mm in depth. It is usual for 
the landing to be shallower than the stair flight, and this also allows for a levelling screed to be used 
over the landing. Composite action with a structural topping is used where appropriate (but rarely). 
Precast, prestressed flat planks or hollow-core slabs are used if correct details at the connections can 
be found.

Other specialist precast rc components, such as lift-motor slabs, partition walls, roof gangways with 
a bund wall, steps, ramps or ad-hoc bases for machinery, etc., are usually classified as ‘non-structural’ 
and dowelled or bolted to the appropriate part of the structure.

4.5.2  Prestressed concrete staircases

The main benefit in prestressing stair-flight units compared with rc is the ease of production and  
the reduced depth of unit (waist) and amount of reinforcement required. Depths of 150 mm are 

Figure 4.55  Pretensioning head block for prestressed concrete staircase production.
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Figure 4.56  Stringer beam design for staircases.

commonplace for spans of up to 3.5 m. The reinforcement is simply in the form of several 5 mm- or 
7 mm-diameter wires (the pretensioning force is usually too small for the use of strands), typically 
six per 1 m wide unit as shown in Figure 4.55. The grade of concrete is usually C40/50 or C50/60. 
Because the maximum stair-flight length is governed by the maximum number of steps in a single 
flight, the flexural moments are small in comparison with other types of prestressed work.

4.5.3  Staircase and landing end reinforcement

The ends of staircase units may be shaped into scarf joints, or halving joints. These may be visualised 
as two identical continuous bearing nibs in which the forces acting on each are equal and opposite 
in direction and magnitude. The design is based on a short cantilever nib principle, rather like the 
beam bearing nib design, but where accuracy in the positioning of the flexural reinforcement is of 
the utmost importance. In order to increase the depth at the root of the nib, the bearing ledge is 
sloping at a gradient α, about 1 in 7 to 1 in 10. This naturally affects the resultant force, as the fric-
tional force µV cos α in Figure 4.57 is acting down the slope, where V is the uniformly distributed 
ultimate stair-flight end shear force. In concrete-to-concrete joints μ = 0.7, and so the resultant force 
is inclined at θ ≈ tan−1 (μ cos α) + α relative to the surface of the bearing ledge. Typically, θ = 40° 
to 45°.

Figure 4.57 shows the notation and triangle of forces at the reaction point, which gives the follow-
ing forces and areas of reinforcement:

	 H
V

V
x c

x
=

+
+ +

(sin (cos tan ))
cos

α α β
µ α 	 (4.69)
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Figure 4.57  Scarf joint geometry in staircase.

and by the resolution of forces at the load point:

	 C
V=

+((cos tan ) sin )β α β
	 (4.70)

with

	 T V V= + µ α αcos sin 	 (4.71)

The corresponding areas of reinforcement are given by:
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	 (4.73)

Note that T should not be less than V.
Small-diameter bars at frequent intervals, say H8 at 100 mm centres, are preferred to larger bars where 

bending restrictions may violate cover requirements. Figure 4.58(a) shows typical dimensions and ideal 
reinforcement details. Neoprene pads, or steel packing shims with a soft mortar bed, are used to ensure 
the correct bearing. Although ultimate design pressures rarely exceed about 1.0 N/mm2 (for typical 
spans of 3 m and 5 kN/m2 superimposed loading), the line of action of loading is very important. This 
should pass through a point which is well behind the line of the longitudinal bar in the front of the rib, 
and not less than about 30 mm from the ends of either the upper or lower half of the joint.

Continuous end details of this type do not provide continuity between precast units. This may be 
achieved using intermittent scarf joints, as shown in Figure 4.58(b) in which pockets of reinforced in 
situ concrete tie the precast units together. These units are obviously more expensive to manufacture. 
Welded connections made between fully anchored plates (similar to double-tee floor slabs) may also 



(a)

(b)

(c)

Figure 4.58  Staircase to landing joint details. (a) Reinforcement in stair scarf joint; (b) intermittent scarf 
joint; (c) steel shelf angle method; (d) precast concrete stair flight with steel angle supports detail.

(d)
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Figure 4.59  Hollow-core floor slabs used as landings, with filled edge core.

be specified if structurally required. Concrete cover to the welding is required for fire protection and 
cosmetic purposes.

Shelf angles are a popular alternative to concrete scarf joints in that production is simplified by the 
simple provision of cast-in sockets for the bolted connection. The detail is ‘inverted’ (relative to the 
normal use of a shelf angle), as shown in Figure 4.58(c) and (d). A small check-out in the supporting 
(landing) member is prepared to receive the flange of the angle attached to the flight unit. At least 
two angles are used in the connection. The assembly is designed on the basis of an eccentric vertical 
load acting at the most onerous position. Flexural and shear stresses are considered at the root of the 
angle, and pull-out forces and shear stresses are used in designing the bolt and socket. Friction-grip 
bolts in slotted holes are required for fixing tolerances. Concrete cover is required to give fire protec-
tion to the angle. Typical details of angle and bolt are given in Figure 4.58(c).

Hollow-core floor slabs may be used to replace solid rc landing units. The depth of the hollow-core 
slab is about 50 mm less than that of the precast stair flight, to enable a finished structural topping 
to cover the steel angle (hollow-core units cannot be recessed). If the hollow-core slab unit is cut to 
the required landing width, the stair flight should not bear solely on the top flange of the slab. Figure 
4.59 shows the correct practice, where the first hollow-core is opened and filled with grade > C25/30 
concrete, and a rebar (12 mm diameter minimum) is placed near to the bottom of the core. The use 
of hollow-core units as landings must be carefully designed and executed. Some authorities will not 
allow this detail following a fatal accident after the bearing end of a hollow-core unit failed and led 
to progressive collapse of a multi-storey staircase.

Exercise 4.9  Staircase half-joint design

Design the reinforcement for the scarf joint shown in Figure 4.60 for an ultimate landing reaction of 30 kN/m 
run. Allow a 10 mm vertical gap between the units.

Use C40/50 concrete, fyk {fy} = 500 N/mm2, and cover to reinforcement = 25 mm.

Solution
Using Figure 4.57 notation:
μ = 0.7, α = tan−1 (20/150) = 7.6°
Bearing length = 150 − 10 gap = 140 mm.
Centre of bearing = 10 + 140/2 = 80 mm from face of nib.
Assume 10 mm bar diameter. Lever arm to vertical tie steel = 80 + 25 + 10/2 = 110 mm.
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Use H8 at 200 mm centres (251 mm2) U-shaped bars in nib.
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Use H8 at 300 mm centres (168 mm2) U-shaped bars in end of landing. Provide H8 transverse steel as shown 
in Figure 4.58(a).

Figure 4.60  Details for Exercise 4.9.

 

 

 





CHAPTER 5

Design of Precast Floors 
Used in Precast Frames

5.1  Flooring Options

Precast concrete flooring offers an economic and versatile solution to ground and suspended floors 
in any type of building construction. It has been widely used in commercial, industrial and domestic 
building, offering both design and cost advantages over traditional methods such as in situ concrete, 
composite and timber floors. There is a wide range of flooring types available to give the most eco-
nomical solution for all loadings and spans. The floors give maximum structural performance with 
minimum weight and may be used with or without structural topping screeds, non-structural finishes 
(such as granolithic screed), or with raised timber floors. The main types of flooring are shown in 
Figure 5.1 (a) to (e):

	 hollow-core slab
	 double-tee slab
	 beam-and-block
	 solid composite plank
	 beam and composite plank.

There is a market for each type of slab, which is dictated by load capacities, spans, preferred con-
struction methods, integrity of the floor plate, and cost. The main building functions of these slabs 
were discussed in Chapter 3, in which Table 3.1 summarises the performance criteria.

The two main criteria in the design of floors are strength and stiffness, both in the vertical direction 
under gravity loading and in the horizontal direction under wind (or earthquake) loading. In each 
case, in the event of overload or accidental damage, the floor system must be ductile. Other design 
criteria include fire resistance, thermal and acoustic properties, vibrations, durability, handling, and 
construction methods.

The options for using precast floors in frames are given, together with the fundamental design methods 
and some in-depth analysis for individual units and complete floors.

Multi-storey Precast Concrete Framed Structures, Second Edition. Kim S. Elliott and Colin K. Jolly.
© 2013 Kim S. Elliott and Colin K. Jolly. Published 2013 by Blackwell Publishing Ltd.
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(a)

(b)

Figure 5.1  Types of precast concrete flooring: (a) hollow-core slab; (b) double-tee slab; (c) beam and block; 
(d) solid composite plank; (e) beam and composite plank.

Hollow-core floors may be used without a topping screed, because the individual floor units are 
keyed together over the full surface area of their edges. Thus vertical and horizontal load transfer is 
effective over the entire floor area and the units are classified, in accordance with Section 4.3.1 of this 
document, as non-isolated. This is not the case with all the other types of precast floor, where a 
structural (i.e. containing adequate reinforcement) topping must be used either for horizontal load 
transfer, flexural and shear strength, or simply to complete the construction.

More than 90 per cent of all precast concrete used in flooring is prestressed. The slabs are designed 
in accordance with BS EN 1992-1-1 [5.1] or BS 8110 [5.2] and other selected literature produced by 
I.Struct.E [5.3], BCA [5.4], FIP [5.5, 5.6], CEN product standards [5.7–5.11], British Precast [5.12], 
PCI [5.13] and individual research (e.g. [5.14–5.17]).

All slabs are designed as single spanning. Lateral load distribution perpendicular to the span is only 
permitted if the longitudinal joint is capable of transmitting a shear stress of 1 N/mm2. This is not 
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(c)

(b) (continued)

Figure 5.1  (Continued)

possible with unscreeded beam-and-block floors, but in the case of hollow-core slabs loads may be 
distributed across several slabs. Heavy point loads or line loads are distributed over at least three 
individual slabs. See Section 5.2.7 for further details.

Figure 5.2 shows, diagrammatically, the five different limiting design criteria for the capacity of 
flooring units. These are, from short to long spans, respectively:

	 bearing capacity
	 shear capacity
	 flexural capacity
	 deflection limits
	 handling restriction.

Shear is usually critical only in very short (e.g. < 3 m) or heavily loaded spans, particularly where 
large line loads (e.g. > 100 kN/m) are present.

Thus for each type of floor slab a family of standardised cross sections and reinforcement patterns 
to cover the widest possible combination of floor loading and spans is produced. A computerised 
output is submitted, as the standard calculations are easy to commit to software. Section sizes are 
selected at incremental depths, usually 50 mm, and a set of reinforcement patterns is chosen. From 
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these data a predetermined set of bending moment and shear force capacities is compared with project 
design requirements. Usually the engineer has at least two, and sometimes three, different depths of 
unit to choose from. The most economical choice is usually the shallowest and most heavily reinforced 
unit, although unacceptable deflections may rule this one out. The additional advantage is that the 
structural floor zone is then kept to a minimum.

(d)

(e)

Figure 5.1  (Continued)
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Although cambers and deflections are easy to calculate, actual measurements are smaller than 
calculated values by up to 25 per cent. This is because of unreliable data for Young’s modulus and 
variations in material properties due to temperature and humidity fluctuations throughout the 
casting, curing and manufacturing cycle. The precamber should not exceed span/250. Deflections are 
usually critical where the span-to-depth ratio is more than 40:1.

5.2  Hollow-core Slabs

5.2.1  General

A general introduction to hollow-core slab units (hcus) is given in Section 3.2.2.1. They are available 
as either reinforced or prestressed concrete units. The span-to-weight ratio is better in a prestressed 
slab, but the unit is less versatile when it comes to forming cantilevers, dealing with point loads, or 
reinforcing around large holes, etc. Although the cross sections and versatility of these units vary 
widely, the differences are largely due to the manufacturing process.

There are two main proprietary types:

	 Type A hcus, with oval or non-circular voids, shown in Figure 5.3, are produced by the slip-forming 
technique. Compaction is by vibration, often in two or three layers, and the machine is pulled by 
an external cable and winch.

	 Type B hcus, with mainly circular voids, shown in Figure 5.4, are produced by the extrusion tech-
nique. Compaction is by pressing and vibrating the concrete behind the point of delivery, and the 
machine pushes itself forward from the rear thrust.

The manufacturing process is shown in Figures 5.5 and 5.6. The concrete is a dry mix with zero or 
very low slump [5.18]. The water/cement ratio (w/c) for extrusion is about 0.36, but some extra water 
is used to flood the casting bed in front of the machine so that the local w/c = 0.6, as shown in Figure 
5.7. The w/c for slip forming is about 0.42. Coarse gravel or crushed limestone aggregate graded 10 mm 

Figure 5.2  Load versus span criteria for prestressed concrete flooring.
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to 4 mm or 14 mm to 4 mm is used, together with medium-grade sand of crushed gravel or limestone. 
Lightweight aggregates are not used because of the excess wear on the machinery, and because the 
density of aggregate required to achieve the necessary strength is quite high. Recycled concrete, 
crushed down from waste production to 10 mm aggregate, is used at not more than 9 per cent of the 
total aggregate content. Addition of short steel fibres to the mix may be considered, to improve con-
crete toughness and bonding performance.

The positions of the tendons, for both vertical cover and side cover to cores, is controlled by a set 
of guides, sometimes called ‘soldiers’, as shown in Figure 5.7. Tolerances for the vertical positions of 
strands are given in BS EN 1168 [5.8] as 10 mm for units of depth to 200 mm (15 mm for greater). 
Unfortunately, horizontal tolerances are not given. BS 8110, Part 1, clause 8.6 recommends ±5 mm 
horizontally.

Type A units are slip-formed by feeding concrete around steel formers. A profiled form is moved 
during placement and the concrete is vibrated around these forms without too much pressure.  
Figure 5.5 shows the operation by using the ‘Roth’ technique. The machine lays the concrete in three 
layers – the bottom flange, the webs and the top flange. The shape of the former is designed to give 
the optimum flexural and shear performance, as well as providing adequate cover to the reinforcing 
tendons.

Figure 5.3  Types of hollow-core units – Type A: slip-formed with non-circular voids.

Figure 5.4  Types of hollow-core units – Type B: extruded with circular voids.
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In the extrusion process the concrete is pressed out by screws during compaction into the required 
cross section. Figure 5.8 shows the result of the extrusion technique; handling takes place within 12 
hours of casting. The voids are circular in profile, with the result that in order to optimise the cross-
sectional properties of the slab, the thickness of the web at the mid-height of the voids is usually only 
about 30 mm.

In comparing the two techniques, slip-forming machines tend to be noisy but have lower mainte-
nance costs. One problem, however, is that the slip-forming machine may move forward in jerks, 

Figure 5.5  Production of hollow-core slab – the slip-forming machine.

Figure 5.6  Production of hollow-core slab in Belgium.
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leaving a rippled surface to the sides (and sometimes the tops) of the units, with the result that the 
width of the unit is 2 mm to 3 mm too large. Ironically, this profile may actually improve the horizontal 
diaphragm capacity of the floor slab. New investors in hollow-core machinery seem to prefer the 
slip-forming process, although the extrusion process gives a better finish and is more dimensionally 
accurate.

Wet-cast units are manufactured both as prestressed and reinforced, in depths from 150 to 250 mm, 
and are dealt with in Section 5.2.16. One solution is the reinforced hcu shown in Figure 5.9, which 
provides an excellent solution for spans of around 4–6 m for depths of 150 and 225 mm in domestic 

Figure 5.7  Production of hollow-core floor unit showing pooling of water in front of the machine, and 
guides to control the cover to the strands.

Figure 5.8  Production of hollow-core slab – extrusion through helical screws.
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use. Perhaps less versatile for cut-outs and holes, it is a serious competitor to beam-and-block flooring 
thanks mainly to its speed and simplicity of erection.

Cross section, concrete strength, fire resistance and surface finish are standard to each system of 
manufacture. Small variations, which may be included at an extra cost, should be discussed early in 
the design appraisal. These include increased fire resistance, provisions for vertical service holes, 
opening of cores for special fixings, cut-outs at columns, etc.

The edges of the slab are profiled to ensure that an adequate shear key of in situ concrete (10 mm 
size aggregate), rather than grout, is formed between adjacent units. The manufacturing process is 
not sympathetic to providing projecting reinforcement across the joint. The capacity of the shear key 
between the units is sufficient to prevent the adjacent slabs from differential movement. Despite a 
slight roughening of the surfaces during the manufacturing process, where indentations of up to 2 mm 
are present, the surface is classified in BS EN 1992-1-1, clause 6.2.5 [5.1] and BS 8110, Part 1, clause 
5.3.7 [5.2] as ‘smooth’, as opposed to being ‘rough’.

5.2.2  Design

Hollow-core slabs are designed as a series of I-sections with semi-circular or parallel-sided webs. The 
concrete is usually grade C40/50 (for slip-forming with a higher w/c than for extrusion) or C50/60. 
The section is structurally very efficient and the design is well documented [5.5]. The maximum 
practical span-to-depth ratio is about 55, and the holes guarantee the maximum possible radius of 
gyration in addition to reducing the self-weight of the slab by 40 to 50 per cent.

The shapes of the voids are usually circular, oval, or parallel-sided with triangular and/or semi-
circular ends, illustrated in Figure 5.10 from various manufacturers’ product catalogues. The danger 
here is that the webs become slender and have been known to collapse by sideways buckling in 
300 mm-deep units, although the problem is rare owing to the dryness of the mix. There is a tendency 
for manufacturers to make the voids as large as possible for obvious reasons: less concrete and 
improved performance-to-weight ratio. A measure of this latter parameter is expressed in terms of 

the radius of gyration (r I A= / ) for the section. Table 5.1 gives approximate data for a range of 
extruded (e.g. former ‘Spiroll’) and slip-formed (e.g. ‘Roth’ and ‘Elematic’) units. The ‘Roth’-type units 

Figure 5.9  Reinforced hollow-core units suitable for medium spans in domestic use.
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Figure 5.10  Shapes of voids and edge profiles in hollow-core units.

Table 5.1  Some section properties of hollow-core slabs per 1.2 m width

Type of Unit
Depth

Second Moment 
of area I × 106

Cross-sectional 
area A × 103

Radius of  
gyration r

(mm) (mm4) (mm2) (mm)

Extruded 400 4950 247 142
320 2500 190 115
250 1290 170 87
200 635 127 71
150 295 117 50

Slip-formed
‘Roth’

300 2130 215 100
250 1270 183 83
200 670 151 66
150 300 123 49

Slip-formed
‘Elematic’

400 4405 224 140
350 3115 207 123
300 2080 190 105
250 1270 168 87
200 700 152 68
150 305 123 50
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Figure 5.11  Rules for determining the size of the longitudinal joint between units.

(other proprietary names exist) usually contain 11 cores and tend to have a greater cross section 
(except for 150 depth), and hence lower radius of gyration than those units with fewer larger cores.

Owing to the absence of stirrups, the minimum web thickness is governed by limitation of the 
tensile stresses due to either spalling upon release of prestress from the tendons to the concrete, or 
by shear. The maximum spalling stress is the criterion, with a resulting web thickness of 30 mm, giving 
a total web-to-unit-breadth ratio of between 0.25 and 0.35.

The rules for the size of the longitudinal gap are shown in Figure 5.11. They are based on the 
premise that tie steel might be placed in the joint. FIP Recommendations [5.5] for edge profiles are 
also included in Figure 5.11.

Although in 95 per cent of cases a mid-span flexural failure is more likely at ultimate limit state, 
much attention is devoted to the shear capacity of hollow-core slabs. The reasons for this include:

	 shear failures are catastrophic due to an absence of stirrups, and
	 shear behaviour, particularly in the transmission zone, is not fully understood.

Design is carried out to the normal prestressed concrete methods in BS EN 1992-1-1 or BS 8110, 
but the level of prestress in the transmission zone is often obtained from the FIP Recommendations 
[5.5].

In spite of the large number of proprietary dry-cast units available, the two major types are distin-
guishable only in the shape of the voids – circular or oval. In the former group are ‘Spiroll’, ‘Flexicore’ 
and ‘Tembo’, while in the latter are ‘Roth’, ‘Dynaspan’ and ‘Spancrete’. Although depths vary from 100 
to 750 mm, the common range is 150 to 400 mm.

Typical load-versus-span data for these units are given in Figure 5.12 for two cases of exposure, 
limiting tension and load factors. Internal exposure class XC1 may use limiting tension fctm in the soffit 
with the full service load. External exposure class XD1 is limited to zero tension in the soffit, but may 
use the frequent imposed load ψ1Qk, where ψ1 = 0.5 in this figure. Because of the three sets of load 
combination factors in BS EN 1992-1-1, namely ψ0, ψ1 and ψ2, together with the requirements of 
EC1, Eq.s 6.10(a) and 6.10(b), the critical loading and limiting capacity is changing for the range of 
imposed loads.
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Figure 5.12  (a) Imposed load versus effective span for prestressed hollow-core units for two different 
conditions of exposure and limiting tension. (b) Superimposed load versus clear span for double-tee units.
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For imposed loads of less than about 4.0 kN/m2 and unit depth less than 300 mm, the limiting span 
criterion is deflection and is therefore sensitive only to changes in ψ2. This explains why the limiting 
span is unaffected by the exposure conditions. However, at greater depths the criterion changes from 
deflection to service moment of resistance, such that there is a reduction in load-bearing capacity of 
about 10–15 per cent, or a reduction in span of about 0.5 m. For imposed loads greater than about 
7.5 kN/m2 the limiting span criterion is ultimate moment or shear capacity, which also explains why 
the limiting span is unaffected by the exposure conditions. In between, the limiting span criterion is 
service moment of resistance, but the balance between dead and live load is such that the net effect 
of losing the permissible tension fctm and the reduced live load ψ1Qk cancels out.

5.2.3  Design of cross section

The cross-sectional dimensions of hcus should be optimised to enable each unit to function in service 
without local deformations, cracking, spalling, etc. The profile must also allow for the concrete to be 
correctly placed, compacted and cured uniformly. The geometry of the unit includes size, shape and 
spacing of voids, web thickness, depth of flanges, concrete cover to tendons, and edge profile.

Although the size and shape of the voids depend on the manufacturing process, some general rules 
as regards size and spacing of voids may be given. The height of voids should not exceed h − 50 mm, 
where h is the overall depth of the unit. The minimum flange thickness hf is given in BS EN 1168, 
clause 4.3.1.2 [5.8] as not less than the largest value of 17 mm, dg (coarse aggregate size) + 5, or 

2h , where h is the overall depth of the unit h. This gives 23 mm for a 250 mm-deep unit, etc. 
However, the upper flange is controlled by the shape of the top of the core, and should be at least 
0.25 bc, where bc is defined in Figure 5.13. This rule is intended to prevent wide and shallow flanges, 
and is rarely critical, e.g. a semi-circular-shaped core of say r = 60 mm radius, hf = 6 mm, and for 
r = 200, hf ≥ 20 mm, and therefore the practicalities of specifying a top flange thickness that will not 
collapse is about 30 mm. However, it is usually necessary for the bottom flange to be at least 30 mm 
thick because of cover requirements. The width of the void (i.e. clear distance between webs) is gov-
erned by the maximum stresses that may develop in the transverse direction. To prevent localised 
collapse of the flange, the ratio of the width of the (non-circular) void to flange depth is about 3:1 
or 4:1.

5.2.4  Web thickness

The critical region is near the ends of the units, where web thickness is governed by the limitations 
in the tensile stress capacity of the concrete at the onset of the transfer of prestress to the concrete. 
These stresses manifest themselves in spalling, splitting and bursting of the concrete in what is known 
as the ‘transmission zone’. This is shown in Figure 5.14 as distance lpt {lt}. Although the most important 

Figure 5.13  Minimum thickness of top flange of hollow-core units according to BS EN 1168 [5.8].
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of these is the splitting due to bond failure around the prestressing tendon, spalling in the webs must 
be avoided by following some fairly comprehensive design rules by Den Uijl [5.19], as adopted in BS 
EN 1168, clause 4.3.3.2.1 [5.8]. Den Uijl’s research was applicable to hcu < 400 mm deep, but this is 
not mentioned in BS EN 1168. (Note that ‘spalling’ is the term used in BS EN 1168 for what is really 
splitting due to lateral tension around the ends of the tendons. Spalling is when concrete breaks up, 
flakes, or becomes pitted; however, the code uses this term to distinguish between other splitting cracks 
and so it will be used in this context.)

Figure 5.15(a) defines the terminology used to determine the spalling (or vertical splitting) stress 
σsp according to BS EN 1168 [5.8] shown in Figure 5.15(b) in terms of the prestressing force P0, 
transmission length lpt1 = 0.8 lpt and cross-sectional geometry eccentricity eo, depth h, web breadth bw, 
and k (the so called ‘core distance’) = I/0.5 hA, defined in Fig 5.15(a). Designers of hollow-core sec-
tions show that the resulting value of σsp is less than the tensile strength of concrete at transfer fct(t) 
on the basis of tests. However, spalling is not easily predicted by simply calculating σsp. It is significantly 
affected by mix design (cement type, fine aggregates), detensioning rate, prestress level (when fbc is 
greater than about 14 N/mm2), bond slip and transmission length, and the environmental conditions 
during curing. However, for an initial estimate, a typical value for fct(t) is about 2 N/mm2 for fck = 
30–35 N/mm2 after 16 to 20 hours curing.

The usual result for the breadth of the web for a grade C50/60 concrete in fully stressed units of 
up to 300 mm in depth is a minimum bw = 30 mm. The minimum web thickness is given in BS EN 
1168, clause 4.3.1.2 [5.8] as not less than the largest value of 20 mm, dg (coarse aggregate size) + 5, or 
h/10 where h is the overall depth of the unit. This gives 25 mm for a 250 mm-deep unit, etc.

Excessive prestressing (the result of trying to increase the strength capacity along the length of the 
unit) in these relatively thin regions has resulted in horizontal cracking along the length of the unit 
due to shear-compression. The cracks propagate from the ends of the units with the appearance of a 
crocodile’s mouth; hence the term ‘crocodiling’ was coined. Thicker webs, greater than 30 mm, mostly 
prevent this from happening, although excessive prestressing and poor control of fine-aggregate 
grading can still cause problems in some deeper units.

5.2.5  Edge profiles

Standard edge profiles have evolved to ensure an adequate transfer of horizontal and vertical shear 
between adjacent units. The main function of the joint is to prevent relative displacements between 
units. In hcus these objectives are achieved using structural-grade in situ concrete (C20/25 minimum), 
compacted by a small-diameter poker in dampened joints. Typical profile geometries are specified  
in BS EN 1168, Annex B [5.8] and shown in Figure 5.11. Some shallow units, e.g. 110 mm deep,  

Figure 5.14  Development and anchorage lengths of helical strand in hollow-core units.
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struggle to have a 35 mm shear key and may be made only 20–25 mm deep, yet still perform adequately 
in tests.

The sides of the units have natural random roughness, with indentations up to 2 mm in depth. The 
design ultimate horizontal shear stress, given in BS EN 1992-1-1 for the type of joint conforming to 
Figure 5.11, is 0.25 N/mm2, {BS 8110 value is 0.23 N/mm2}. For a typical 6 m long, 200 mm deep unit, 
Vuh > 275 kN; a value which is rarely critical. Vertical shear capacity is based on single castellated joint 
design with minimum root indentation 40 mm × 10 mm deep. An ultimate shear stress of 0.5 N/mm2 
for this indented surface yields an ultimate shear resistance equivalent to 45 kN/m2 floor loading for 
1.2 m wide units.

If reinforcing bars are placed in the joint, the joint should be wide enough at the level of the bar 
to enable in situ concrete to be compacted around the bar. This should not be less than 25 mm if 

Figure 5.15  Spalling (or vertical splitting) stresses according to BS EN 1168 [5.8].
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10 mm maximum size of aggregate is used. The diameter of the bar should not be greater than half 
the gap width.

5.2.6  Reinforcement

Hollow-core units have, in general, no reinforcement other than longitudinal prestressing tendons 
(helical strand or wire) anchored by bond. It is therefore desirable to take advantage of the tensile 
strength of concrete in the determination of Msr and VRd,c {Vco}.

The low-relaxation (class 2) strand is of the 7-wire helical form, and the wire is crimped or plain 
according to the specification given in Section 4.2.4. Test certificates for the ultimate tensile strength 
are available from all manufacturers. Stressing is restricted to between 65 and 75 per cent of the 
characteristic strength. Tendons are exposed at the ends of the member, as shown in Figure 5.16. The 
slippage (or pull-in) of the tendon should be between 1 and 2 mm. If it is greater than this, see Section 
5.2.12 for further analysis. The slippage of the tendon is measured using a depth gauge.

The percentage area of steel is relatively small, particularly in comparison with a reinforced section 
of comparable flexural capacity. The steel ratio ρ = Aps/bd varies from 0.10 to 0.25 per cent in most 
of the units manufactured in the UK. The failure mode for these slabs is excessive deflections, flexural 
cracking in the soffits and, finally, rupture in the tendons.

5.2.7  Lateral load distribution

The question often arises of whether hcus can safely distribute line and point loads to adjacent units, 
and to what extent a slab ‘field’ exists, due to compressive membrane action and shear interlock.

Patch loads and line loads parallel with the direction of span give rise to bending moments in a 
direction at right angles to the direction of span, and to vertical shear forces in the longitudinal joints 
between adjacent units. Similar situations occur where steel trimmer angles are used to frame out 
large floor voids. The problem is that hollow-core floors are not provided with transverse reinforce-
ment in the precast units or in the joints between the units. Load transfer depends on adhesion, bond 

Figure 5.16  Close-up of helical strand in hollow-core units.
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and friction in the shear key between the units, and the possible shear-torsion failure of the hcu is 
likely to be sudden and without warning.

Although the behaviour of thin-plate floors is well understood, the behaviour of hollow-core slabs 
is complicated by the partial moment interaction between adjacent units. The joints between adjacent 
units behave as hinges, capable of finite moment and full shear transfer. However, the former is not 
well understood and relies extensively on the quality of the infill grout. In the interest of safety the 
moments are ignored. The point or line load in Figure 5.17 produces a shear reaction in the longitu-
dinal edge of the adjacent units, and this induces torsion in the slab. The capacity of the hollow-core 
slab to carry the torsion is limited by the tensile capacity of the concrete. The magnitude of the shear 
reaction depends on the torsional stiffness and the longitudinal and transverse stiffnesses of all the 
adjacent slabs. Low stiffnesses result in low load sharing. The precast units themselves may be assumed 
to be cracked longitudinally in their bottom flanges, but shear friction generated by transverse 
restraints in the floor grillage ensures integrity at the ultimate state. The deflected profile of the total 
floor slab is computed using finite strips and differential analysis. The cross section of each floor 
element is considered as a solid rectangular element and the circular (or oval) voids are ignored. The 
result is unconservative and therefore reduction factors are applied to the shear reactions.

The transverse moments and shear forces may be distributed (in accordance with BS EN 1992-1-1, 
clause 10.9.3(5) [5.1] and BS 8110, Part 1, clause 5.2.2.2 [5.2]) over an effective width equal to the 
total width of three precast units, or one-quarter of the span either side of the loaded area, plus the 
width of the loaded area. If a composite topping is used, the spreading width is 4 units. If a free edge 
interrupts these distances, the spreading width is the lesser of the edge distance or 1½ (or 2) unit 
widths. The equivalent uniformly distributed loading on each slab unit may thus be computed. This 

Figure 5.17  The torsional hinge concept to lateral load distribution in one-way spanning elements.
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is a conservative approach, as data given in BS EN 1168, Annex C, Figure C.1 [5.8] (previously given 
in FIP Recommendations [5.5] and reproduced here in Figure 5.18 following the work of Van Acker 
[5.20]) show that up to five units are effective for spans exceeding 4 m. The data are based on the 
theory of elasticity for service loads, noting that at ultimate limit state, the load on the directly loaded 
unit is multiplied by 1.25, and the total share on to the other units is decreased by the same amount, 
depending on the coefficient, such that the total ultimate load does not change.

Data in Figure C.2 (reproduced in Figure 5.19) show that for edge elements, e.g. adjacent to a large 
void, only three units, α1 to α3, contribute significantly in carrying the load. If the load is acting at 
an edge distance between 0 and 2½ units (≤3.0 m) from a free edge, linear interpolation may be used 
(see later example). If the distance from the load to a free edge is less than 2½ unit widths, BS EN 
1168 Annex C (Figure C.5) provides reaction coefficients to an edge support such that the net effect 
of a line load less than 3.0 m from the edge of a three-side supported slab may be determined. The 
reaction force is then distributed into the units according to Figure C.1 as a negative edge load (see 
example later). When using Figure C.5, the contractor must ensure that a full and effective edge 
bearing is provided, particularly in the long term when the negative deflection effects of creep may 
lift the hcu from the bearing in places and render the reactions null. Note that the coefficients in these 
charts are based on moment distributions, and are not applicable to spreading of shear forces due to 
point loads, as shown in Figure 5.20 of data by Lundgren et al. [5.21], who tested a slab field compris-
ing five 1.2 m wide hcus subjected to a point load at mid-span. The analysis was carried out using 
idealised ‘beams’, which represented the bending and torsional stiffness of each hcu, and finite element 
‘shell’ elements. Lateral load distribution factors were confirmed for bending moments (shown in 

Figure 5.18  Lateral load distribution coefficients for a central load [5.5].



Design of Precast Floors Used in Precast Frames  263

Figure 5.21(a)), but not for shear forces at supports (shown in Figure 5.21(b)). However, for the 
important units α3 and α2, the coefficients for shear force are lower than those for bending, and so 
the latter may be used conservatively for bending and shear. The coefficients for α1 are small and 
would not be critical in a slab field unless α1 and α3 were combined, and then the loss of accuracy 
would be very small.

As an example from BS EN 1168, a wall load of 20 kN/m acts along an hcu of span 6.0 m, and is 
3.0 m (2.5 b) from an edge support. The net load on the loaded unit is obtained as follows: from 
Figure C.1, using the load portion (curve 5), α3 = 0.26. From Figure C.5, the reaction under unit α1 
is R = −0.34. From Figure C.1 the distribution factor of R (curve 4) α1 = 0.40. The net coefficient α1 
= 0.26 − 0.34 × 0.40 = 0.124, or w = 0.124 × 20 = 2.48 kN/m. If the load is more than 4.5 b from the 
edge support, w = 0.26 × 20 = 5.2 kN/m. Repeating the example for the edge unit, the net coefficient 
will be α1 = 0.15 − 0.55 × 0.40 = −0.07, or w = −0.07 × 20 = −1.4 kN/m (negative load).

The author has observed that the effect of three supporting edges, together with negative end 
restraint from tie bars, considerably reduces deflections in hollow-core slab fields. Tested individually 
to 1.25 times ultimate design load, the mid-span deflections were 15 to 17 mm, but when tested under 
the same load magnitude in a slab field 8 units wide the maximum mid-span deflections were only 
4 to 6 mm. The hollow-core slab field was clearly acting as a two-way slab.

Figure 5.19  Lateral load distribution coefficients for an edge load [5.5].

Figure 5.20  (a) Shear force diagrams and (b) bending moment diagrams, for a point load at mid-span for 
hollow-core units in a slab field by Lundgren et al. [5.21]. Line 1 is for the loaded hcu, line 2 for the 
adjacent hcu, and line 3 beyond. (Courtesy of fédération internationale du béton (fib), www.fib-international.
org, and ICE Publishing.)
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BS EN 1168 does not explain what course of action should be taken for hcu widths of less than 
1200 mm, e.g. a ‘ripped’ unit or a 600 mm manufactured unit; it merely states ‘. . . the graphs may be 
elaborated’, which is not helpful. The common opinion is to ignore the narrow unit and consider it 
as a full-width unit if there is only one narrow-width unit in the field; it would be very unusual if all 
units in a slab field were narrow units.

BS EN 1992 accepts test results to justify exceeding the quarter span criterion quoted above, and 
this is explicitly called for by BS 8110. This information is not readily available, and therefore bending 
moment distribution factors, given in Figure 5.22, may be used to show that the effective width is 

Figure 5.21  Lateral load distribution percentages by Lundgren et al. [5.21]: (a) bending moments at mid-span; (b) shear 
force at supports. The α references are the same as in BS EN 1168 notation. (Courtesy of fédération internationale du béton 
(fib), www.fib-international.org, and ICE Publishing.)
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equal to the width of at least three slabs, irrespective of the position of the load. BS EN 1992-1-1, 
clause 10.9.3(12) limits the average longitudinal shear stress to 0.15 N/mm2 when distributing actions 
between adjoining units.

Some designers of hollow-core find the load distribution charts in BS EN 1168 difficult and cum-
bersome to use, particularly if there are a number of walls of partial span, or at right angles, crossing 
several units, etc., and they prefer to use the BS 8110 approach of considering a panel width of 3 (or 
4 if composite) units. To BS EN 1168, the total load on the panel width is simply scaled, pro rata to 
the width of one unit. For example, for a span of 6.0 m, panel width = 2 × 0.25 × 6000 + load width, 
say, 150 = 3150 mm. If the sum of the line and cross-wall loads and point loads in that panel equates 
to a bending moment of (say) 40 kNm, the moment per unit = 40 × 1.2/3.15 = 15.2 kNm.

Design rules for determining the lateral distribution of concentrated vertical loads in decks made 
from hcus were derived using the finite strip method [5.22]. The analysis considered the torsional, 
shear and flexural stiffness of units up to 1.2 m wide containing circular voids. The longitudinal joint 
between the units was considered as a rotational hinge with a shear capacity equal to the minimum 
shear capacity of the precast unit. The results showed that the lateral bending moment, vertical shear 
and vertical deflection responses were all different; the shear response is the most concentrated around 
the loaded unit. Because the curves shown in Figure 5.23 for bending moment factors α are closed-
form solutions (i.e. require iterations to obtain the final result) and seemingly difficult to handle in 
design situations, adopting a value of μ = 1 (where μ = ratio of torsional to flexural stiffness of an 

Figure 5.23  Bending coefficients for lateral load distribution [5.22].
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hcu) gives a good approximation and enables a realistic value to be assigned to the effective breadth 
of the slab field = 0.125 b/α.

Stanton [5.23] found distribution widths for bending, shear and deflection resulting from point 
loads not only near the centre of the floor area, but also close to a free longitudinal edge. This is the 
effective width over which a point load may be distributed. In summary, Stanton’s equations suggest 
that if a point load is acting at mid-span over a length L, then the distribution width is 0.35L either 
side of the centre of the loaded unit. If the point load is at 1/4 span, the distribution is 0.28L either 
side. Applying these results to spans of 6 to 8 m, the loads are being distributed over 5 units of 1.2 m 
width. These results are in good agreement with the FIP values presented in the figures.

Shear is the most complex response, because the effects of torsion must be separated from vertical 
shears. The distribution of shear is largely dependent on the separation distance between the load 
and response positions. Shear distribution widths increase rapidly with this increasing distance, but 
are seldom greater than 0.125L, and the distribution curve is triangular.

Aswad and Jacques [5.24] tested some 203 mm-deep ‘Dycore’ units to determine allowable magni-
tudes for a single point edge load. Two modes of failure, in which the slabs failed without warning, 
were found:

	 by edge punching shear under the load at mid-span
	 shear-torsion failure at the corners of the units when the load point was nearer to the support (see 

Figure 5.24).

With the load point at mid-span the lowest failure load was 51.2 kN, while the lowest failure load 
for a load point at quarter-span was 44.5 kN. The former failed by punching shear, while the latter 
was by shear-torsion. Factors of safety of 2.80 (≈1.60/0.85 × 1.5) were applied to these results, which 
gave good agreement (within 5 per cent) with the equation in FIP Technical Report [5.25].

Lateral spreading of section properties, where holes in units are formed, is not covered in codes of 
practice or product standards, but may be considered using the same approach for lateral distribution 
of loads within a panel width = 2 × 0.25 × span. First, the section properties Zb,1 and prestress fbc,1 in the 

Figure 5.24  Edge failures in tests by Aswad and Jacques [5.24] (courtesy of PCI Journal).
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hcu containing the hole are determined, and the net bending stress calculated for the self-weight (and 
topping if present) moment M1 at installation, σb1 = fbc1 − M1/Zb1. The section properties Zb,2 prestress 
fbc,2 of the hcu without holes are calculated, and the mean values obtained across the panel width, e.g. 
if the panel width is 3.0 m (2.5 b), Zb,mean = (1.5Zb,2 + Zb1)/2.5 and fbc,mean = (1.5fbc,2 + fbc1)/2.5. The net 
bending stress calculated for imposed loads after the units have been grouted or connected using a 
structural topping is σb2 = fbc,mean − M2/Zb,mean. Finally σ σb b ctm cuf f1 2 0 45+ ≥ − −{ . }. The method is 
repeated for the net top stress.

Lateral load spreading is not possible where large holes are formed by using trimmer angles, as the 
load from an adjacent unit is simply carried back into that unit via the trimmer angle. The analysis 
of complete slab fields consisting of up to 7 × 1.2 m wide hcus, with large holes up to 2.4 m wide, was 
carried out by Bernardi et al. at the University of Parma [5.26, 5.27]. A finite element (FE) model was 
first calibrated against full-scale tests carried out at VTT in Finland by Pajari [5.28] and Suikka [5.29], 
where 7.1 m × 4.8 m wide hcu slab fields with a large opening were subjected to point and line loads. 
The FE results by Bernardi et al. [5.27] show that load spreading around large voids gives end reac-
tions in the supporting units that are almost exactly statically determinate, e.g. for a 300 mm 
deep × 10.5 m span unit supporting a 1.2 m wide × 9.3 m long unit on a trimmer angle at the end of 
a 1.2 m hole, the calculated reaction in the supporting unit is 27.2 per cent of the total floor load, 
compared to the FE results of 27.0 per cent at service and 28.5 per cent at ultimate in a composite 
slab with 40 mm topping. This suggests that although the shear forces due to the self-weight of the 
unit (and where present the topping) are carried by the trimmer angle, and the imposed loads are 
distributed via the longitudinal joints (and where present the topping), end reactions may be calcu-
lated using simply supported statics via the trimmer angle.

5.2.8  Flexural capacity

The flexural capacity of a prestressed hcu is checked at both the serviceability and ultimate limit states. 
It is usual for the ratio of the ultimate moment of resistance Mur to the serviceability moment of 
resistance Msr to be in the order of 1.7 to 1.8 for critical longer spans. Thus with the use of the present 
load factors (<1.5 for all actions in BS EN 1992-1-1 {<1.6 for all actions in BS 8110}, the serviceability 
condition will usually be critical.

The problem of cracking in the unreinforced zones of hcus is particularly important with  
regard to the uncracked shear capacity. It is therefore necessary to ensure that tensile stresses are not 
exceeded.

Prestressed concrete is well documented and the reader should refer to standard texts such as 
Mosley, Bungay and Hulse [5.30] and O’Brien, Dixon and Sheils [5.31] for BS EN 1992-1-1 {Kong 
and Evans for BS 8110 [5.32]}. Figure 5.25 shows the basic ideas. Units are classified mostly as Class 
XC1 members to BS EN 1992-1-1 {Class 2 to BS 8110} with respect to the serviceability limit state  
of cracking. This means that a certain amount of tension is allowed. For spans exceeding about 3 to 
4 m it is usual for the governing design criteria to be the flexural tensile stresses at the serviceability 
limit state.

5.2.8.1  Serviceability limit state of f﻿lexure
The serviceability flexural resistance Msr is limited by the following:

(a)	 flexural tensile and compressive stresses in the concrete
(b)	 precamber
(c)	 deflections.

Items (b) and (c) are particularly relevant to the more highly stressed units, exceeding about 7 to 10 m 
in length. Item (a) is applicable to all units of all ages and under all possible loading conditions 
(including handling and temporary conditions).
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For units designed to Class XC1, BS EN 1992-1-1 limits the tensile stress in prestressed members 
with no reinforcement in the tensile zone to f fctm ck= 0 3 2 3. / , which for the classes of concrete normally 
used (C40/50 to C50/60) is a minimum of 3.5 N/mm2.

The amount of flexural tensile stress fct allowed classifies the units designed to BS 8110 as follows:

	 Class 1:	 No flexural tensile stress.
	 Class 2:	 Flexural tensile stresses are allowed, but not exceeding the smaller of 0 45. fcu  or 

3.5 N/mm2, and with no visible cracking.
	 Class 3:	 Flexural tensile stresses allowed, but for crack widths less than 0.1 mm in units in a severe 

environment the stress is (1 34 2 2 2. .fcu − N/mm ) or 6.3 N/mm2, whichever is the smaller. 
With crack widths less than 0.2 mm in units in all other environmental conditions the 
stress is (1 34 3 2 2. .fcu − N/mm ) or 7.3 N/mm2, whichever is the smaller. Class 3 tensile 
stresses are considered ‘hypothetical’ in that, because the concrete is cracked and the 
actual stresses close to the cracks are virtually zero, an equivalent average stress is used. 
This would be the tensile stress immediately prior to cracking. Depth factors and certain 
enhancements to the basic tensile stress, given in codes of practice, may be used.

Most designers specify Class 2, but occasionally Class 1 if deflection is excessive. This means a higher 
prestressing level is required to compensate for the zero tension in the soffit – which is nearly always 
the limiting case. The flexural compressive stress in the top surface of simply supported units (the 
only condition used in precast work) is limited to 0.45fck {0.33fcu}. It is rarely critical in slabs other 
than the temporary condition in the prestressed solid plank units.

It is necessary to calculate stresses due to the loading arrangement for the following cases:

(a)	 immediately after the transfer of prestress
(b)	 after all the losses in the prestressing tendons have occurred
(c)	 as (b), but in service using γf = 1.0.

The calculated transfer stress, expressed in the usual manner as the characteristic strength fci, is a 
function of the cylinder strength at transfer fck(t) {or of the final concrete cube strength fcu}. In practice, 

Figure 5.25  Basic prestressing principles.
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the concrete strengths achieved are monitored by the manufacturer for a particular process. For 
concrete grade C50/60 (the typical strength), fci should be 31 to 33 N/mm2 {38 to 40 N/mm2}. For 
concrete grade C40/50, fck(t) = 28 N/mm2 { fci = 35 N/mm2}.

Use of rapid-hardening cements, semi-dry mixes and humid indoor curing conditions are all con-
ducive to early strength gain. The transfer strength is achieved in less than 24 hours – 16 hours if the 
conditions are favourable. The design compressive and tensile strengths for Class XC1 {Class 2} 
members are, respectively, 0.6 fck(t), clause 5.10.2.2.(5), where fck(t) is defined by clause 3.1.2(5) {0.5 fci}, 
and 0.9 × splitting test strength, or fctm(t), where fctm(t) is defined by clause 3.1.2(6) and (9) { . }0 45 fci . 
Assuming that the initial pretensioning force is 70 per cent of ultimate (in other countries between 
60 and 75 per cent is used), the magnitude of the prestressing force per wire or tendon is taken as 
0.7(1 − η)Apsfpk/γm {0.7(1 − η)Apsfpu/γm}, where γm = 1.0 in this situation, and η is the losses in the 
prestressing tendons. In the majority of cases fpk {fpu} = 1670 and 1750 to 1770 N/mm2, although 
super-strand, with fpk {fpu} = 1860 N/mm2 and 3.5 per cent relaxation loss at 75 per cent prestress level, 
may be obtained in certain situations.

If low-relaxation wires are used, η = 0.04 at transfer, i.e. typically half the final value of the 8 per 
cent relaxation loss given in the specification. If low-relaxation helical wire strands are used, η = 0.0125 
at transfer, i.e. half of the 2.5 per cent final relaxation loss. In BS EN 1992-1-1 the initial relaxation 
at the time of transfer is given by clause 3.3.2(7), which either is from the manufacturer’s specification 
or is in accordance with code equations 3.28 to 3.30, depending on the class.

The state of stress after case (a) includes immediate losses due to initial relaxation and ‘instantane-
ous deformation’, which is generally known as the ‘elastic shortening’ loss. This is based on the initial 
short-term modulus of elasticity for the concrete at transfer taken from the usual database, and is 
summarised in Table 6.1. (See BS EN 1992-1-1, clause 3.1.3(3). Note that the type of aggregate must 
be specified.) Elastic shortening is calculated using the prestress in the concrete fcc at the level of the 
tendon. Hence the elastic loss in the steel is fcc Es/Eci. The loss due to the instantaneous deformation 
according to clause 5.10.5.1 of BS EN 1992-1-1 is fcc Ep/Ecm(t) and the effective prestress after transfer 
is given by fpm0 ≤ 0.75 fpk in clause 5.10.3.(2). If the losses are required at mid-span, or at some other 
position along the span of the floor slab, the compressive stress fcc may be reduced owing to the tension 
caused by the self-weight of the floor unit. This can be quite significant in the longer, heavier units, 
and can reduce the instantaneous deformation loss by about 2 percentage points. Of course the losses 
at the ends of the unit, where the prestress at transfer is often critical, cannot be reduced in this way.

The state of stress after all losses have occurred in case (b) is similar to the above, except that η 
now refers to the total losses. These can be estimated from the codes of practice, and are typically:

(i)	 Prestressing steel relaxation losses, as given above:
The long-term loss for wire and strand for Class XC1 is given in BS 5896 [5.33] or BS EN 1992-
1-1, clause 5.10.6(1b) & (2) for the final loss, or Annex D for the loss at intervals in time [5.1] 
and BS EN 10138 [5.34] {Class 2 is 1.25 times the 1000-hour relaxation test value provided by 
manufacturers}.

(ii)	 Concrete shrinkage losses:
These are the product of the shrinkage per unit length (obtained from BS EN 1992-1-1, clause 
3.1.4(6) [5.1] {typically as 300 × 10−6 for indoor manufacture and exposure}) and modulus of 
elasticity of the tendons (taken as 205 kN/mm2 {200 kN/mm2}, although 195 kN/mm2 is more 
applicable to helical strand, which has a slight tendency to unwind when stretched). The loss 
due to the concrete shrinkage in BS EN 1992-1-1 is according to clause 5.10.6(1a) and code 
equation 5.46, which contains stiffening and ageing terms in its denominator. The shrinkage loss 
to BS 8110 is 60 N/mm2, or 4.89 per cent at 70 per cent prestress, using fpu = 1750 N/mm2, i.e. 
100 × 60/(0.7 × 1750).

(iii)	 Creep of concrete losses:
This is proportional to the stress in the concrete at the level of the tendon (see BS EN 1992-1-1, 
clause 3.1.4 (2 to 4)). The loss due to the creep in BS EN 1992-1-1 is according to clause 
5.10.6(1a) and code equation 5.46. Annex B contains detailed equations, and allows the maturity 
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of the concrete to be calculated at the time when the concrete is deemed to be loaded. The work 
is based on the Arrhenius equation (nineteenth-century Swedish chemist Svante Arrhenius) for 
the temperature dependence of the reaction rate of cement, and is cement type-dependent, 
although BS EN 1992-1-1 uses OPC only. For example, if concrete is cured at 40°C for 24 hours, 
the maturity is calculated as 57 hours, or 2.38 days. Thus, creep losses begin not at 1 day, but at 
2.38 days of age. As before, the compressive stress fcc may be reduced owing to the tension caused 
by the self-weight and dead loads (not live loads) acting on the floor slab. This can reduce the 
creep loss by about 3–5 percentage points. A specific creep strain (i.e. creep per unit length per 
unit of stress) of 1.8, for indoor curing and loading at 90 days, has been used hitherto in the 
UK. Hence, the creep loss is 1.8 times fcc Es/Eci.

Exact solutions for each of these are easy to compute (and will be given in a design exercise). However, 
typical values for strands or wires stressed to 70 per cent of their ultimate are:

	 2% to 8% for relaxation
	 5% shrinkage
	 5% to 7% for elastic shortening
	 9% to 12% for creep loss.

Total losses range from 20 to 30 per cent for minimum to maximum levels of prestress. The design 
effective prestress in the tendons after all losses is given by fpo {fpe}.

For the service condition in case (c), the section is considered uncracked and the net cross-sectional 
area A and moment of inertia I are used to compute maximum fibre stresses fbc and ftc in the bottom 
and top of the section. The section is subjected to a final prestressing force Ppo = 0.7fpoAp {Pf = 0.7fpeAps} 
acting at an eccentricity zcp {e} from the geometrical neutral axis. The design method is standard 
prestressed concrete procedure. When calculating the service stress due to imposed bending moment, 
the section moduli Zb and Zt may be taken as the compound value using the transformed area of 
tendons, (m − 1)Ap, where m = modular ratio = (1+ψ)Ep/Ecm, where ψ is the creep factor at installa-
tion, which at 1 month is typically = 40% × 1.8 = 0.72.

Using the usual notation, the service moment of resistance Msr is given by the lesser of:

	 M f f Z M f f Zsr bc ck b sr bc cu b= + = +( . ) { ( . ) }( / )0 3 0 452 3 	 (5.1(a))

or

	 M f f Z M f f Zsr tc ck t sr tc cu t= + = +( . ) { ( . ) }0 45 0 33 	 (5.1(b))

where fbc = Pf(1/A + e/Zb) and ftc = Pf(1/A + e/Zt).
Adopting the above concepts, Figure 5.26 shows the moments of resistance and ultimate shear 

capacities to BS EN 1992-1-1 for a standard range of hollow-core composite units from 150 to 500 mm 
depth. The material properties are fck = 45 N/mm2 and fck(t) = 30 N/mm2 at transfer with gravel aggre-
gates. Final prestress in the bottom fibre is set at about fbc = 12 N/mm2. The permissible tension is fctm 
for exposure class XC1 and zero for > XC1.

5.2.8.2  Ultimate limit state of f﻿lexure
The ultimate flexural resistance Mur when using bonded tendons is limited by the following:

	 ultimate compressive strength of concrete, 0.85/1.5 = 0.567fck {0.45fcu}
	 the design tensile stress in the tendons, fp {fpb}.

The depth of the (strain-responsive) neutral axis X is obtained by considering the equilibrium of 
the section. The tensile strength of the steel depends on the net prestress fpe in the tendons after all 
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losses and initial prestress levels have been considered. In most hollow-core production the ratio  
fpo/fpk {fpe/fpu} = 0.50 to 0.55. If the neutral axis remains in the top flange above the top of the cores, 
the value from BS EN 1992-1-1, clause 3.3.6 is according to the inclined branch B in Figure 3.10 at a 
limiting strain of εud = 0.02, commencing at fpd = 0.9fpk/1.15 = 0.783fpk. {The values for X/d and fpb may 
be obtained from BS 8110, Part 1, Table 4.4 [5.2]; otherwise a solution for X is found by compatibility 
of final strains and equilibrium of forces in the concrete and tendons.} The ultimate moment of 
resistance of a (rectangular) section containing bonded tendons, all of which are located in the tension 
zone at an effective depth d, is given by:

	 M f A d X M f A d XRd p ps ur pb ps= − = −( . ) { ( . )}0 4 0 45 	 (5.2)

If the compressive stress block is not rectangular, as in the case of hollow-core slabs where 0.8X 
{0.9X} > top flange depth to cores, the depth to the neutral axis must be found by geometrical or 
arithmetic means (see Section 5.6). An allowance for other non-prestressed reinforcing bars in the 
tension zone is made by replacing the area of reinforcement As by an equivalent area of prestressing 
tendons Asfyd/fp {Asfy/fpu}, about 0.31 As {0.28 As} for high-tensile bar. This additional area should be 
used in the calculation of X, fp and hence MRd {Mur}.

5.2.8.3  Strength sensitivity exercise
A sensitivity analysis was carried out on 200 mm-deep ‘Roth’-type hollow-core floor units to deter-
mine the effects that 5 mm deviations in both the position of the centroid of the tendons and the 
overall depth of the slab have on strength. The results are given in Table 5.2 for flexural serviceability 
and ultimate strengths.

The results show some interesting statistics at the serviceability limit state in that lowering the 
tendons by 5 mm increased the moment by only 1 percentage point, and yet raising the tendons by 
the same amount reduced the moment by 3 percentage points. The results for the ultimate condition 
showed that the effects of negative slab depth and positive tendon deviations, and vice versa, cancelled 
each other. Where the 5 mm deviations were cumulative, the reductions or increases were in the order 
of 8 percentage points for both limiting states.

Figure 5.26  Moments of resistance and ultimate shear capacity of hollow-core floor units.
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5.2.9  Precamber and deflections

5.2.9.1  Basis for calculation and limits
The calculated values for precamber and deflections are based on a stiffness EcmI {EcI} using an average 
value for the long-term modulus obtained from the design concrete strength (N/mm2). Young’s 
modulus (kN/mm2) is taken as Ecm(t) = 22 (fck + 8/10)0.3 for gravel from BS EN 1992-1-1, Table 3.1, 
and reduced by 10 per cent for limestone {Ec = 20 + 0.2 fcu}. The same equations may be used with 
the transfer strength. When considering the gain in Young’s modulus over time between the age at 
transfer (typically 16 hours) and at installation, say 28 days, a factor may be used representing the 
approximate integration of Ec over that period, i.e. Ecm(t)/0.5(Ecm(t) + Ecm){Eci/0.5(Eci + Ec)}. This factor 
may be used to adjust the short-term creep coefficients when calculating deflections at installation.

The I value may be based on the compound section Ico, as mentioned in Section 5.2.8.1. Inevitable 
creep variations in Ec lead to variations in the deflection stiffness. However, the final upward camber 
δ is calculated using the following approximation:

	 δ δ= =







P z L

E I

P eL

E I
po cp

cm co

f

c co

2 2

8 8
	 (5.3)

where Ppo {Pf } includes all losses. In BS EN 1992-1-1, clause 7.4.1(4), the net upward deflection due 
to precamber and self-weight in hcus is limited to span/250 and is usually about L/300.

In-service deflections are calculated in the usual manner, taking into consideration the support 
conditions and loading arrangement for characteristic dead and factored (quasi-permanent) live loads 
(clause 7.4.1(4)); see Section 5.2.9.2. For normal office loading, deflections are in the order of 10 mm 
to 20 mm for 6 m to 9 m simply supported spans.

Deflections after construction, defined in clause 7.4.1(5), are limited to span/500. They are due 
either to (i) imposed loads alone, both short-term immediately after finishes are applied, or (ii) long-
term due to imposed loads, visco-elastic dead loads and visco-elastic upward camber. The net deflec-
tion, i.e. imposed deflection minus precamber, is typically less than span/1000. The historical 
requirement of limiting the span to effective depth ratio to control deflection of rc beams is not 
applicable to prestressed concrete because of the major influence of the prestressing.

The creep coefficients used for deflections ψ are obtained from the Italian Concrete Association 
ASSAP Manual [5.35], also used in the new EC2 publications by British Precast [5.12]. Because the 
stress conditions in the top and bottom of the unit are different, the values for ψ determined for the 
effect of dead and imposed loads are not the same as the internal creep coefficients φ used for 

Table 5.2  Effects of dimensional deviation on flexural serviceability and 
ultimate strength of hollow-core floor slabs

Limiting state

Dimension depth 
deviation

(mm)

Relative flexural strength  
for deviation
of positions of tendons*

−5 mm 0 +5 mm

−5 0.92 0.95 0.96
Serviceability 0 0.97 1.00 1.01

+5 1.02 1.04 1.05

−5 0.93 0.96 1.00
Ultimate 0 0.97 1.00 1.03

+5 1.00 1.03 1.06

Note:  *  −ve value means nearer to the neutral axis of the section. A mean value of 
40 mm was taken for the zero deviation. All prestressing parameters are constant 
for each size of beam. Concrete grade = C50/60.
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calculating losses in prestress. The value of ψ at time t is found by multiplying the basic creep coef-
ficient ψ∞ = 2.5 by a coefficient of development, as follows:

Coefficient of development at: transfer = 0.1
15 days = 0.3
28 days = 0.4

2 months = 0.5
3 months = 0.6
6 months = 0.7

12 months = 0.8
∞ = 1.0

The long-term concrete ageing coefficient to allow for stress increments after initial loads χ = 0.8. 
For example, from transfer to 28 days ψ1 = 2.5 × (0.4 − 0.1) = 0.75. From 28 days to life ψ28 = 2.5 × 
0.8 × (1 − 0.4) = 1.2. For long-term live loads, ψ∞ = 2.5 × 0.8 = 2.0. In effect, the visco-elastic 
creep deflections may be calculated at any point in time, since interpolation of the coefficients is 
permitted.

5.2.9.2  Deflection calculations
Deflections are required at installation and in the long term. The installation value is required for two 
reasons:

	 to inform the contractor how much camber (which most often is negative) to expect when laying 
floor finishes or structural topping to level, or if a ‘step’, or differential camber, is to be expected 
in the floor level;

	 to enable the deflection after the installation of brittle finishes, ceilings, services, etc. to be calculated 
due to imposed live loads and the visco-elastic portion of dead loads, self-weight and camber due 
to prestress.

Let L = effective span (assume same as actual length of unit); Ppm0 = prestress force at transfer, 
Ppmi = prestress force at installation, Ppo = final prestress force, zcp = eccentricity, Ecm and Ecm(t) = Young’s 
modulus at transfer and 28 days, Ic = 2nd moment of area of compound section, ψ1 = creep coefficient 
from transfer to installation, ψ28 = creep coefficient from installation (assume 28 days) to long term, 
and ψ∞ = creep coefficient at long term, wo, w1, w2 and w3 = uniformly distributed loads due to self-
weight of unit, self-weight of slab after grouting, dead loads and imposed live loads, respectively, 
ψ2 = quasi-permanent live load factor.

(a)  At Transfer
Immediate camber

	 δ1 0= −P z L E Ipm cp cm t c
2 8/ ( ) 	 (5.4)

Deflection due to self-weight

	 δ2
45 384= w L E Io cm t c/ ( ) 	 (5.5)

Resultant deflection at transfer = δ1 + δ2

(b)  At Installation, taken here as 28 days
Referring to the creep development coefficients in Section 5.2.9, the effective creep coefficient ψ1 takes 
into account the mean change in Ecm as:

	 ψ1 0 5 2 5 0 4 0 1= + × × −( / . ( )) . ( . . )( ) ( )E E Ecm t cm cm t 	 (5.6)
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Camber at installation is due to the camber at transfer, plus further visco-elastic movement ψ1 δ1 
minus a small reduction (optional) due to the reduction in pretensioning force from transfer Ppm0 to 
installation Ppmi. The second term is often ignored as it makes about a 2–3 per cent difference in δ3.

	 δ ψ3 1 0
2

0
21 8 8= − + + −( ) / ( ) /( )P z L E I P P z L E Ipm cp cm t c pm pmi cp cm c 	 (5.7)

Deflection at installation due to self-weight is due to further visco-elastic movement of the hcu at 
transfer, plus the static deflection

	 δ δ ψ4 2 11= + +( ) 	 (5.8)

Resultant deflection at installation = δ3 + δ4.

(c)  Long term
The effective creep coefficient after installation takes into account the increase in strength given by 
X = 0.8, and Young’s modulus after 28 days.

	 ψ 28 0 8 2 5 1 0 0 4= × × −. . ( . . ) 	 (5.9)

Long-term camber is due to camber at installation plus further visco-elastic movement due to the 
pretensioning force at installation Ppmi, minus a reduction (optional) due to the reduction in preten-
sioning force from installation Ppmi to long-term Ppo

	 δ δ ψ5 3 28
2 8= − − −( ( )) /P P P z L E Ipmi pmi po cp cm c 	 (5.10)

Long-term deflection due to self-weight and infill w1 is due to further visco-elastic movement of w1 
at installation, plus the static deflection:

	 δ δ ψ6 4 28 1
45 384= + + w L E Icm c/ 	 (5.11)

Deflection due to UDL dead w2 added after installation:

	 δ ψ7 28 2
41 5 384= + +( ) /w L E Icm c 	 (5.12)

Deflection due to UDL live load ψ2 w3 using long-term creep coefficient = 0.8 ψ∞

	 δ ψ ϕ8 2 3
41 0 8 5 384= + + ∞( . ) /w L E Icm c 	 (5.13)

plus similar expressions for imposed point loads and line loads, where φ2 is the quasi-permanent live 
load factor.

(d)  Deflection after installation
Long-term movement due to live load, visco-elastic response to self-weight and dead loads after 
installation using post-installation creep factor ψ28, and changes in camber after installation:

	 δ ψ ϕ ψ δ δ9 28 2 3 28 1 2
4

5 35 1 384= + + + + −(( ) ( )) / ( )w w w L E Icm c 	 (5.14)

See Section 5.6 for a worked example.

(e)  Maximum spans for limiting deflection
It is often required to back-calculate maximum effective span(s) for the limiting deflections of L/250 
or L/500 (or 20 mm), as follows:
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Case 1: Final deflection ≤ L/250

Final camber = − + − + −
z L

E I
P P P Pcp

cm c
pmo pmi pm po

2

1 28 0
8

1 0 5( ( ) . (ψ α ψ ))) = −AL2

Final downward = + + + + +5

384
1 1

4

1 28 1 2 28 2 3
L

E I
w w w w

cm c
o( ( ) ( ) (ψ ψ α ψ ϕ 11 0 8 4+ =∞. ))ψ BL

where α = Ecm/Ecm(t)

	 Then and solve by iteration: ,− + − = ∴ →
+

AL BL L
AL

B
3 31

250

1
2500 	 (5.15)

Case 2: Movement after installation ≤ L/500

Movement camber = − + − = −
z L

E I
P P P CLcp

cm c
pmi pmi po

2

28
2

8
0 5( . ( ))ψ

Movement downward = + + + =5

384
1

4

1 2 28 2 3 28
4L

E I
w w w DL

cm c

(( ) ( ))ψ ϕ ψ

	 Then and solve by iteration: ,− + − = ∴ →
+

CL DL L
CL

D
3 31

500
0

1

500 	 (5.16)

5.2.10  Shear capacity

Shear is not usually a problem in hcus under uniformly distributed loading. The only time shear is 
critical is in simply supported units of less than about 3 to 6 m in span for depths of 150 to 400 mm, 
respectively. Large point or line loads, particularly at a free edge (i.e. hcu not grouted to a neighbour), 
must be considered on an individual basis according to BS EN 1168 [5.8], see Section 5.2.10.4. An 
extensive discussion on this is given by Girhammer [5.36].

As in any prestressed concrete elements the design shear capacity is calculated for two conditions: 
the flexurally uncracked section and the cracked section in flexure. The uncracked ultimate shear 
capacity VRd,c {Vco} is greater than the ultimate cracked value VRd,cr {Vcr} because the full section prop-
erties are considered and a small amount of diagonal tension in the concrete is permitted. The ratio 
of VRd,c/VRd,cr to BS EN 1992-1-1 is typically 1.3 to 2.0 (the latter being for maximum prestress). 
However, Vco/Vcr to BS 8110 is typically 2.0 to 2.4. This is advantageous because the maximum design 
shear, which usually occurs where the flexural moments are small, may be equated with VRd,c {Vco}, 
the greater shear capacity. The position of the cracked section depends very much on the loading 
conditions, but for uniformly distributed loads it is usually far enough into the span of the slab so as 
to render a check against VRd,cr {Vcr} as unwarranted. Strictly speaking, VRd,cr {Vcr} should always be 
checked.

It is not possible to provide shear reinforcement in hcus, and therefore the prestressed concrete 
must do the work. (There are some production systems that enable a light mesh to be cast in the webs 
of very deep units, e.g. 500 to 750 mm, but this is not common.) A note of caution must be added 
here; it is not economical to increase the number of prestressing wires merely to satisfy shear. For 
example, increasing the area of prestressing reinforcement by a factor of 4 increases the flexural capac-
ity by about 2.5 and the shear capacity by only 1.2. The most economical method of increasing the 
shear capacity is to make solid the ends of the units by opening the tops of the cores and filling them 
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with structural-grade concrete, often using self-compacting concrete [5.37]. A less popular alternative 
is to increase the depth of the slab.

The additional shear capacity with a number n (at least 2) of filled cores is, according to BS EN 
1168, Annex F, clause F.3 as

	 V nb dfRd t c ctd i, ( )= 2 3/ 	 (5.17)

where 

bc	  = breadth of core (mean if different)
d	  = depth of core (although BS EN 1168, Figure F.1 shows this as the effective depth to the tendons)
fctd(i)	 = design tensile strength for the infill.

Some hcus have a greater shear capacity, with all things being equal, than others. The slip-formed-
type floor with the large number of webs has a shear capacity about 30 per cent greater than its 
extruded counterpart.

Two modes of shear failure are possible: flexural shear and shear tension. The occurrence of each is 
not merely a function of the shear span ratio, although the latter does usually occur when av/d < 2 to 3.

Flexural shear occurs if a flexural crack develops into a shear crack. Because of the relatively large 
amount of prestress in hcus, it is usually the first (or second) flexural crack that causes the shear 
failure. Failure occurs where the shear force exceeds the shear compression capacity, and a single 
flexural crack initiates shear failure.

Shear tension failures are also possible, and embrittled diagonal cracks are found close to the ends 
of the units propagating through the unprestressed and unreinforced regions of the slab (see Figure 
5.27). Figure 5.28 (from [5.14]) shows the development of prestress in a simple rectangular section. 
Stresses in hcus are further complicated by the cross-sectional shape of the unit. It is further assumed 
that the extremity of the support bearing pressure spreads at an angle of about 45° from the inner 

Figure 5.27  Shear cracking in hollow-core slabs.
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bearing point. Walraven [5.14] suggests that an increment equal to half the depth of the slab is 
required for a shear-tension crack to develop. The direct transmission of forces, by strut-and-tie 
action, does not occur in prestressed members, which rely on the development of bond to satisfy the 
truss analogy. The codes do not recognise this fact; the equation for the uncracked shear capacity 
given in Section 5.2.10.2 is considered adequate in all respects.

5.2.10.1  Compression f﻿ield theory for shear capacity
Shear failures are difficult to characterise in prestressed hollow-core units, because of the large number 
of variables close to the support and the rapidly changing stress distributions, both longitudinally in 
the transmission zone and vertically through the webs. Because the most common mode of failure 
lies somewhere between flexure-shear and shear-tension, and may be of either mode for nominally 
identical situations, the principal stress equations (5.22) may not always be the most accurate, par-
ticularly if high shear forces and bending moments occur in the transmission zone. Adopting Vecchio 
and Collins’s various shear hypotheses [5.38], Araujo et al. [5.39] presented a modified compression 
field theory to rival principal stress models and, further, compared the results of their analysis against 
129 shear tests compiled by Bertagnoli and Mancini [5.40]. Using a variable strut inclination method 
with cot θ = 2, the ultimate shear capacity VRd,CF (CF = compression field) is given as:

	 V b d fRd CF w ck c, . /= 2 0β γ9 	 (5.18)

(note in this book the original term fck  has been used rather than the approximation 2fctm in Araujo’s 
paper) where, after Collins et al. [5.41]

	 β
ε

=
+ +

0 4

1 1500

1300

1000

.

( ) ( )x xes
	 (5.19)

where the average strain in the cracked section is:

	 εx
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0

	 (5.20)

Figure 5.28  Contours of prestress development in ends of hollow-core units [5.14].
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Figure 5.29  Ratio of theoretical ultimate shear capacity using mean material properties of Araujo [5.39] to 
experimental results of Bertagnoli and Mancini [5.40]. (Courtesy of Araujo/Bertagnoli/Mancini and Ernst & 
Sohn.)
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where ag = maximum size of coarse aggregate.
In this analysis, VRd,CF is position-dependent, and may therefore be calculated at various positions 

from the support, e.g. along a 45° shear plane at 0.9d from the edge of the support (of bearing length 
Lb). To find the critical value for VRd,CF, let the design shear force VEd = VRd,CF, and MEd = VEd 
(0.5Lb + 0.9d). The effective prestress fpo(x) at the edge of the support = (Lb/lpt2) σpmo, where σpmo = pre-
stress after transfer losses.

Araujo’s theoretical versus experimental ratios are shown in Figure 5.29. 95 per cent of the results 
fall within +15% to −25% of the experimental data, with the most conservative values belonging to 
depths of 250 to 300 mm, where shear-tension and flexural-shear failures are more in balance than at 
other depths.

Comparing VRd,c and VRd,CF for the 250 mm-depth hollow-core unit reference 25/108 (with ten 
12.5 mm-diameter helical strands) in Chart 5.1, in which an expected experimental shear capacity 
would be in the order of 220 to 240 kN:

Data: I = 1289 × 106 mm4; S = 6.866 × 106 mm3; bw = 285 mm; d = 209 mm; 0.9d = 188 mm; Aps = 
930 mm2; fpk = 1770 N/mm2; σpmo = 0.95 × 0.7 × 1177 N/mm2 (5% losses); Ep = 195 000 N/mm2; fck = 
50 N/mm2; gravel aggregates; ag = 14 mm; Ec = 37 300 N/mm2; fctd = 1.90 N/mm2; lpt2 = 830 mm; 
Lb = 100 mm; yb = 122 mm; lx = 100 + 122 = 222 mm; α = 222/830 = 0.268; fcp = 4.45 N/mm2. Therefore, 

VRd c, ( / . ) ( . . . . )= × × × + × × =−1289 10 285 6 866 10 1 90 0 268 4 45 1 90 106 6 2 3 1129 7. kN. Removing γc from 
fctd and the 0.9 factor in fcp gives VRd,c = 198.6 kN.

To calculate VRd,CF at 0.9d from the support: using iteration, try VRd,CF = 181.7 kN. Then MEd = 
181.7 × (50 + 188) = 43.2 kNm; fpo(x) = (100/830) × 1177 = 142 N/mm2; εx = 0.000206; sxe = 227 mm; 
then β = 0.324.

VRd c, . / . .= × × × × =2 0 324 285 188 50 1 5 181 7 kN. Removing γc gives, by iteration, VRd,c = 

243.7 kN > 198.6 kN. The failure mode would be closer to shear tension.
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BS EN 1992-1-1 Eq. 6.4

V
Ib

S
f fRd c

w
ctd cp ctd, ,= +2

1α γ σp fav

where fctd = 0.7 × 0.3 fck
2/3/1.5

α1 = lx/lpt2 ≤ 1.0
lx = distance from end of unit to point where a 45° 

plane drawn from edge of support meets the 
centroidal axis

lx = 0.5lb + yb

lpt2 = 1.2 lpt

lpt = transmission length
(see clause 2.4.2.2(1)) γp,fav = 0.9 for prestress at 

ultimate
σcp = Ppo/Ac (final prestress)
I, S = 2nd and 1st moments of area about the 

centroidal axis
bw = breadth of webs at centroidal axis.
For sections where the width varies over the height, 

the maximum principal stress may occur other 
than at the centroidal axis and the shear 
resistance should be checked at various heights in 
the cross section. Equations for VRd,c in BS EN 
1168, clause 4.3.3.2.2.1 require uncracked shear 
resistance to be checked on a 35° plane from the 
edge of bearing (not 45°) using the equations:
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(5.22)

(5.24)

BS 8110, Eq. 55

V b h f f fco v t cp t= +0 67 0 82. .

where f ft cu= 0 24.
Design rules recognise the fact that the critical shear 

plane may occur in the prestress development 
zone, where fcp is not fully developed. It is shown 
[5.14] that prestressing forces develop 
parabolically and therefore a reduced value fcpx is 
used. It may be shown that fcpx is given by:

f
x

l

x

l
fcpx

p p
cp= −







2

where lp is the prestress development length, taken 
as the greater of the transmission length lt (see 
Section 5.2.12) of depth h. x is from the end of 
the unit measured at 45° to the inner bearing 
edge. All these factors have been taken into 
account in the design data given at the end of this 
chapter.

(5.22)

(5.23)

5.2.10.2  Shear capacity in the uncracked region, VRd,c {Vco}
The term ‘uncracked’ refers to flexural cracking (i.e. tensile stress < fctd {ft}), and where cracking exists 
VRd,c {Vco} must not be used. The ultimate shear capacity is given by:

Pisanty [5.17] has found that a reduction of less than 2 per cent in calculated EC2 values {10 per 
cent in the calculated value of Vco} brings the design value into good agreement with full-scale experi-
mental test results. The larger BS 8110 reduction is necessary because the BS 8110 term 0.67bvh is less 
than the EC2 term I bv/S for the shape of the hollow-core web. See also Table 5.3, where the mean 
value of the ratio of the test failure load divided by 0.9Vco is 1.05.

Although this expression is derived using a rectangular section and not the actual flanged section 
appropriate to hollow-core units, the difference is accepted as being small. Safety factors are built into 
the equations for VRd,c {Vco}, because as a favourable effect γp,fav = 0.9 {0.8} of the compressive stress 
σcp at the centroidal axis is used. The value for fctd {ft} is also conservative.

Lin Yang [5.42] has proposed a design method to calculate the shear web capacity. The equation 
allows for changes in cross section, material properties and prestress levels. Web shear is critical at a 
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point at the narrowest part of the web between the voids on a diagonal line inclined at 35° to the 
horizontal from the edge of the support. This is typically 0.72 h from the support, where h is the depth 
of the slab. Comparisons with 118 tests at VTT in Finland found that a 95 per cent confidence limit 
could be used in this equation if the value so obtained is decreased by (approximately) 50 kN.

Test results, starting with Yang, have shown that where hollow-core units have narrow webs  
just above the top of the strands, the maximum shear stress occurs there, and there is a reduction  
in VRd,c of between 0.7 and 1.0, depending on the shape of the web. The ratio of the minimum 
value of VRd,c to VRd,c at the centroid is about 0.95 in circular cores, where the web is narrow on the 
centroidal axis.

The vast majority of shear tests have been carried out on hollow-core units up to 250 mm deep, 
where the correlation of the ultimate shear capacity VRd,c {Vco} has generally been within about 10 per 
cent. The calculation for VRd,c {Vco} has always been carried out on a 45° shear plane at the centroidal 
axis, where it is understood shear cracks will first propagate. This is certainly the case in any type of 
prestressed section where the web is narrowest at the centroidal axis, e.g. hollow-core units having 
circular webs, but may not be the case in more parallel-sided webs, e.g. oval or pear-shaped cores, 
where the combined effects of the transfer of prestress and the principal shear stress may cause the 
shear failure to initiate at a point below the centroidal axis.

The Eurocode recognises this in BS EN 1992-1-1, clause 6.2.2.(2): For cross-sections where the (web) 
width varies over the height, the maximum principal stress may occur on an axis other than the centroidal 
axis. In such a case the minimum value of the shear resistance should be found by calculating VRd,c at 
various axes in the cross section. The amended version of the European Product Standard for hollow-
core units BS EN 1168:2005+A3(2011), clause 4.3.3.2.2.1 presents Eq. (5.25) to calculate VRd,c at 
various points along the shear plane, as shown in Figure 5.30. Following the recommendation of Yang 
[5.42], the inclination of the shear plane is 35° from the end of the bearing.

The ultimate shear capacity at distance lx from the end of the unit and height y from the bottom 
of the section, where lx ≥ lb + 0.5 h, is given as:
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where the compression due to prestress at lx and y is:
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and the concrete shear stress due to transmission of prestress at lx and y is:
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	 (5.27)

where 

I	  = 2nd moment of area about centroidal axis
S(y)	  = 1st moment of area above y and about centroidal axis
Ac	  = net concrete section area (note that BS EN 1168 calls this a fictive area)
Ac(y)	  = net concrete section area above height y
Pt(lx)	  = prestressing force at distance lx

∂Pt(lx)/∂x	 = gradient of the prestressing force in the transmission zone = Pt/lpt2

Cpt(y)	  = a factor according to position of tendons. Cpt(y) = −1 if y ≤ YPt otherwise = 0

Other definitions are shown in Figure 5.30.
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As an alternative to Eq. (5.25) the shear capacity at the centroidal axis may be according to Eq. 
(5.22), but factored as follows:

	 V
Ib

S
f fRd c

w
ctd l cp ctd,

.
.= +0 8

0 92 α σ 	 (5.28)

For hollow-core units deeper than 450 mm, VRd,c (VRd,cr) in Section 5.2.10.3 shall be multiplied by 
0.9. BS EN 1168 states that VRd,c need not be checked at points less than 0.5 h from the edge of the 
support, lx < lb + 0.5 h. This clause effectively rules out checking VRd,c at the bottom of the webs, where 
the greatest principal stresses actually occur. For example, in a 200 mm-deep unit with a 40 mm 
bottom flange, 100 mm bearing length, lb + 0.5 h = 200 mm, whereas lx = 100 + 40/tan 35° = 157 mm. 
In other words, VRd,c is not checked until the height y = (200 − 100) tan 35° = 70 mm, which is only 
about 29 mm below the centroidal axis.

Referring to the 200 mm-deep hollow-core unit designed in Section 5.1, VRd,c(y) has been recalculated 
according to Eqs. (5.25 to 5.27). The results are shown in Figure 5.31, in which VRd,c(c.g.) = 84.8 kN, 
and minimum VRd,c(y) = 78.4 kN, a reduction of 8 per cent. The steps in the results occur at changes 
in (a) breadth of webs, i.e. bw at the centroidal axis and in the lower core are 303 and 640 mm, respec-
tively, as shown in the dashed line in Figure 5.31, and (b) at the level of the tendons (where CPt(y) 
changes from 0 to −1 and causes τcp to become negative) at y = 45 mm.

Figure 5.30  Principles and definitions used in the calculation of VRd,c(y) in hollow-core units.
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Figure 5.31  Variation in VRd,c according to Eq. (5.25) in 200 mm-deep × 6 core, hollow-core unit of same 
cross section, section properties and ultimate stresses used in Section 5.6.
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Applying the same analysis to units of greater depth, and keeping bw = 303 mm and the axial prestress 
σcp ≈ 5.4 N/mm2, gave the results in the following table. The minimum value of VRd,c(y) always occurred 
at the bottom of the parallel-sided part of the webs (except for h = 150 mm), or where lx < lb + 0.5 h 
(lb = 100 mm).

Depth h VRd,c(c.g.) Minimum VRd,c(y) y Ratio  
VRd,c(y)/VRd,c(c.g.)mm kN kN mm

150 54.7 53.3 52 0.98
200 84.8 78.4 70 0.92
300 163.9 146.4 105 0.89
400 231.6 196.1 140 0.85
500 365.6 308.7 175 0.84

The reduction in shear capacity becomes marked when h ≥ 300 mm. In perfectly parallel-
sided webs, the reductions have been shown by IPHA to be as low as 0.61, although this may have 
been at the very bottom of the webs and violated the lx < lb + 0.5 h rule. However, there is a clear 
message that in deeper units VRd,c(y) will surely be less than VRd,c(c.g.). In 2008, ACI-318 stated that 
hollow-core units greater than 320 mm deep should have shear reinforcement when the ultimate shear 
force Vu > 0.5 Vcw; i.e. without using shear reinforcement, which is impractical in production, Vcw 
is halved!

Palmer and Schultz [5.43] carried out 24 full-scale shear tests on 12-, 16- and 20-inch (305, 407, 
508 mm) deep units. The units were supplied by two manufacturers A and B with quite differing 
material properties and strand slippage, factors that appear to be as much responsible for the scatter 
in results as for the behaviour of the units at failure. Concrete strengths were 53.9 and 68.2 N/mm2, 
core densities were 2140 and 2400 kg/m3 and the range of strand slippage 0.7–2.9 and 0.5–1.1 mm, 
for units from manufacturer A and B, respectively. These measurements of slippage appear to be  
quite low, particularly for B in such deep units, where slippage values closer to 3 mm would be 
expected. This was questioned by Logan in Discussion [5.44]; however, the authors defended the 
values as typical of those units in general. Figure 5.32 shows the influence of strand slippage on  

Figure 5.32  Normalised ultimate shear/ACI-2005 capacity versus strand slippage [5.43].
The notation is A, B = manufacturer; 12, 16, 20 = depth in inches. (Courtesy of Arturo E. Schultz.)
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the ratio of the observed test load Vobs to calculated shear capacity VACI-05 according to ACI-2005. 
Several 16 inch-deep results have Vobs/VACI-05 ratios ≈ 1.1 to 1.3, which casts doubt over the move to 
halve Vcw in ACI-2008, although 20 inch-deep results have Vobs/VACI-05 ≈ 0.8, which supports the claim 
in BS EN 1168 to multiply VRd,c for h > 450 mm by 0.9. The mean ratio is almost 1.0, where the regres-
sion line crosses the unity line at a strand slippage δ = 1.46 mm, which is in agreement with the limit-
ing slippage given in BS EN 13369, clause 4.2.3.2.4. of ΔLo = 0.4 lpt2 σpmo/Ep. Using an example of 
lpt2 = 50 ϕ, 5% losses, 70% prestress, ΔLo = 0.4 × 50 × 12.5 × 0.95 × 0.7 × 1860/195 000 = 1.58 mm. 
These results suggest that all tests referenced UMN A 16 may have had extended transmission lengths 
(according to Lt = 2δ Ep/σpmo) that could have impaired the shear capacity.

Test results were compared to design equations based on BS EN 1992-1-1 and after Yang, and are 
summarised in Figure 5.33. Comparisons with BS EN 1992-1-1 are mostly unconservative, with only 
six out of twenty-four tests having Vobs/VEC2 > 1. Tests with the largest slippage (UMN A 16) have a 
mean Vobs/VEC2 ≈ 0.75, and VRd,c = 100 kip = 445 kN. These units had nominal bw ≈ 390 mm, resulting 

Figure 5.33  Normalised ultimate shear/EC2 and Yang’s equation capacity versus calculated capacity (100 
kip = 445 kN) [5.43]. (Courtesy of Arturo E. Schultz.)
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in VRd,c/bwh ≈ 2.25 N/mm2, which is within the typical range for a fully stressed 400 mm-deep unit. 
Therefore a greater shear load would have been expected. However, comparisons with Yang, on which 
Eq. (5.25) is based, are all conservative, with Vobs/VEC2 = 1.0 to 2.0. Tests identified as UMN A 16 have 
a mean shear stress of VYANG/bwh ≈ 1.4 N/mm2, which by itself is less than the design tensile stress fctd 
for C50/60 concrete. The results indicate that while BS EN 1992-1-1 is largely unconservative for deep 
units, Yang’s approach has tipped the balance too far.

Palmer and Schultz judicially measured surface strains in the webs and found large variations on 
both sides of the same web, and between outer and inner webs, as shown in Figure 5.34, measured 
on 407 mm-deep units × 60 mm-wide webs. Strains in the outer webs are in the region of −160 με, 
compared to internal values of −40 to −80 με. The authors report 60 per cent differences in surface 
strain on both sides of the same web, suggesting bulging of the outer webs, where shear cracking may 
have been initiated. There was also redistribution of stress in the webs indicated by reversals of strain 
at higher loads, and some post-cracking strengthening that is unusual in prestressed hollow-core units 
in shear.

These important test results of shear strength and web-strain distributions show that shear behav-
iour in deep webs is non-symmetric, leading to reductions in the shear load at the onset of cracking 
in individual webs. This behaviour is not seen in shallower units. The cross-section profile of deep 
units may therefore be optimised beneficially by increasing the width of outer webs, in order to bring 
the symmetric nature found in shallow units into line with design equations.

5.2.10.3  Shear capacity in the region cracked in f﻿lexure, VRd,cr {Vcr}
Note that in this book VRd,cr is used, to distinguish it from VRd,c.

The value of VRd,cr {Vcr} is calculated using the following (semi-empirical) equation:

Figure 5.34  Distributions of web strains across 16 inch-deep hollow-core units at various test loads [5.43]. 
(Courtesy of Arturo E. Schultz.)
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BS EN 1992-1-1, equation 6.2 gives the  
usual formulation for VRd,cr for shear:
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One of the problems in using the above 
equation is that the decompression 
moment, Mo, and the shear force and 
bending moment values, V and M, must 
be known before Vcr may be computed.

(5.29)
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Asl is the area of tendons, which 
extends ≥ (lbd + d) beyond the shear 
plane. This is not satisfied by  
calculation in hcus, but the condition  
is satisfied by tests.

(5.32)

(5.33)

(5.34)

This is an obvious drawback in the 
preparation of predetermined shear 
capacity data tables, much favoured in the 
precast industry. A short cut is possible 
here by using the expression given in the 
Handbook to BS 8110 as follows:
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All values except V and M are known for 
specified section geometry and 
prestressing levels. It is assumed that at the 
critical section the design shear V cannot 
exceed Vcr, and so therefore V = Vcr. 
Similarly the ultimate design moment M 
cannot exceed γfMs. In most cases floor 
dead and live loads are roughly equal, and 
so therefore M = 1.5 Ms approximately. 
Thus a unique value for Vcr exists.

It appears from tests carried out on 1.93 m 
long × 300 mm deep extruded slabs in 
3-point bending [5.17] that Eq. (5.35) is 
conservative. Table 5.3 summarises the test 
data and comparisons with BS 8110 [5.2].

(5.35)

Table 5.3  Summary of Shear Tests by Pisanty [5.17]

Test failure 
load

Predicted Vcr

(kN)
Predicted Vco

(kN)
Test load/ 
0.9 Vco

178.50 133.63 188.60 1.050
172.50 133.84 189.75 1.008
174.00 133.73 189.17 1.021
173.50 133.54 187.45 1.027

47.50 41.92 69.44 0.760
67.00 41.98 69.71 1.068
78.00 41.92 69.44 1.248
53.75 41.77 68.88 0.867
47.00 36.57 47.36 1.103
57.25 36.54 47.04 1.352

5.2.10.4  Punching shear and concentrated loads
Trying to initiate a classical punching shear failure in hollow-core floor units is very difficult, and the 
author has not been successful in several tests carried out on 150- and 200 mm-deep units of around 
4 m in length. The failure mode is always by longitudinal cracking along the line of the cores, even 
though the footprint of the load (w = 300 mm square) was wider than the breadth of the core. A 
footprint as little as w = 50 to 100 mm square (e.g. as specified for computer-room cabinet bearings, 
for which unscreeded slabs would be inappropriate) is required to punch through the top flange 
directly over the core.
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In spite of this evidence, BS EN 1168 [5.8], clause 4.3.3.2.4 (there is no equivalent in BS 8110) gives 
an expression for punching shear capacity VRd in untopped hcu as:

	 V b hf f VRd eff ctd cp ctd Ed p= + ≥( . / ) ,1 0 3ασ reaction from the point  load s( )FEd 	 (5.36)

where 

beff	 = effective widths of webs according to Figure 5.35
h	  = depth of unit
α	  = lx/lbpd ≤ 1 if the point load is within a distance less than the flexural development length.

By rearranging Eq. (5.32), VRd is equal to the shear-tension capacity of the webs (beff h fctd) plus 
0.3 times the effective prestress in the webs (0.3α σcp beff h), similar to historic values. VRd is 
heavily influenced by the width of the footprint relative to the breadth of the cores, particularly if 
w < ½ core breadth, e.g. in some deeper slip-formed units core breadth = 150 to 250 mm. Clause 
4.3.3.2.4 states that if w < ½ core breadth, h in Eq. (5.32) is replaced by hf (top flange depth) and 
beff = w. There are several complications at free edges in the outermost web, for which the best solution 
is to open and in situ infill the first core. Clause 4.3.3.2.4 states that if more than 50 per cent of 
the load is acting on the outermost web (i.e. only two webs active), Eq. (5.36) is applicable if one 
tendon is in that web and transverse reinforcement is present, i.e. in reality a structural topping with 
As = FEd/0.87fyk locally. The topping could be localised over the edge unit if it is possible for this to be 
(say) 50 mm shallower than the rest of the units. If one or both of these is not satisfied, then  
use 0.5 VRd.

BS EN 1168 does give guidance in the case of two point loads in close proximity, or what that 
proximity might be in both longitudinal and transverse directions of the unit. If the transverse  
gap between the point loads is greater than 2beff, they may be considered separately. However, as 

Figure 5.35  Effective breadth of webs under action of punching shear (reproduced from BS EN 1168 Figure 
5(a) and (b)).
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many point loads in hollow-core floors are due to trimmer angles at voids, they will be acting together. 
This is dealt with by drawing a shear force diagram VEd,p for multiple point loads FEd′s such 
that VEd,p ≤ VRd.

Consider a point dead load of 50 kN acting over a footprint 300 mm square at 1.0 m from the centre 
of support of a 6.0 m, simply supported, 200 mm-deep hcu. The unit is grouted in and the load is not 
at a free edge. The hcu contains 140 mm-wide cores and 40 mm webs. Concrete fck = 45 N/mm2, 
fctd = 1.77 N/mm2, axial prestress γp,fav σcp = 0.9 × 4.95 = 4.46 N/mm2, the unit contains 12.5 mm 
strands such that lbpd = 1410 mm. If the bearing length is 100 mm, α = (10 000 + 100/2)/1410 = 0.744. 
Referring to Figure 5.35(a), a 300 mm-wide footprint will be resisted by two webs; then beff = 80 mm. 
Thus Eq. (5.36)

VRd = × × + × × × =−80 200 1 77 1 0 3 0 744 4 46 1 77 10 44 23. ( . . . . ) ./  kN

Maximum reaction from the load VEd = 1.35 × 50 × (6.0 − 1.0)/6.0 = 56.3 kN > 44.2. Fails.
Concentrated point and line loads, anywhere on the floor slab, are in accordance with BS EN  

1168, clause 4.3.3.2.5. The first decision is whether the hcus are grouted to form a complete floor. If 
this is not the case (isolated units), the limiting tension is fctk,0.05 (= 0.7fctm) and the capacities are at 
the serviceability limit state qk and Fk. If the units are grouted to permit transverse load distribution, 
the limiting tension ft = fctd (= 0.7fctm/1.5) and the capacities are now at the ultimate limit state qd 
and Fd.

BS EN 1168 does not explain how to deal with multiple loads in close proximity, nor diagonally 
crossing loads, but these should be resolved into loads parallel with the longitudinal span as long as 
the load is covering at least a width of one core plus one web. For multiple loads in close proximity, 
the shear force diagram may be drawn such that the design shear force should not exceed the capaci-
ties in Eqs. (5.37 to 5.39).

For a linear (line) load not at an edge

	 q W f l bk lb ctk= +20 20 05, . / ( ) 	 (5.37)

For a linear (line) load at an edge

	 q W f l bk lt ctk= +10 20 05, . / ( ) 	 (5.38)

For a point load anywhere

	 F W fk l ctk= 3 0 05, . 	 (5.39)

where Wlb and Wlt	 = section modulus in transverse direction per unit length in the bottom and top 
fibres, respectively.

Wl is smaller of Wlb or Wlt

l	 = length of the line load
b	 = breadth of unit.

The section modulus W is calculated from the second moment of area, taking a longitudinal cut 
through the unit, and considering the top and bottom flanges as rectangles 1 mm wide. For example, 
if h = 200 mm and both flanges have thickness hf = 40 mm, Il = 522 667 mm4/mm, Wl = 5227 mm3/
mm. If fctk,0.05 = 0.7 × 3.80 = 2.66 N/mm2, length of line load = 1000 mm and b = 1200 mm, then for 
an innermost line load Eq. (5.37)

qk = × × ≤ =20 5227 2 66 3400 81 7. / . .N/mm 81 7 kN/m service load for an  isolated unit.
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If the start of the line load is less than b from the end of the unit, the load spread term (l + 2b) is 
reduced, e.g. if the same line load starts at 600 mm from the end of the span, (l + 2b) = 600 + 1000 
+ 1200 = 2800 mm, and qk = 99.3 kN/m. If the floor slab is grouted, part of the load will be distributed 
across the longitudinal joints and the ultimate capacity is now qd = 20 × 5227 × 1.77/3400 ≤ 54.4 kN/m. 
If this is a dead load, then qk = 54.4/1.35 = 40.3 kN/m. Line loads at edges Eq. (5.38) are half of 
the above.

Global resistance to point loads is given in Eq. (5.39). The size of the footprint is not given, but at 
least 300 mm is prudent. This is not the same as a punching shear capacity, but is derived in the 
manner in which full-scale test behaviour shows longitudinal splitting running through the entire 
span. However, for the same example, Fk = 3 Wl fctk,0.05 = 3 × 5227 × 2.66 = 41.7 kN on an isolated unit, 
and Fd = 27.8 kN on a grouted floor.

This section has considered the local load capacities of hcus in a one-way spanning floor slab.  
If the edge unit is supported along one edge by a gable wall or beam, the unit is classed as sup
ported on three edges and is subjected to shear, bending and torsion. BS EN 1168, clause 4.3.3.2.6 
provides semi-empirical data for the imposed service load capacity (excludes self-weight) of such 
units as

	 q W f lk t ctk= , . / .0 05 0 06 2 	 (5.40)

where 

Wt	 = elastic torsional section modulus = 2t (h − hf)(b − bw)
t	  = min(hf ; bw).

Continuing the same example, with bw = 50 mm outermost web, Wt = 2 × 40 × 160 × 1150 = 14.72 
× 106 mm3. qk = 14.72 × 106 × 2.66/(0.06 × 60002) = 18.12 kN/m2. This imposed load (assumed to be 
all live load) would exceed the service moment of resistance of the hcu considered, and is therefore 
shown to be not critical should it happen to be supported on three edges.

5.2.11  Anchorage and bond development lengths

The notion of anchorage and bond transfer lengths in prestressed concrete is well established. However, 
in cases where helically wound strand is used as the prestressing medium, the unique properties give 
rise to increased stress transfer lengths, known as total anchorage lengths in BS EN 1992-1-1 {or 
‘development lengths’ in BS 8110}. These distances are indicated in Figure 5.14. Development lengths 
may be of the order of 1.5 to 2.0 m for 12.5- or 12.9 mm-diameter strand and therefore must form 
part of this study so that the designer can assess the implications of flexural cracking in this region. 
The situation is exacerbated by the fact that shear, which is most critical at about 0.5 h from the 
support at the narrowest point in the web, relies entirely on the development of prestress.

When the tendon is released at transfer, frictional bond stresses develop around the tendon. Equi-
librium is reached when the total bond force equals the prestressing force in the tendon, and the 
tendon stops slipping. The length of tendon necessary to reach the state of equilibrium is called the 
‘transmission length’ lpt in BS EN 1992-1 {or ‘transfer length’, lt in BS 8110}. Typical values for lt are 
40 to 80 diameters, and so 70 {50} diameters is frequently used in design for strand, and 100 {100} 
for plain or indented wire. A major difference in BS EN 1992-1-1 compared with BS 8110 is that lpt 
is a function of the prestress in the tendons at transfer/release σpm0. It is also subject to an upper-bound 
factor of 1.2 for ultimate design, e.g. for VRd,c. When checking service stress limits, such as for slippage 
or bursting stresses, a lower bound is used lpt1 = 0.8 lpt.

A comparison of transmission length/diameter ratio, between EC2 and previous research data, is 
shown in Figure 5.36. Most of the research uses 12.7- and 15.2 mm-diameter strand, except in Kong’s 
work for 5- and 7 mm-diameter wires. It is clear that the research data are nearly all below the 
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requirements in EC2. The discrepancies are even greater when the 1.2 lpt factor is added. There is 
clearly scope for ‘improvement’ in the EC2 values, i.e. experimental evidence that lpt is reduced in hcus 
cut from long line production, where the fully developed anchorage bond is interrupted during the 
sawing operation, rather than developing from a cast end.

Figure 5.37 shows some experimental results produced by Elliott for the UK Precast Flooring Fed-
eration. Soffit strains were measured from the ends of hcus pretensioned using 5 mm wires to about 
fbc(t) = 11 N/mm2. Using σpm0 = 1158 N/mm2, and fbpt = 2.8 N/mm2, lpt was calculated as 515 mm, hence 
1.2lpt = 618 mm. Figure 5.38 shows the measured transmission length is between 260 and 340 mm, 

Figure 5.36  Normalised transmission length between EC2 and past research data.
Note:  EC2 data do not contain the 1.2 lpt factor.
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with a mean value of 313 mm, i.e. 61 per cent of lpt. Furthermore, using 1.2lpt = 618 mm the 
design value for these units was VRd,c = 71.1 kN, compared with the average ultimate shear capacity 
in the six tests of 138.4 kN and a 95 per cent characteristic strength of 125.5 kN. A more meaningful 
comparison is to (i) replace 1.2lpt with 315 mm; (ii) remove all partial safety factors from the design 
equation, i.e. γm,fav = 0.9 and γm = 1.5; (iii) substitute actual material properties for design strengths, 
and (iv) recalculate VR,mean = 125.6 kN. This is equal to the 95 per cent characteristic strength of 
125.5 kN and shows that, with further research, there may be scope to reduce transmission lengths  
in hcus.

Previous research has shown that transmission lengths are longer at the end where the prestress is 
released at a cast end, compared to the remote dead end. In the case of hcus the prestress never 
develops at a ‘cast’ end, but always at a ‘dead’ end during cutting. Russell et al. [5.45] showed an 
increase in Lt of 34%; Kaar et al. 20%, and Oh and Kim (2000) [5.46] 16% and 13% for 12.7 and 
15.2 mm strands, respectively. It is possible that EC2 equations are based on transfer at a cast end, 
and have not taken into consideration the unique manufacturing practice for hcus.

If a flexural crack occurs within the transfer length it is not possible to develop the full pre
stressing force, because the equilibrium has been destroyed. Thus in flexurally cracked concrete an 
additional length is necessary to ensure that the ultimate stress in the tendon is developed.  
This additional distance is called the ‘flexural-bond length’, and the total length is the ‘development 
length’ lbpd {ld}.

The stress at the end of the transfer length is equal to the prestress after losses. The stress at the 
end of the development length is equal to the rupture stress in the tendon. Thus if a flexural crack 
occurs at a distance x from the end of the slab (Figure 5.14), then if:

	 x > lbpd {ld}, full flexural capacity is achieved;
	 lpt {lt} < x < lbpd {ld}, the capacity is larger than the flexural cracking moment, but smaller than the 

ultimate moment;
	 x < lpt {lt} the anchorage capacity is smaller than the cracking moment, so that failure occurs sub-

sequent to flexural cracking. Also the cracking moment is reduced owing to incomplete develop-
ment of prestress in that zone.

Figure 5.38  Transmission length versus ultimate shear resistance of 150 mm-deep prestressed hollow-core 
slabs pretensioned using 5 mm wire.
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BS EN 1992-1-1, clause 8.10.2.2 [5.1].
For helical strand with gradual release of 

prestress. ‘Good’ bond conditions are 
known.

(Eq. 8.16) lpt = 0.19 σpm0 ϕ/fbpt

(Eq. 8.15) fbpt = 3.2 fctd(t)

σpm0 = tendon stress at release.
For plain and indented wire:
lpt = 0.25 σpm0 ϕ/fbpt

fbpt = 2.7 fctd(t)

(Eq. 8.18) Design lpt2 = 1.2 lpt

Eq. 8.19 calls for the greater of 1.2 lpt or a 
dispersion length ldisp. It is found that 1.2 
lpt is critical for hollow-core.

(from Eq. 8.21)

l l
f

bpd pt
pd pm

ck

= +
− ∞

2 2 3
1 131.

( )
/

σ σ
φ

where
f fbpd ck= 0 168 2 3. /  (from Eq. 8.20)
for strands and
f fbpd ck= 0 196 2 3. /  for wire
σpd is the tendon stress for a cracked section 

where the concrete stress > fctk,0.05

σpm∞ is the prestress after all losses.

(5.41)

(5.42)

Walraven and Mercx [5.14] have reported 
that the ACI Code [5.37] formulae for:

l ft pe= φ
21

l l f fd t pu pe= + −( )φ
7

are adequate, where
ϕ = bar diameter.
BS 8110, Part 1, clauses 4.3.8.4. and 4.10.3 

give ld as the greater of h, or K ft ciφ / , 
where Kt = 240 for strand, 400 for 
crimped wire and 600 for plain wire.

Finite element work by Akesson [5.47] has 
simulated the bond around 7-wire 
12.9 mm-diameter helical strands in 215, 
265 and 380 mm-deep hollow-core slab 
sections shown in Figure 5.39. The 
concrete strength was 47.5 N/mm2. The 
main objectives of the study were to 
determine the extent of cracking in the 
interface, measure transmission lengths, 
and compare strand slippage with actual 
values measured by Tassi [5.48] and 
Gylltoft [5.49]. The strands were stressed 
to fpe = 0.54 fpu to 0.60 fpu and the results 
show transfer lengths were in the order of 
340 mm, i.e. 26ϕ. In other words the 
denominator in Eq. (5.41) would read 38, 
not 21. The strand slippage was about 
0.8 mm. A failure analysis was also carried 
out using fpe = fpu, whereupon lt increases 
to 719 mm and the slippage increases to 
2.19 mm in the worst case.

Figure 5.40 shows contours of the splitting 
stresses through the centre of the web. 
The maximum stress is 2.18 N/mm2, i.e. 
0 32. fcu , which under normal 
circumstances would probably not lead to 
cracking. However in this case cracking 
was found in the concrete closest to the 
interface over a distance of between 172 
and 191 mm.

(5.41)

(5.42)

High concrete strengths do not guarantee good anchorage capacity; that depends mainly on good 
compaction around the tendon. There is more laitance around the strands in units produced by  
the extrusion process (compared with slip-forming), which may have a slight effect on the bond 
characteristics.

5.2.12  Slippage of tendons

Slippage (sometimes called ‘pull-in’) ΔLo is the shortening of tendons after transfer of prestress. It is 
the cumulative effect of movement of tendons relative to the concrete due to bond slip within the 
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transmission length, lpt {lt}. It appears at the ends of prestressed elements, as shown in Figure 5.41 
and 5.42, and gives an indication that prestress has developed correctly, particularly in the transmis-
sion zone, but it is not a definitive measurement of prestress.

The subject is comprehensively reviewed and the relationship between ΔLo and lt analysed in a 
thesis by Paul Kong [5.50]. Referring to Figure 5.41:

εsi − εsx = steel strain change at distance x after transfer
εcx = concrete strain at distance x after transfer
(εsi − εsx) − εcx = steel strain change at distance x after transfer net of concrete strain

Figure 5.39  Finite element mesh used by Akesson [5.47].

Figure 5.40  Principal tensile stress contours around tendons by Akesson [5.47].
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(5.43)

where σpm0 is the prestress at transfer {fsi}.
BS EN 1992-1-1, clause 8.10.2.1 specifies a linear increase in prestress, and so ΔLo = fsi lt/2 Ep. 

However, BS 8110 specifies a parabolic increase and so ΔLo = fsi lt/3 Ep. If it is linear-parabolic (as 
shown in the strain distributions in Figure 5.37), it takes the familiar form

	 ∆L f l E f l Esi t p si t po = =/ . . /2 5 0 4 	 (5.44)

Slippage is routinely observed (and often measured and recorded) by manufacturers of hollow-
core, as shown in Figures 5.42 and 5.43, according to methods given in BS EN 13369:2013, clause 
4.2.3.2.4, Common Rules for Precast Concrete Products. A single measurement is required for single 
wires, but in the case of helical strand, where the slippage across a single strand will vary as the saw 
progressively cuts through the wires, the mean of three circumferentially positioned measurements 
is required on the outer wires. In typical production, with good-quality and well-graded aggregates 

Figure 5.41  Pull-in and slippage of 5 mm-diameter wires.

Slippage
approx.
6 mm 

Pull -in approx 1 mm

Figure 5.42  Slippage of 9.3 mm-diameter helical strand between 2 and 10 mm.
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(particularly fine aggregate grading around the 1 mm sieve size), adequate maturity and careful deten-
sioning and sawing operations, slippage is about 1 to 2 mm. Theoretically it cannot be zero, but often 
appears to be so. Slippage of wire tends to be more consistent than with strand, particularly if there 
is a concentration of large-diameter strands in a small area, and is quite common if a group of three 
strands are positioned in a line rather than in a triangular formation.

The limit for slippage is a manufacturing issue, rather than a design issue, and as such is not given 
in BS EN 1992-1-1 or BS 8110. However, BS EN 13369, clause 4.2.3.2.4 states that mean slippage in 
an element (both ends) should not exceed:

	 ∆L l Ept pm po = 0 4 2. /σ 0 	 (5.45)

and for an individual tendon not more than 1.3Δo.
For an example of strand, if σpm0 = 0.7 × 1770 × 0.95 (5% loss), and lpt2 = (say) 600 mm, ΔLo = 

0.4 × 1177 × 600/195 000 = 1.45 mm, and 1.3ΔLo = 1.88 mm. These are reasonable limits to work 
to, but this clause does not explain how, or whether, the capacity of a prestressed element may be 
reassessed if ΔLo is exceeded. Clearly if the measured slippage δs > ΔLo by 2 or 3 mm in a couple of 
tendons, the effect on transmission length and mechanical strength will be small, but if δs = 5 or 6 mm 
in all tendons, re-analysis for residual prestress, or rejection of the unit, are possible courses of action. 
The FIP Manual: Quality assurance of hollow-core slab floors, clause 3.5.3 [5.51], gives a production 
limit based on an upper-bound value for transmission length l ft pm cu= 13 0φ σ /  and slippage ΔLo = ½ 
εpm0 lt. For example, consider an hcu with fci = 35 N/mm2, with 12.5 mm strands stressed to 
70% × 1770 N/mm2 and 5% losses at transfer, lt = × × =13 12 5 1177 35 942. / mm, and ΔLo,limit = 0.5 
× 0.00604 × 942 = 2.85 mm. This is multiplied by 1.5 for an individual tendon ΔLo,limit = 4.3 mm, and 
this would be an acceptable limit. The PCI Manual for the design of hollow-core slabs (Section 2.6.1) 
[5.13] suggests a ‘free end slip’ Δct = fsi db/950 (Imperial units) that approximates the shortening over 
the transfer length, i.e. ΔLo,limit = lpt2 σpm0/Ep = 3.6 mm for the same example. The evidence now suggests 
that if δs ≤ ΔLo as per Eq. (5.45) no action is required, but if ΔLo < δs ≤ ΔLo,limit some reassessment is 
advisable.

The PCI Manual also offers a method to back-calculate transmission length from slippage, i.e. if 
δs > ΔLo, then lt = 2 Ep/fsi δs, and goes on to determine the total anchorage length {flexural development 
length}, as explained later.

For the relationship between slippage and residual prestress, some designers of hcus take the FIP 
limit for a tendon to be non-contributory, and recalculate the capacity on a reduced number of 

Figure 5.43  Strand and concrete strain profiles without slippage, both assumed linear according to BS EN 
1992-1-1.
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tendons. Others use a linear scale to determine residual prestress, taking the ratio of prestress with/
without slippage from 1.0 where δs = ΔLo, to zero, where δfree = free elastic shortening over half the 
length of the unit for the tendons having δs > ΔLo. Then δfree = 0.5 L σpm0/Ep.

Continuing the example above, let slippage δs,mean = 4.0 mm occur in half the number of tendons 
in an hcu of 6.0 m length. Now δfree = 1177 × 3000/195 000 = 18.1 mm. The prestress in tendons 
with slippage is given pro rata as (δfree − δs)/δfree) σpm0 = ((18.1 − 4.0)/18.1) × 1177 = 917 N/mm2. The 
mean effective prestress σpm0,eff = (0.5 × 917 + 0.5 × 1177) = 1047 N/mm2, and this is used to calculate 
losses due to instantaneous deformation, creep and relaxation, leading to reduced values of σpo, fbc 
and hence Msr. Comparison can be made with the research by Evans [5.52], who measured the loss 
of strain at the end of the transmission zone as 0.14 δmean/Lt = 0.14 × 2.7/600 = 0.00063, where 
δmean = (0.5 × 4.0 + 0.5 × 1.45) = 2.7 mm. Then the residual strain is 0.00604 − 0.00063 = 0.00541, and 
residual stress = 0.00541 × 195 000 = 1055 N/mm2 (giving reasonable agreement with 1047 N/mm2).

The increase in lpt2 for strands with slippage is given as ′ = = × × =l Ept s p pm2 00 4 4 0 195 000 0 4 1177 1656δ σ/ . . / .  mm
. The mean length by superposition ′ = × + × =lpt mean2 0 5 1656 0 5 600 10 1128, ( . . ) /  mm. 

This is used to recalculate the reduced shear capacity VRd,c.
If δs > ΔLo, lpt2 and the total anchorage length lpbd are both increased. The PCI Manual [5.13] shows 

that the increase in lpbd is directly proportional to the increase in lpt2, i.e. l l l lpbd mean pbd pt mean pt, , /= ′ 2 2. Thus 
for the example, it is found from the above that the final prestress (with no slippage) is 970 N/mm2 
and σpd = maximum allowed (according to BS EN 1992-1-1, Fig. 3.19) = 1517 N/mm2. Then (Eq. 
8.20 & 8.21) lpbd = 600 + 0.19 × 12.5 × (1517 − 970)/(1.2 × 1.0 × 1.77) = 1212 mm, so lpbd mean, /= × =1212 1128 600 2278 mm

. If this distance is greater than half the span of the floor unit, full flexural 
capacity cannot be achieved.

Figure 5.44 shows stress profiles for this example for strands with and without slippage. Based on  
this stress profile, the service and ultimate moments of resistance Msr and MRd may be computed at 
positions in the span, and compared with design service and ultimate moments, as shown in Figure 5.45.

Slippage will cause a reduction in camber according to the effective prestress. Changes in lpt2 have 
no influence on flexural stiffness when calculating floor deflections due to live loads, but would nev-
ertheless result in greater long-term positive deflections due to reduced visco-elastic negative camber.

5.2.13  Calculation of crack width

Prestressed concrete elements designed as Class 1 or Class 2 (limiting tensile stress of zero or fctm 
{0 45. fcu }) should not, by definition, require a check for crack width, and such has been the practice 

′ = = × × =l Ept s p pm2 00 4 4 0 195 000 0 4 1177 1656δ σ/ . . / .  mm

lpbd mean, /= × =1212 1128 600 2278 mm

Figure 5.44  Stress profile for the worked example of the transmission and anchorage lengths, with and 
without slippage.
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for many years. BS 8110 Class 3 elements which have a hypothetical crack width of 0.1 or 0.2 mm, 
have likewise not been the subject of crack-width checks. Unacceptable cracking may be avoided if 
the level of prestress does not exceed 0.75 fpk in service, typically 1330 N/mm2, which is uncommon 
and means that the initial prestress needs to as high as 0.85 fpk.

BS EN 1992-1-1, clause 7.1(2) states that for the purpose of calculating crack widths, service stresses 
should be for the flexurally uncracked section and the flexural tensile stress ≤ fctm. Further, clause 
7.3.2(4) states that where crack control is necessary no minimum reinforcement is required providing 
that, under characteristic loading, the tensile stress is less than fctm. This is always the case; as the only 
time characteristic loading is not used, the limiting tensile stress is zero for exposure classes greater 
than XC1, according to Table 7.1N (from the UK NAD Table NA4). Table 5.4 shows the part of Table 
7.1N applicable to prestressed concrete with bonded tendons. Note that Table 7.1N has not been 
accepted in all European countries, particularly for zero tension for exposure classes XC2 to XC4, 
where a limiting tensile stress of fctm/1.2 is used, for example. Although Table 7.1N suggests that crack 
widths are required by calculation, and should be ≤ 0.2 mm under the frequent load combination, it 
is not common practice to calculate crack widths. Two alternatives are therefore possible:

1.  Under the frequent combination of load the tensile stress is maintained as ≤ 1.65 fctm. This is 
proposed in Technical Report 43 [5.53], albeit on post-tensioned concrete slabs. This figure is 
generally in line with Class 3 stresses in BS 8110, i.e. 5.8 to 6.7 N/mm2.

2.	 Crack-spacing and crack-width calculations are undertaken according to clause 7.3.4.

The design crack width wk is the product of crack spacing sr,max and effective tensile strain between 
the steel bars εsm and the concrete εcm, allowing for tension stiffening, as:

	 w sk r max sm cm= −, ( ) ( . . )ε ε from Eq 7 8 	 (5.46)

Note that in calculating εsm only the additional strain (not the total strain) beyond the state of 
zero strain in the concrete should be considered, i.e. for prestressed concrete this means after 
decompression.

Figure 5.45  Moment of resistance distributions for the effects of slippage of tendons, showing increased 
transmission and anchorage lengths.

0

100

200

300

400

500

0.0 2.0 4.0 6.0 8.0 10.0

Distance from left hand support (m)

M
om

en
t (

kN
m

)

Ultimate moment of resistance

Design ultimate 
moment

Service moment of resistance

Service 
moment

Increased 
transmission 
length

Anchorage length



Design of Precast Floors Used in Precast Frames  297

The net strain is given as:
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For prestressed concrete, the steel stress σs may be replaced by Δσp. The stress variation in the tendons 

from the state of zero strain in the concrete at the level of tendons nearest to soffit = 
h a x

h x
fctm

− −
−

. 

See Figure 5.46. (Note that for reinforced concrete σs is the stress based on the flexurally cracked 
section.)

where a = axis distance = minimum cover + tendon diameter

x = depth to zero stress after decompression
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	 (5.48)

kt	  = 0.4 for long-term loading
fct,eff	 = fctm

αe	  = Es/Ecm

ρeff	  = Ap/Ac,eff

Ac,eff	 = area in tension zone to a height of min((h − x)/3; 2.5(h − d); 0.5 h)
′Ms 	 = service moment due to frequent load combination = 1.0 Gk + ψ1 Qk.

Table 5.4  Maximum crack width (mm) for prestressed concrete with bonded tendons

Class
designation

Frequent load combination
= 1.0 Gk + ψ1 Qk

Quasi-permanent load
= 1.0 Gk + ψ2 Qk

XC1 0.2 –

XC2
XC3
XC4

0.2 Decompression
i.e. zero tension in soffit*

XD1/XS1
XD2/XS2
XS3

Decompression
i.e. zero tension in soffit*

–

XD3 Depends on nature of aggressive agent

*  All wires lie at least 25 mm within concrete in compression, i.e. cover from soffit ≥ 25 mm.

Figure 5.46  State of stress used in the calculation of Δσp and crack width in prestressed concrete.
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Note that for the majority of prestressed sections that are critical at Msr based on fctm, x is very close 
to the bottom of the section, and because the bending stress ′M Zs t/  is from the frequent load < char-
acteristic load, decompression will not be attained and hence Δσp = 0.

The design crack spacing (mm)

	 s k c k k kr max eff, / ( . . )= +3 1 2 4 7 11φ ρ from Eq 	 (5.49)

where 

k1	 = 1.6, k2 = 0.5, k3 = 3.4, k4 = 0.425
ϕ	 = mean tendon diameter based on area (if mixed sizes at minimum cover)
c	  = minimum cover

Finally, check that tendon spacing < 5(c + ϕ/2) 	 ( . . .( ))from 7 3 4 3 	 (5.50)

See worked example in Section 5.6.

5.2.14  Cantilever design using hollow-core slabs

Cantilever spans of up to about 1.5 m long for units 200 to 250 mm deep may be designed using one 
of two methods. If no structural topping screed is used, one solution is to provide top steel in the 
cantilevered part and in the main span for a considerable distance, to provide a tie-back with an 
adequate factor of safety of 2. Figure 5.47 shows an example of 750 mm-long cantilever units with 
additional top steel. The disruption to production is considerable, as seen in Figure 5.48. The most 
onerous partial load factors are used. Figure 5.49 shows a 2.65 m cantilever in a negative bending and 
shear test. The 300 mm-deep hcu contained seven 9.3 mm-diameter strands in the top, with a design 
tensile force resistance of 561 kN. The negative bending moment due to self-weight and the applied 
load of 9.5 kN induced a top stress of −3.1 N/mm2 (tension) which, when added to the compressive 
prestress in the top, gave a net top stress of +0.5 N/mm2 (compression). There was no evidence of 
cracking and the deflections were fully recoverable.

Figure 5.47  Cantilevered hollow-core slabs.



Design of Precast Floors Used in Precast Frames  299

Figure 5.48  Making cut-outs in to the tops of hollow-core units to form reinforced concrete slots to resist 
hogging bending moments.

Figure 5.49  Cantilever hollow-core unit under negative moment and shear.
(Courtesy of Creagh Concrete Ltd., N. Ireland).
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Figure 5.50  Shear force and shear capacity diagram for cantilever hollow-core unit, showing regions of 
reduced shear in the main span (A) where flexural tension exceeds design tensile strength.
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The second solution is to use debonded strands so that no upward prestressing force is applied in 
the cantilevered portion, but this may be wasteful if the cantilever is short compared with the main 
span. Where debonded tendons are used, the transmission lengths for top steel should be increased 
by 50 per cent, owing to the varying nature of concrete close to the tops of units.

In either case there is considerable disruption to the manufacturing procedures and a cost increase 
in the order of 10 to 15 per cent.

The combined tensile stresses due to negative moment and prestress may exceed the design tensile 
strength of the concrete fctd {fct} in the region of the support. In this case the design ultimate shear 
strength should be reduced to the flexurally cracked capacity VRd,cr {Vcr} (see Section 5.2.10.3). This 
may have a serious consequence in the shear capacity of the main span. As an example, Figure 5.50 
shows the shear force diagram for a particular 200 mm-deep hcu containing a 1.5 m cantilever. The 
loading in the main span has been set to the most common criterion of being critical at the mid-span 
bending moment. This illustration shows that the ultimate shear is now exceeded only at the support.

5.2.15  Bearing capacity

The terminology used in BS EN 1992-1-1 and BS 8110 for bearing ‘lengths’ and ‘widths’ are different: 
BS 8110 uses ‘width’ measured with the span, whereas BS EN 1992-1-1 uses ‘length’ for this and 
‘breadth’ perpendicular to the span. In this book the BS EN 1992-1-1 terminology will be used, so 
bearing ‘length’ is parallel to the span and ‘breadth’ is perpendicular, e.g. in a hollow-core slab, length 
say a = 75 mm and breadth b = 1200 mm.

Nominal bearing lengths a {Lb} are specified on construction drawings, typically 75 to 100 mm on 
concrete, 75 mm on steelwork and 100 to 150 mm on masonry, depending on the quality and thick-
ness of the wall. The net bearing length a1 is less than a to account for manufacturing and construction 
tolerances, according to clause 10.9.5.2(1), Eq. 10.6 {clauses 5.2.3.7 and 5.2.4} as:

	 L a a a a a ab = + + = + + + +net  ineffective lengths allowance2 1 2 3 2
2

3
2∆ ∆ 	 (5.51)
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Tabulated values for the ineffective distances and allowances (BS EN 1992-1-1, Tables 10.2 to 10.4 {BS 
8110, Tables 5.1 and 5.2}) are given in Section 7.6.

The ultimate bearing capacity is:

	 F a b f F F L L f FRd Rd Ed R b w b u= < = <1 1 { } 	 (5.52)

The effective breadth b1, clause 10.9.5.2.(3) {width Lw (called ‘length’ in clause 5.2.3.3)} is taken as the 
actual breadth if a bedding material is used, such as mortar, neoprene strips, etc., but not greater than 
600 mm for slabs such as hcus on dry bearings.

The design procedure for bearing length Lb in BS 8110 is a simple addition of nominal and inef-
fective lengths. If the unit is isolated, i.e. its bearing capacity does not rely on other elements, add 
20 mm to Lb (5.2.3.5).

The design procedure in BS EN 1992-1-1 for a is iterative because the bearing stress σEd = FEd/a1 b1 
is required before a1 is calculated. However, for back-calculation to FRd the length a1 is already 
known. There is also a danger of entering a loop in the calculation of a1 when σEd/fcd is close to 
the limits of 0.15 and 0.4 in Tables 10.2 and 10.3; in this situation the greater value for a1 is used. 
Minimum values of a1 are given in Table 10.2, where ‘line supports’ include wide slabs such as hcu, 
plank, Omnia slab, etc. ‘Ribbed’ floors include double-tee units, beams in beam-and-block. ‘Concen-
trated’ supports include isolated beams in a beam-and-composite slab floor system. The ineffective 
lengths for line supports are: a2 {Table 10.3}, a3 = 5 (Table 10.4 for tendons exposed at ends of 
members), Δa2 = 10 ≤ span/1200 < 30 mm onto steel or precast, or Δa2 = 15 ≤ span/1200 < 40 mm 
onto brickwork or in situ concrete (Table 10.5), and Δa3 = ln/2500 (length ln).

The ultimate bearing stress to BS 8110 is (a) fb = 0.4 fcu for a dry bearing, where fcu is the weaker 
strength of the slab or support; (b) 0.6 fcu on a bedded material, and (c) 0.8 fcu for contact with steel 
plates that in size do not exceed 40 per cent of the dimension of the concrete units.

To BS EN 1992-1-1, clause 10.9.4.3(2) for a dry bearing fRd = 0.4 fcd, where fcd = fck/1.5 is the weaker 
strength. Otherwise fRd = 0.85 fcd, where fcd is the weaker strength of the slab, support or bedding 
material, such as elastomeric strip, or wet mortar bedding on plastic (not steel) levelling shims accord-
ing to the contractor’s preference. Normally spans up to about 10 m do not require bedding materials 
on steel or precast concrete supports. (Note that these values are not applicable to concentrated forces 
at ‘nodes’; see BS EN 1992-1-1, Section 6.5.4. and Section 7.6.1.)

For example, the required nominal bearing length for a 1200 mm-wide hcu spanning 6.0 m and 
subject to an ultimate reaction of 200 kN, with a dry bearing onto a precast concrete beam grade C32/40:

fRd = 0.4 × 32/1.5 = 8.53 N/mm2 fb = 0.4 × 40 = 16.0 N/mm2

b1 = min(600;1200) mm Lw = min(600;1200) mm
a1 = 200 × 103/(600 × 8.53) = 39 mm Lb = 40 + 20 + 10 = 70 mm
σEd/fcd = (200 × 103/600 × 39)/(32/1.5) F = 200 × 103/600 × 40 = 8.33 N/mm2 < 16
= 8.55/21.33 = 0.4

a1 ≥ 30 mm < 39 OK, a2 = 10 mm, a3 = 5 mm, 
Δa2 = 10 mm, Δa3 = 2.4 mm

Then a = 39 + 10 + 5 + 10.3 = 64.3 mm, 
use 65 mm.

Note that in this example σEd/fcd is on the borderline between sets of values in Tables 10.2 and 10.3. 
If it happened that σEd/fcd is just greater than 0.4, then a1 = 40 mm, a2 = 15 mm, a3 = 5 mm, Δa2 = 10 mm, 
Δa3 = 2.4 mm, such that a = 70.3 mm. But now σEd/fcd = (200 × 103/600 × 40)/21.33 = 0.39 and 
a1 ≥ 30 mm once more, entering the loop. In this case use a = 70 mm.

5.2.16  Wet cast hollow-core f﻿looring

Not all hollow-core flooring units are manufactured using the long line extrusion or slip-forming 
methods described above. These types of unit are described as ‘dry-cast’ because of the very low water 
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content in the mixes. However, wet-cast units are manufactured to the typical profiles shown in Figure 
5.51. There are two main types:

(i)	 concrete manually placed into moulds around void formers, either prestressed or reinforced
(ii)	 concrete placed by machine into vibrating moulds around mandrel void formers that are extracted 

after casting, only reinforced.

For type (i), the cores may be formed using prismatic blocks of high-density polystyrene (approx.  
3 kg/m3) in lengths of about 2 m, with short solid sections of 300 mm between the ends. The ends 
of the hcu are solid for a distance of about 500 mm. The process involves three stages – (a) casting  
the bottom flange, typically 50 mm minimum thickness, to enable adequate cover to the soffit  
and infill block; (b) placing the infill blocks; and (c) second casting of the webs and top flange. The 
time delay between (a) and (c) should not be more than about 45 minutes (depending on consistency 
of the mix), as it is important to achieve coarse aggregate penetration between the two layers. The 
development of prestress through the flange–web interface must be assured. The introduction of self-
compacting concrete (SCC) has made the operational task of using such delicate core-former materials 
easier. However, the cast joint after stage (a) can be smooth owing to the thixotropic nature of SCC, its 
absence of bleeding, and the tendency of coarse aggregate to settle beneath its surface. Consequent 
horizontal cracks may be seen along the casting line at the ends of the unit, where bond stress in the 
transmission zone and vertical splitting stresses (known as ‘spalling stresses’ in BS EN 1168) are great-
est. Hollow-core units manufactured using SCC should therefore be tested for shear flow across the 
casting line at transfer, and tested in shear. There remains a tendency for the buoyancy of the polysty-
rene to cause problems in maintaining the thickness of the top flange. Straps across the top of the 
moulds are used to support the blocks. Tying the blocks to the bottom tendons should be avoided.

Type (ii) (Figure 5.9) are cast upside down into trapezoidal moulds, 600 mm wide at the bottom (at 
the top when cast) by 150 or 225 mm deep (for the purpose of 75 mm brick courses). The mix is semi-
dry with w/c = 0.4, allowing a machine to make two passes over the mould, which has (typically) five 
circular mandrels forming the cores, as shown in Figures 5.52 and 5.53. The reinforcement cage, com-
prising (typically six) rebars of H8 to H20 size, and transverse bars H8 at 200 centres, is spot-welded 
and lifted into position automatically, giving 25–30 mm cover. Immediately after the second pass of the 
casting machine, and following mould vibration for several seconds, the mandrels are withdrawn, a steel 
plate is lowered onto the top of the cast surface, and the entire slab is lifted and inverted into its rightful 
position ready for 24 hours’ steam curing. The casting operation takes around three minutes.

To be competitive in terms of load capacity versus span, these units must be designed to BS EN 1992-
1-1 using the partially cracked section for deflections (clause 7.4.3(3), Eq. 7.18 and 7.19), and quasi-
permanent live loads with ψo = 0.3. BS 8110 does not permit the use of the partially cracked section.

In tests, the section responds linearly before cracking, and measured deflections are 5 to 10 per cent 
lower than predicted values using calculated values for Ecm(t) (see Table 3.1). The cracking moment of 

Figure 5.51  Wet cast hollow-core floor slab profiles.
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Figure 5.52  Second pass of the semi-dry concrete mix to manufacture reinforced hollow-core slabs. The top 
of the mould is the bottom of the slab. Manufactured by Creagh Concrete, N. Ireland.

Figure 5.53  After turning over, steam curing of reinforced hollow-core slabs. Manufactured by Creagh 
Concrete, N. Ireland.

resistance can be reasonably well predicted using a flexural tensile stress fctm,fl (see clause 3.1.8(1)). 
However, the post-cracking stiffness reduces quickly, and the tension stiffening term in BS EN 1992-
1-1, Eq. 7.19, of 2 can reach 3, 4 or 5, particularly in the lightly reinforced section. However, using 
the tensile stress at cracking as fctm (rather than fctm,fl) in deflection calculation renders BS EN 1992-1-1, 
Eq. 7.19 reasonable. The ultimate mode of failure is by excessive yielding of rebars and is 
predictable.
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The UK market for wet-cast hcu is small (around 5 per cent of the precast flooring market) but 
up to 40 per cent of the North European market for domestic hollow-core is prestressed (or rc) wet-
cast into moulds of fixed dimensions (length and width) and stockpiled for building contractors to 
purchase as the need arises. This is not the case with long-line manufacture, which is mostly made to 
order.

Section properties and moment and shear capacities are comparable with the dry-cast units and 
self-weights are lower in the deeper units, e.g. 300 mm. The big advantage with the wet-cast method 
is that additional reinforcement may be added to standard cages for any special requirement, e.g. point 
loads, large voids, high shear, cantilevers, etc. The cost penalty is small.

The American trade name for this type of unit is ‘Span-Deck’, and they have been used for floors, 
walls and self-finished cladding panels, as illustrated in Figure 5.54. Manufactured in a two-part 
process; a 50 mm-thick (and sometimes lightweight concrete of low strength) soffit is first cast, 

Figure 5.54  Wet cast hollow-core units used for floors as well as walls (courtesy of Span-Deck, US).
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followed by the webs (which contain the prestressing tendons) and the top flange. Voids are formed 
using fibreglass or timber formers, which are drawn out 24 hours after casting.

5.2.17  Summary examples of product design data

Data in Chart 5.1 is for hcus with a small number of large cores, typically six in a 200 mm-deep unit, 
and Chart 5.2 with a larger number of large cores, typically eleven. They are derived for a particular cross 
section of slab, and should not be used for commercial design of floor slabs. Current product data 
should be referenced for this purpose, since they may have different sectional and material properties.

Although Chart 5.2 gives the most widely used design data, further information is often required 
to enable a designer to check the behaviour of the floor slab if more than just the service and ultimate 
moments are required. For example, in composite design conditions the designer needs to be able to 
check the stresses at the different loading stages, and to calculate the depth to the centroid of the 
tendons. Therefore, to complete the design data file, prestressing magnitudes and tendon locations 
are given in Chart 5.3.

Chart 5.1  Example non-composite section properties and load capacities for 150 to 250 mm-deep 
prestressed concrete hollow-core slabs with large cores and narrower webs

Sample section properties

b = 1197 tapering to 1160 mm
Ac (net) = 127 200 mm2

Ixx = 633 × 106 mm4

bw = 236 mm
Concrete grade C50/60
Transfer grade C30/40
Gravel aggregates

h = 200 mm
yt = 101.0 mm
Zt = 6.267 × 106 mm3

Lb = 75 mm
fpu = 1770 (1670 for 7 dia.) N/mm2

yb = 99.0 mm
Zb = 6.394 × 106 mm3

Sxx = 4.17 × 106 mm3

Unit type 100 /A Aps c′
Cores
no. × dia.

To BS EN 1992-1-1 To BS 8110

Msr

(kNm)
MRd

(kNm)
VRd,c

(kN)
Ms

(kNm)
Mu

(kNm)
Vco

(kN)

15/7322 0.171 8 × 96 37.7 48.8 87.8 36.5 49.5 96.2
15/7622 0.224 44.7 61.3 92.5 44.0 62.5 99.8
15/96 0.260 48.8 69.0 94.1 48.4 71.2 101.3
15/97 0.351 58.8 87.6 96.2 59.0 88.0 105.7

20/3643 0.129 6 × 150 60.8 72.0 78.4 59.0 73.2 80.6
20/76 0.152 67.4 83.7 81.1 66.1 84.9 82.2
20/77 0.206 80.0 111.6 82.7 80.3 112.8 85.7
20/78 0.271 95.4 136.6 84.2 95.8 134.8 88.7

25/68 0.186 5 × 175 125.5 165.5 120.1 123.3 167.6 123.7
25/88 0.248 150.3 214.2 125.1 149.3 218.1 131.9
25/108 0.310 173.9 252.6 129.7 173.8 249.5 138.9

Notes:  ′Ac  = gross nominal cross-sectional area including voids, e.g. 1200 × 200 mm2.
Serviceability moments are for Class 2, XC1 elements.
Shear forces are calculated for a 75 mm bearing at each end of the unit.

Key:	 First digits: 15, 20, 25 = nominal depth in cm
Each following pair of digits gives the number and type of bar:
	 type 2 = 5 mm dia. wire (area = 19.6 mm2)
	 type 3 = 7 mm dia. wire (area = 38.5 mm2)
	 type 6 = 9.3 mm dia. strand (area = 52 mm2)
	 type 7 = 10.9 mm dia. strand (area = 71 mm2)
	 type 8 = 12.5 mm dia. strand (area = 93 mm2)



306  Multi-storey Precast Concrete Framed Structures

Chart 5.2  Example non-composite section properties and load capacities for 1200 × 200 mm-deep 
prestressed concrete hollow-core slabs with eleven narrow cores and wider webs

Basic section properties

b = 1200 tapering to 1165 mm
Ac (net) = 142 311 mm2

Ixx = 628.1 × 106 mm4

bw = 544 mm
Concrete grade C40/50

h = 200 mm
yt = 102.7 mm
Zt = 6.1154 × 106 mm3

Lb = 75 mm
fpu = 1570 N/mm2

No. of 58 mm wide voids = 11
yb = 97.3 mm
Zb = 6.4558 × 106 mm3

Sxx = 4.21 × 106 mm3

Aps = 19.6 mm2/wire

Unit type 100 /A Aps c′

To BS EN 1992-1-1
Fire rating = 1 hour

To BS 8110
Fire rating = 2 hours

Msr

(kNm)
MRd

(kNm)
VRd,c

(kN)
Ms

(kNm)
Mu

(kNm)
Vco

(kN)

R (0 + 8) 0.065 40.6 36.7 115.5 36.54 35.94 129.8
R (0 + 10) 0.082 44.7 45.4 120.4 40.35 44.58 133.0
R (0 + 12) 0.098 48.8 54.1 125.1 44.09 53.10 136.1
R (0 + 14) 0.114 52.7 62.3 129.4 47.64 61.33 139.0
R (0 + 16) 0.131 56.5 70.4 133.5 51.13 69.43 141.8
R (0 + 19) 0.155 62.2 82.9 139.2 56.55 81.88 145.8
R (0 + 21) 0.172 65.7 90.6 142.8 59.84 89.60 148.4
R (0 + 23) 0.188 69.1 98.1 146.1 63.14 97.24 150.9
R (0 + 25) 0.204 72.4 105.5 149.3 66.30 104.60 153.2
R (0 + 27) 0.221 75.6 112.7 152.3 69.46 111.80 155.6
R (0 + 29) 0.237 78.7 119.8 155.2 72.56 117.60 157.8
R (0 + 31) 0.235 81.6 126.7 157.9 75.53 122.60 160.0
R (0 + 33) 0.270 84.1 132.4 160.7 78.05 125.60 162.1

Notes:  ′Ac  = gross nominal cross-sectional area including voids, e.g. 1200 × 200 mm2.
Serviceability moments for Class 2, XC1 elements.
Shear forces are calculated for a 75 mm bearing at each end of the unit.

Key:	 Letters: R = manufacturer’s code.
Following pairs of digits give number of 5 mm wires in top and bottom of slab, respectively.

Exercise 5.1

Design a 200 mm-deep non-composite dry-cast hollow-core slab to carry a superimposed loading of 5.0 kN/m2 
over a simply supported clear span of 6.6 m. End bearing lengths are 75 mm nominally, and the units are sup-
ported by grade C30/37 precast concrete beams. Allow 1.0, 1.0 and 0.6 kN/m2 for partitions, finishes, services and 
suspended ceiling, respectively. Ultimate load combination factors to EC1 are taken as ζ = 0.925 and ψo = 0.7. 
Check the unit for flexure, shear and bearing.

Solution Use unit type 20 from Table 5.1
Effective span = 6600 + 75/2 + 75/2 = 6675 mm

Loading
Service

EC2 Ultimate
Eq. 6.10(b)

BS 8110
Ultimate

Permanent actions: Self-weight of slab, incl. infill in joints*
Partitions, finishes, services and ceilings

2.73
2.60

3.41
3.25

3.82
3.64

5.33 6.66 7.46
Superimposed actions: 5.00 7.50 8.00

Total 10.33 14.16 15.46

*  Self-weight of unit given by manufacturer = 2.67 kN/m2.
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Exercise 5.2

Repeat Exercise 5.1 using ‘Roth’-type 200 mm deep × 1200 mm wide slabs.

Solution

Loading
Service

BS 8110
Ultimate

EC2 Ultimate
Eq. 6.10(b)

Permanent actions: Self-weight of slab, incl. infill in joints*
Partitions, finishes, services and ceilings

3.00
2.60

4.20
3.64

3.75
3.25

5.60 7.84 7.00
Superimposed actions: 5.00 8.00 7.50

Total 10.60 15.84 14.50

*  Self-weight of unit given by manufacturer = 2.94 kN/m2.

Step 1: Design in f﻿lexure

MEs = 10.33 × 6.6752/8
MEs per hollow-core unit
= 57.5 × 1.2 (for unit width)

= 57.5 kNm/m

= 69.0 kNm

Ms = 10.33 × 6.6752/8
Ms per hollow-core unit
= 57.5 × 1.2 (for unit width)

= 57.5 kNm/m

= 69.0 kNm
MEd = 14.16 × 6.6752/8
MEd per hollow-core unit
= 78.9 × 1.2 (for unit width)

= 78.9 kNm/m

= 94.6 kNm

Mu = 15.46 × 6.6752/8
Mu per hollow-core unit
= 86.1 × 1.2 (for unit width)

= 86.1 kNm/m

= 103.3 kNm

Step 2: Design in shear

VEd at yb from edge of support
VEd = 14.16 × 6.396/2
VEd per hollow-core unit
= 45.3 × 1.2 (for unit width)

= 45.3 kN/m

= 54.3 kN

V at yb from edge of support
Vu = 15.46 × (6.600 − 2 × 0.102)/2
Vu per hollow-core unit
= 49.4 × 1.2 (for unit width)

= 49.4 kN/m

= 59.3 kN

Referring to design data Chart 5.1, use unit ref. 20/77, requiring seven 10.9 mm-diameter strands of total 
A Aps c= ′497 0 02mm 2 6( . % ).

Step 3: Design in bearing (see also Section 6.7)

(10.9.5.2(3)) Net bearing width
Assume σEd/fcd < 0.15
(Eq. 10.6) Nominal bearing length

a = + + + +( )25 5 5 5 56 2 672 2. .
End reaction FEd 

= 1.2 × 14.16 × 6.675/2
Bearing stress
= 61.9 × 103/600 × 41
< 0.4 fcd (beam) = 0.4 × 30/1.5
Check σEd/fcd = 2.51/(30/1.5) 
= 0.125 < 0.15 assumed.

= 600 mm

= say 41 mm
<75 mm actual

= 61.9 kN

= 2.51 N/mm2

= 8.00 N/mm2

Net bearing length (clause 5.2.3.3)
Net bearing width (clause 5.2.3.7 & 
5.2.4) = 75 − 20 − 15

Bearing stress
= 61.59 × 103/600 × 40
< 0.4 fcu (beam)

= 600 mm

= 40 mm

= 2.57 N/mm2

< 14.8 N/mm2

(Continued)
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Step 1: Design in f﻿lexure
Ms per unit = 10.60 × 6.6752/8 × 1.2 wide = 70.84 kNm per unit

MEd per unit
= 1.2 × 14.50 × 6.6752/8 = 96.9 kNm

Mu per unit
= 1.2 × 15.84 × 6.6752/8 = 105.8 kNm

Step 2: Design in shear

VEd at yb from edge of support
= 1.2 × 14.50 × 6.406/2 = 55.7 kN

Vu at yb from edge of support
= 1.2 × 15.84 × (6.600 − 2 × 0.097)/2 = 60.88 kN

Referring to design data Chart 5.2, use unit ref. R (0 + 25) {R (0 + 29)}, requiring 25 {29} 5 mm dia. wires of total 
A A A Aps c ps c= ′ = ′490 0 204 568 0 2372mm { mm % }.2( . % ) ( . )  Chart 5.3 gives the tendon locations and prestressing 
values for these slabs. Note that this unit requires 2 per cent less {but 14 per cent more} area of tendons than the 
hcu in Example 5.1. Also note that in spite of the lower ultimate prestressing force for BS EN 1992-1-1, giving 
for example MEd = 96.9 versus 105.8 kNm, the unit is still critical at the service stress limit where the characteristic 
load is the same.

Chart 5.3  Example prestressing data for 200 mm-deep ‘Roth’ prestressed concrete hollow-core slabs

Unit type

Position above soffit
(mm)

Prestress
eccentricity
(mm)

To BS EN 1992-1-1 To BS 8110
Row 1
27.5

Row 2
42.5

Row 3
62.5 Prestress

force
(kN)

fbc

(N/mm2)
fbt

(N/mm2)

Prestress
force
(kN)

fbc

(N/mm2)
fbt

(N/mm2)Number of tendons

R (0 + 8) 8 54.8 178.6 2.77 −0.34 158.7 2.46 −0.31
R (0 + 10) 10 54.8 220.5 3.42 −0.42 196.6 3.05 −0.38
R (0 + 12) 12 54.8 261.3 4.05 −0.50 233.7 3.63 −0.45
R (0 + 14) 1 12 1 54.4 301.1 4.65 −0.56 270.2 4.18 −0.51
R (0 + 16) 2 12 2 54.2 339.8 5.24 −0.62 306.1 4.72 −0.56
R (0 + 19) 4 12 3 54.8 395.2 6.13 −0.76 358.2 5.56 −0.69
R (0 + 21) 5 12 4 54.6 431.2 6.67 −0.81 392.3 6.07 −0.74
R (0 + 23) 6 12 5 54.4 466.1 7.20 −0.86 425.8 6.58 −0.79
R (0 + 25) 7 12 6 54.2 499.9 7.71 −0.91 458.7 7.07 −0.84
R (0 + 27) 8 12 7 54.1 532.7 8.20 −0.96 490.9 7.56 −0.89
R (0 + 29) 9 12 8 53.9 564.3 8.68 −1.01 522.5 8.04 −0.94
R (0 + 31) 10 12 9 53.8 595.0 9.14 −1.05 553.4 8.50 −0.98
R (0 + 33) 10 12 11 52.7 626.8 9.52 −1.00 585.1 8.89 −0.93

Notes:  The sign convention is compression positive.
Prestress force is after all losses.
An axis distance of 42.5 mm has 15 mm deducted according to BS EN 1992-1-2 clause 5.2.(5), giving a = 27.5 mm. This gives only 1 hour of 
fire resistance according to BS EN 1168, Annex. G, Table G.1, because a < 30 mm. If limestone aggregates are used 10 per cent is added to the 
axis distance, hence a = 1.1 × 42.5 − 15 = 32 mm, giving 1.5 hours. {The value chosen for the axis distance to the majority number of 
tendons, i.e. 42.5 mm, ensures that the average cover to the tendons is equal to or exceeds 40 mm. This is the cover distance necessary to 
achieve a two-hour fire resistance to BS 8110.}

Key:	 Letters: R = manufacturer’s code.
Following pairs of digits give number of 5 mm wires in top and bottom of slab, respectively.
Thus slab unit reference R (0 + 19) contains nineteen 5.0 mm-diameter tendons, of which four are located at a centroidal distance of 
27.5 mm from the soffit of the slab, twelve at 42.5 mm, and three at 62.5 mm from the soffit.
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5.3  Double-Tee Slabs

5.3.1  General

A general introduction to double-tee slabs is given in Section 3.2.2.2. Double-tees are cast in long 
steel moulds and, in more than 90 per cent of cases, are prestressed for strength. Reinforced double-
tees are used, but long-term deflections have precluded their economical use for spans in excess of 
about 8 m. Concreting ‘trains’ driven by two operatives are used in some high-production factories: 
Figure 5.55(a) and (b). The concrete is of medium workability (75 mm to 100 mm slump) and is 

Figure 5.55  Manufacture of double-tees. (a) Using concrete pouring arms and (b) using concreting train.

(a)

(b)
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pumped or skipped to the mould. The top surface is hand-tamped to give up to 6 mm furrows in the 
surface (Figures 5.56 and 5.57). This provides an excellent shear key to the in situ concrete topping, 
and no interface shear reinforcement is necessary. The design strength is at least 50 N/mm2. Deten-
sioning takes place between 12 and 24 hours after casting and at a strength as required by the design 
prestress, which is usually 35 to 40 N/mm2 after steam curing. Self-compacting concrete (SCC) is often 
used, as shown in Figure 5.58, thanks to the recent development of admixtures that enable the required 

Figure 5.56  Two part casting process for double-tee slabs – the web is poured and vibrated first, followed 
by the flanges.

Figure 5.57  Surface finishes to the tops of double-tee slabs are tamped rough.
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early strength for detensioning and demoulding. The ratio of the cost of the workforce to the value 
of the product has been halved since the introduction of SCC, more than compensating for the addi-
tional expense of the admixture.

The ends of the prestressing tendons require protection because they will be exposed in the build-
ing, particularly in car parks. A cold bitumen paint is used, as shown in Figure 5.59. Flame-cut tendons 
do not require additional protection.

Figure 5.58  Self-compacting concrete grade C50/60 is often used for wet-casting double-tee slabs
(courtesy of EFNARC).

Figure 5.59  Half joint in the ends of double-tee units.
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Figure 5.60  Mesh reinforcement in the top flange, and the anchor bars for the connection plate at the edge 
of the top flange.

5.3.2  Design

The slabs are designed as T-sections. The flexural and shear strength derives from the deep webs, with 
the thin flanges providing lateral stability to the units. Deflected or debonded tendons are used in 
some cases to overcome transfer stress problems in long-span units. Figure 5.12(b) shows typical load 
versus span data for proprietary units up to 800 mm deep.

The depth of the section is reduced at the ends of the units to facilitate a recessed bearing onto the 
supporting beam or wall (see Figure 5.1(b)). The concrete is heavily reinforced at this point because 
it is subjected to shear, bending and bearing. Stress concentrations also occur at the internal corner, 
which is why triangular chamfers are used there. A truss analogy, or strut-and-tie method of analysis 
(similar to Section 4.3.9), is used to calculate the forces. Figure 5.61 shows a typical end shear cage 
in which the vertical bars are provided for the ultimate shear capacity, and the horizontal U-bars are 
for the lateral bursting resistance.

Welded connections between adjacent double-tee units, or between the units and a supporting 
member, shown in Figure 5.62, provide an ultimate shear capacity of about 25 kN/m, but that is 
ignored in the final design. The anchorage is provided by inclined loops, typically H12 or H16 and 
600 mm long, fillet-welded to the plate, as shown in Figure 5.60. Electrodes grade E43 are used to 
form short, continuous fillet welds between fully anchored mild steel plates (stainless-steel plates and 
electrodes may be specified in special circumstances). A small saw cut is made at the ends of the cast-
in plate to act as a stress reliever to the heated plate during welding.

Double-tee units are either designed compositely with a structural topping, in which case the flange 
thickness is 50 to 75 mm, or are self-topped with thicker flanges of around 120 mm. In the former, verti-
cal and horizontal shear are transferred entirely by the in situ structural topping, using a design value 
for shear stress of (from clause 6.2.5(1) and (2)), vRdi = 0.35 fctd(i) for ‘smooth’ interface {0.45 N/mm2}. In 
the latter, projecting reinforcement loops, typically H8 at 200 mm c/c and lapped to the mesh inside the 
flange, are provided in recesses. These are grouted on site, and as such are a source of major concern with 
regard to thermal and shrinkage effects, and waterproofing in parking structures.
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Figure 5.61  Shear cage in the ends of double-tee units.

Figure 5.62  Welded connections between adjacent double-tee units.
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Figure 5.63  Reinforcement around large openings in the webs of double-tee slabs [5.56].

Double-tee units often contain web openings at positions that will not coincide with the longitu-
dinal strands and are preferably near to the geometric centroid of the unit. Web openings do not have 
a deleterious effect on strength or stiffness providing that a few simple rules are observed [5.54, 5.55]. 
It is found that prestressed units with openings behave as Vierendeel trusses, and the shear at the 
opening is distributed between the top and bottom chords in proportion to the chords’ stiffness.

Tests carried out by Savage et al. [5.56] on 24-inch-deep units have shown that where voids are 
placed directly beneath the flange and are not greater than half the depth of the unit, as shown in 
Figure 5.63, the openings do not affect the behaviour of the voided slab until the applied bending 
moment was equal to 1.4 times the service moment. The general rules are as follows:

	 Web openings should not be placed in high-shear regions, typically in the first quarter span.
	 Web openings should not be placed nearer than 50 mm from the nearest prestressing strand.
	 The centre of the void should coincide with the centroid of the unit.
	 Reinforcement, either in the form of stirrups or inclined links, should be placed on either side of 

the opening to aid crack control.
	 The corners of the openings should be chamfered or rounded.

5.3.3  Flexural and shear capacity, precamber and deflections

The analysis given in Sections 5.2.8 to 5.2.13 is also adopted for double-tee units, with due considera-
tion for the cross-sectional geometry and the concentration of the main flexural reinforcement in the 
webs. Additional shear capacity is provided where tendons are deflected.

Typical load-versus-span data for these units are given in Figure 5.64 for the internal exposure class 
XC1 with limiting tension fctm. Limiting spans for external exposure XD1, with zero tension and a 
service bending moment using the frequent live load factor ψ1 = 0.5, are equal or (surprisingly) greater 
than these, by as little as 3 per cent. The main reason for this is in the ratio between the ultimate and 
service moments of resistance, which for double-tees is 1.4 to 1.5 such that the ultimate moment is 
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often critical. This contrasts with hcus which have a reduction for external exposure because the 
service stress is critical.

The data in Figure 5.64 are for propped slabs at two points at 1/3 span. With no props, the load 
capacity is unaffected if the critical design constraint in span is due to the ultimate moment or the 
deflection after installation, since these are post-topping criteria. Thus the limiting span without  
props is unaffected when the ratio of the characteristic live load to dead load is greater than 2.5 (where 
MRd is critical) and where the span/depth ratio is greater than 30 (where deflection is critical). In 
between these limits, the ratio of limiting span without props/with props is 0.96 to 0.99, for the  
300- to 900 mm-deep units, respectively, i.e. a 4 per cent reduction at worst. Propping has little effect 
for XD1 exposure, as MRd or deflection criteria are usually critical.

5.3.4  Special design situations

Double-tees may be used as cantilever balconies by adding additional reinforcement in the top flange. 
It is not possible to use halving joints over cantilever support beams and therefore the structural zone 
is often a prohibitive factor in this design. The main problems are in the detailing and the avoidance 
of cold bridging if the units remain physically exposed. Precast rib-end closure pieces may be used to 
complete the precast assembly.

5.4  Composite Plank Floor

5.4.1  General

A general introduction to composite plank flooring is given in Section 3.2.2.3. The precast concrete 
is typically grade C28/35 if reinforced or C40/50 if prestressed. The in situ topping need only be grade 
C20/25 to C25/30, and a lightweight aggregate concrete grade C20/25 is often used. The precast planks 
are manufactured from normal and lightweight aggregate concrete. Self-compacting concrete is used 
by most manufacturers, although the ease of casting and vibrating a simple flat rectangular element 
is offset by the additional cost and quality control aspects of SCC, e.g. casting before the effect of the 
admixture diminishes.

Figure 5.64  Imposed load versus effective span for composite prestressed double-tee slabs for internal 
exposure condition XC1. Finishes and self-weight of topping are included as 1.5 kN/m2 and 2.05 kN/m2, 
respectively. The composite slab is propped at 1/3 points.
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Figure 5.65  Prefabrication of the lower half of prestressed concrete plank floor.

There are several proprietary types of plank floor, including ‘Omnia’ and ‘Katzenburger’. The precast 
part varies in depth from 65 to 100 mm, although some European producers manufacture 40 mm-
deep planks. Land [5.57, 5.58] gives a good account of many aspects of the use of these units, aspects 
beyond the scope of this book. The plank floor system lends itself to automated manufacture where 
robots are used to measure out, select and assemble the reinforcement, and the concreting and lifting 
operations are carried out using minimal labour (see Figure 5.65).

Figure 3.26 showed the construction of the composite plank floor, and in terms of robustness this 
floor is considered equal to a cast-in situ floor. This floor system has the advantage of using a prefab-
ricated soffit unit (with benefits of smooth finish, no formwork, rapid fixing of up to 100 m2 per 
hour), but carries performance penalties on span and self-weight; see Table 3.1.

Solid plank floor is prestressed or reinforced as shown in Figure 5.66. The triangulated lattice girders 
are manufactured using drawn wire spot-welded in a semi-automatic production. The lattices provide 
four important functions:

	 the links ensure mechanical bond between the precast and in situ concrete
	 the links provide the precast plank with vertical stiffness in the temporary condition
	 the lower bars provide the flexural reinforcement
	 the lattice makes a convenient lifting point.

In prestressed units the lattices are positioned next to the prestressing wires. Although the longi-
tudinal bars in the lattices are ignored at the serviceability condition, they may be included in the 
flexural design at ultimate.

5.4.2  Design

The lattice girder is manufactured from 5- or 7 mm-diameter hard-drawn wire, or 8- to 20 mm-
diameter ribbed high-tensile bar with a characteristic 0.2 per cent proof stress of 500 N/mm2. The 
lattice girder consists of:
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	 small-diameter bars in pairs, typically 5-, 6- or 7 mm-diameter bars, bent into a zigzag girder where 
the inclination of the links is between 45° and 65° to the longitudinal direction, and about 70° to 
the transverse direction. The links provide the shear strength in the temporary condition, and, if 
required, the shear capacity at ultimate;

	 a single top bar, typically H8 to H20, depending on the span of the floor and the propping methods 
used; and

	 at least two bottom bars of similar size, depending on the tensile strength in the reinforcement at 
ultimate.

The lattices are cut so that a complete stirrup is left intact at both ends of the girder. The buckling 
strength of the diagonal link and the top bar is checked according to BS EN 1993-1-1, clause 6.3.1.3, 
the steelwork Eurocode [5.59] {BS 5950, Part 1:2000, Table 24, curve (b)}. The effective length ratio 
of the compression leg is taken as 0.7 {0.7} because of rigid end restraints between the diagonals and 
top bars, and so the slenderness ratio λ = 0.7 lo/i {λ = 0.7 lo/ry} (ry = i = ϕ/4, the radius of gyration for 
round bar).

Figure 5.66  Details of composite plank floor. (a) Lattices made using automatic production; (b) construction 
details.

(a)

(b)
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In EC3 λ is checked against λcrit ykf= ×93 9 235. / , which gives the non-dimensional slender
ness λ λ λ= / crit . The α factor for the curve = 0.49 (Tables 6.1 and 6.2, buckling curve (c)). The 

buckling strength fykb = χ fyk where the stress reduction factor χ φ φ λ= + − ≤1/( ( )) .2 2 1 0 , where 

φ α λ λ= + − +0 0 2. ( ( . ) )5 1 2 . For example, if the lattices are spaced at 200 mm, and the top bar is 10 mm 

in diameter, λ = 140/2.5 = 56, λcrit = 64.4 (for fyk = 500), λ = 0 87. , and χ = 0.618. Buckling strength 
fykb = 0.618 × 500 = 309 N/mm2.

In BS 5950 λ is checked against λlimit = 15, and if greater is used to find the buckling strength pc in 
BS 5950, Table 24. For example if the lattices are spaced at 200 mm, and the top bar is 10 mm in 
diameter, λ = 140/2.5 = 56 > 15. Grade 500 steel is not given in Table 24, but using S460 pro rata, 
pc = (500/460) × 347 = 377 N/mm2 < 0.87fy. (This is considerably higher than EC3.)

Any additional high-yield reinforcement is attached to the lattice prior to placement in the mould. 
The cover to the bottom reinforcement is typically 20 mm for internal exposure and R60 minutes fire 
resistance {1-hour} for a simply supported slab. If the slab is designed continuously, this may be 
increased to R90 minutes {1.5 hours}. The clear distance between the top of the precast surface and 
the bar in the top of the girder should be 20 mm.

The floor slab is designed as one-way spanning, despite the introduction of transverse reinforce-
ment in the topping. The two-way spanning capabilities have not been fully exploited to date.

In the temporary stage, the precast plank is simply supported. The unit may be designed so that 
unpropped spans of up to 4 m are possible, usually by increasing the number of lattices to increase 
shear stiffness, but not necessarily increasing the number of bottom bars. The top bar is in com
pression, but is firmly restrained both vertically and horizontally by the inclined bars making the 
lattice. By adjusting the size of the top bar and the spacing between the lattices, it is possible to vary 
the strength of the plank alone. The unit is most critical when the self-weight of the wet in situ con-
crete is added to the self-weight of the precast plank. An allowance for construction traffic of up to 
1.5 kN/m2 is added to the temporary loading when calculating the sizes of bars required.

In the permanent situation the hardened in situ concrete provides the compressive resistance. The 
flexural sagging resistance at mid-span is governed by the strength of the bottom reinforcing bars, as 
in an ordinary under-reinforced situation. The flexural hogging moment over the supports is provided 
by a combination of precast and in situ concrete, as shown in Figure 5.67, together with some addi-
tional site-placed reinforcement in the top of the slab.

If the maximum bending moment in the temporary condition is M1 (inclusive of the construction 
traffic), then the area of top steel in the lattice is given by:

	 ′ = ′ =








A
M

z f
A

M

z f
s

yk
s

y

1

1

1

10 87 0 87. .
	 (5.53)

Figure 5.67  Flexural resistances due to positive (sagging) and negative bending moments.
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where z1 is the centre-to-centre vertical distance between the bars in the lattice. fyk {fy} is checked for 
its buckling capacity fykb as above. The area of the bottom steel is specified after the full service load 
is considered, but without the effects of the construction load as this load will have been removed 
when in service. Hence, if the net temporary moment is ′M1  and the ultimate moment due to super-
imposed loading is M2, the area of bottom steel in the lattice is given by:
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where z2 is the lever arm obtained from the flexural design.
The shear reinforcement in the lattices is designed by taking the vertical component of the axial 

force in the inclined bars as the only shear resistance against the temporary shear force V1. The area 
of the lattice’s ‘shear links’ is given by:
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.
	 (5.55)

Two lattice bars are used to provide the shear reinforcement. They are stiffened by the plank con-
crete, and must not be long enough to buckle. The buckling capacity fykb {pc} is checked as above, and 
can often be considerably lower than fywk. For example, if 6 mm diagonals are used in a 150 mm-deep 
lattice, their diagonal length will be about 185 mm and i {ry} = 1.5 mm, λ = 129/1.5 = 86. To BS EN 
1992-1-1, λcrit = 91 (fyk = 250 N/mm2), λ = 0 94. , and ξ = 0.575. Buckling strength fykb = 0.575 × 250 = 
144 N/mm2 (and is in close agreement). Note, that if fyk = 500 N/mm2 slenderness is exceeded, λcrit = 
64, and λ = >1 33 1. . {To BS 5950, table 24b, pc = 149 N/mm2.}

The diagonal bars are also used to transfer shear forces due to superimposed loads V2 in the precast-
in situ interface.

Then the applied shear force must be  
less than VRd,c, given again by:

V k f b dRd c ck cp v,
/( . ( ) . )= +0 12 100 0 151

1 3ρ σ

where k
d

= +












min ; .1
200

2 0

ρ1 0 002= 









min ; .

A

b d
s

v

σ cp
p p

c
cd

f A

A
f= 









min ; .0 2

(5.56)

Thus, if the applied shear stress, v given by:

v
V

bd
= 2  

is greater than the limiting value in  
BS 8110, Table 5.5 [5.2], then the area 
of shear steel should be increased to 
carry the whole interface shear force, 
F = vb per unit length of the interface.

(5.56)

The precast unit may be propped at one or two positions. The design of propped slabs is dealt with 
in Section 6.5.3. In this case spans of up to 6.5 m are possible.

The design for the temporary stage should consider the forces from back-propping of the floor(s) 
above, if they indeed exist. Successive storeys of props should align vertically and be firmly founded.

Vertical shear is rarely critical because of the large cover width at the support. It may become critical 
in the presence of large voids where the effective width of the slab at the support is less than about 
one-quarter of the full width. Additional shear reinforcement is used to take care of the ultimate shear 
and the problem of stress concentrations near the corners of voids. The effects of point loads or line 
loads (e.g. walls around voids) are dealt with in the same manner as for any in situ concrete floor. 
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The only point to note is that the additional bottom steel has to be cast into the precast plank at the 
factory.

Interface shear is checked according to the details given in Section 6.3. Unless the unit width is 
greatly reduced for the same reasons as given above, the reinforcement provided by the lattices is 
sufficient for all purposes. Indeed, it is designed to be that way. The top surface of the plank is tamped 
to give an undulating surface with furrows up to 2 to 3 mm deep.

The resulting load-versus-span performance of these units is given in Table 5.5.

5.4.3  Voided composite slab

Lightweight void formers – typically, but not always, made of expanded polystyrene – are pressed into 
the top surface of the precast plank during manufacture; see Figure 5.68. The adhesion and friction 
between the polystyrene and wet precast concrete is sufficient to hold the block in position throughout 
the erection and in situ concreting operations. (This is quite important, because the blocks are buoyant 
in the wet in situ concrete.) The reduction in self-weight of a voided floor compared to a solid floor 
is 30 to 60 per cent for depths of slab from 200 to 350 mm, respectively.

Table 5.5  Typical clear span data for composite slab construction

(a) Units unpropped

Construction Clear span (m) for imposed loading (kN/m2)

Unit 
Depth
(mm)

Total 
Depth 
(mm) 0.75 1.5 2.0 2.5 3.0 4.0 5.0 7.5 10.0 15.0

75 115 3.75 3.75 3.75 3.75 3.75 3.75 3.75 3.75 3.50 3.09
150 3.75 3.75 3.75 3.75 3.75 3.75 3.75 3.75 3.75 3.49
175 3.75 3.75 3.75 3.75 3.75 3.75 3.75 3.75 3.75 3.61
200 3.75 3.75 3.75 3.75 3.75 3.75 3.75 3.75 3.75 3.65

100 150 5.00 5.00 5.00 5.00 5.00 5.00 5.00 5.00 4.78 4.42
200 5.00 5.00 5.00 5.00 5.00 5.00 5.00 5.00 4.78 4.42
250 5.00 5.00 5.00 5.00 5.00 5.00 5.00 4.88 4.75 4.51
300 4.90 4.87 4.85 4.83 4.82 4.78 4.74 4.66 4.58 4.43

(b) Units propped at mid-span

Construction Clear span (m) for imposed loading (kN/m2)

Unit 
Depth
(mm)

Total 
Depth 
(mm) 0.75 1.5 2.0 2.5 3.0 4.0 5.0 7.5 10.0 15.0

75 115 6.58 6.14 5.89 5.67 5.47 5.13 4.84 4.28 3.87 3.32
150 7.50 7.36 7.08 6.83 6.60 6.21 5.88 5.24 4.77 4.12
175 7.50 7.50 7.50 7.43 7.20 6.79 6.45 5.78 5.28 4.58
200 7.50 7.50 7.50 7.50 7.50 7.24 6.90 6.21 5.69 4.96

100 150 8.08 7.56 7.27 7.01 6.78 6.37 6.03 5.37 4.89 4.22
200 9.07 8.57 8.29 8.03 7.79 7.38 7.02 6.32 5.79 5.04
250 9.40 9.23 8.96 8.72 8.49 8.08 7.72 7.01 6.46 5.67
300 9.40 9.40 9.39 9.16 8.94 8.55 8.20 7.50 6.95 6.13
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Exercise 5.3

Design a composite plank floor to carry a characteristic superimposed live load of 5 kN/m2 over a simply supported 
effective span of 3.5 m. No propping is allowed. The temporary construction traffic load is 1.03 kN/m2 {1.0 kN/m2}.

Use concrete grade C32/40 for the precast, and grade C20/25 for the in situ. Use drawn wire for the bars in the 
precast plank, and a square wire mesh in the in situ topping, using fyk = 500 N/mm2 and fywk = 250 N/mm2 for 
diagonals inclined at 45°. Cover to all reinforcement = 25 mm. Ultimate load combination factors to EC1 are taken 
as ζ = 0.925 and ψo = 0.7.

Check the design at both the temporary and permanent stages for flexural and vertical shear only. (Interface 
shear will be dealt with in Chapter 6.)

Solution

Step 1: Design in shear
Deflection control:
Assume 16 mm-diameter bottom bars.

BS EN 1992-1-1, NAD Table NA.5.
Assume ρ = 0.34

ρ
ρ

0
332 10

0 0034
1 664= × =

−

.
.

ρ
ρ

0
3 2

3 21 1 664 1 0 146

3 2 32 0 146 2 647

−





= − =

× =

/

/( . ) .

. . .

l d/ . . . .= + × +( )1 0 11 1 5 32 1 664 2 647

d = 3500/27.8

=27.8

d = 127 mm

BS 8110, Part 1, Tables 3.10 & 3.11.
Basic span/d = 20.
Modification factor is 1.38
(for an initial estimate M/bd2 = 1.0)
Thus d = 3500/(20 × 1.38) = 127 mm

h = 127 + 25 + 8 = 160 mm
Consider 1 m width of floor, using 50 mm-deep precast with 110 mm-deep in situ topping.

(Continued)

Figure 5.68  Voided composite plank floor (courtesy of MWE Precast Concrete Bhd.).
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Step 2: Loading on lattice in temporary condition
Assume lattice top and bottom bar size = 16 mm

Loading BS 8110 Service
(kN/m2)

EC2 Service
(kN/m2)

Permanent actions: Self-weight of 50 mm-deep precast unit
Self-weight of 110 mm-deep wet concrete

1.20
2.64

1.25
2.75

3.84 4.00
Construction traffic allowance 1.00 1.03

Total 4.84 5.03

Ultimate load Eq. 6.10(a) or (b)
= 1.35 × 4.0 + 1.05 × 5.0 or

1.25 × 4.0 + 1.5 × 5.0
Use γf = 1.25 and 1.50 

MEd1 = × + ×( )1 5 3 78 1 25 1 25
3 5

8

2

. . . .
.

VEd1 = × + ×( )1 5 3 78 1 25 3 75
3 5

2
. . . .

.

Lever arm = 160 − 33 − 33
Force in top and bottom bars
= 11.07 × 103/94

Slenderness of top bars
Pitch = 2 × 94 = 188 mm
λ = 0.7 × 188/4 = 32.9
λlim = × =93 3 235 500 64. /
λ = 0.514
ϕ = (1 + 0.49 (0.514 − 0.2) + 0.5142)
= 0.709
χ = + −1 0 709 0 709 0 5142 2/( . ( . . )
= 0.835
fykb = 0.835 × 500 = 417 N/mm2 
< 0.87 × 500 

As = ×117 8 10

417

3.

As per lattice at 0.6 m centres
= 282 × 0.6

= 10.65 kN/m2

= 12.50 kN/m2

= 11.07 kNm/m

= 12.65 kN/m

= 94 mm

= 117.8 kN/m run

= 282 mm2/m

= 169 mm2

Mu1 = × + ×( )1 4 3 84 1 6 1 00
3 5

8

2

. . . .
.

Vu1 = × + ×( )1 4 3 84 1 6 1 00
3 5

2
. . . .

.

Lever arm  
= 160 − 2 × 25 − 2 × 8

Force in top and bottom bars
= 10.68 × 103/94

Slenderness of top bars 
Pitch = 2 × 94 = 188 mm
λ = 0.7 × 188/4 = 32.9 > 15
pc ≈ (500/460) × 422 

= 459 N/mm2 > 0.87 × 500

As =
×

×
113 6 10

0 87 500

3.

.
As per lattice at 0.6 m centres

= 262 × 0.6

= 10.68 kNm/m

= 12.21 kN/m

= 94 mm

= 113.6 kN/m run

= 262 mm2/m

= 157 mm2

Use one H16 top bar (201 mm2) in lattices at 600 mm centres.
Lattice bars at 45° inclination, with a diagonal length = 94/sin 45° = 133 mm
Bottom bars will be specified after full service load is considered. Subtract the effects of the construction load 

when calculating the force in bottom steel (as this load will have been removed when in service). Hence:

As = (5.00/6.54) × 286
Shear per lattice = 0.6 × 12.6
Slenderness of lattice (try 6 mm dia.)
λ = 0.7 × 133/1.5 = 62
λlim = × =93 3 235 250 91. /
λ = 0.682
χ = 0.736
fykb = 0.736 × 250 = 184 N/mm2

< 0.87 × 250

= 196 mm2/m
= 7.59 kN

As = (5.38/6.98) × 262
Shear per lattice = 0.6 × 12.21
Slenderness of lattice (try 6 mm dia.)
λ = 0.7 × 133/1.5 = 62 > 15
pc = 200 N/mm2 < 0.87 × 250

= 202 mm2/m
= 7.33 kN
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Thus force in diagonal bar

= 7.59/sin 45° = 10.74 kN

As = ×10 74 10

184

3.

A triangular truss with 2 diagonal  
lattice bars requires each to be

= 56 mm2

= 28 mm2

= 7.33/sin 45° = 10.4 kN

As = ×10 4 10

200

3.

A triangular truss with 2 diagonal  
lattice bars requires each to be

= 52 mm2

= 26 mm2

Use double R6 diagonal lattice bars (28 mm2) inclined at 45°.

Step 3: Service loading
When the in situ concrete has hardened it is effectively stress-free, because the deflections have all occurred 
while the concrete was wet. Therefore the only stresses in the in situ topping derive from superimposed load of 
5.00 kN/m2.

MEd2 = 1.5 × 5.00 × 3.52/8
VEd2 = 1.5 × 5.00 × 3.5/2

= 11.48 kNm/m
= 13.13 kN/m

Mu2 = 1.6 × 5.00 × 3.52/8
Vu1 = 1.6 × 5.00 × 3.5/2

= 12.25 kNm/m
= 14.0 kN/m

Step 4: Flexural design

k = ×
× ×

11 48 10

1000 127 20

6

2

.

z d k= + −( . . / . )0 5 0 25 1 133
z/d = 0.95 × 127 

As = ×
× ×

11 48 10

120 7 0 87 500

6.

. .
plus 196 mm2/m from the 

construction stage = 415 mm2/m
Bottom bar area per lattice at 0.6 m 

centres requires
As = 415 × 0.6

= 0.035<0.2067

= 120.7 mm

= 219 mm2/m

= 249 mm2

k = ×
× ×

12 25 10

1000 127 25

6

2

.

z d k= + − ≤( . . / . ) .0 5 0 25 0 9 0 95 d
z = 0.95 × 127

As = ×
× ×

12 25 10

120 7 0 87 500

6.

. .
plus 202 mm2/m from the construction 

stage = 436 mm2/m
Bottom bar area per lattice at 0.6 m 

centres requires
As = 436 × 0.6

= 0.03 < 0.156

= 120.7 mm

= 234 mm2/m

= 262 mm2

Use two H16 bottom bars (402 mm2) in lattices at 600 mm centres.

Step 5: Shear design

k = + =1 200 127 2 139( ) ./  but ≤ 2.0
vmin = 0.0035 × 2(3/2) × 32(1/2)

ρl = 249/(600 × 127)
vRd,c = 0.12 × 2.0 × (0.328 × 32)(1/3)

VRd,c = 0.5255 × 600 × 127 × 10−3

k = 2
= 0.056
= 0.328%
= 0.5255
= 40.04 kN
> 13.13 kN/m

ν = ×
×

14 00 10

1000 127

3.

< minimum value in BS 8110, Part 1, 
Tables 3.9 and 5.5.

= 0.11 N/mm2

Therefore no additional reinforcement to the lattice is required.
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Figure 5.69  Prestressed beam and composite plank floor system. (a) Precast floor beam positioned; (b) 
precast plank fixed; (c) in situ topping added.

(a)

(b)

(c)

5.5  Precast Beam-and-Plank Flooring

5.5.1  General

The beam-and-plank floor is commonly known as the Precast Beam Composite (PBC) system, and 
is shown generally in Figures 5.1(e) and in detail in Figures 5.69(a)–(c). It is a three-part construction 
as follows:

(1)	 Prestressed beams are the major structural components that span between the primary beams in 
the structure. They are typically available in depths of up to 550 mm, and weigh up to 4.3 kN/m 
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run. The spacing between the beams varies between 900 and 2400 mm. The maximum span for 
roofs is then 20.9 m, and for office floors is 18.2 m.

(2)	 Precast planks, which are between 50 and 75 mm deep and of the specification given in Section 
5.4, span transversely to the beams. The width of the plank may be up to 2.4 m, but smaller units, 
say 600 mm wide and weighing about 50 kg, may be manhandled into their final position, which 
is clearly beneficial from a construction point of view. The design of the plank is as given in 
Section 5.4.2.

(3)	 A 40- to 50 mm-thick grade C32/40 in situ concrete topping is added to the top of the planks, 
making the total construction span-to-depth ratio, inclusive of all three items, of about 25:1 for 
offices, and 30:1 for domestic buildings. Voids up to about 2.0 m wide may easily be formed 
between the prestressed beams. All the details given in Section 5.4 above may be incorporated 
into this system.

The PBC method is more versatile geometrically than the hollow-core or double-tee methods and 
may be adapted to suit a wide range of plan configurations. The floor system may be used in conjunc-
tion with in situ concrete, precast concrete, or steelwork frames.

5.5.2  Design of prestressed beams in the beam-and-plank f﻿looring system

The beam’s cross section is trapezoidal, with a 2.5° side splay. A single tapered mould may be used for 
any depth of unit, although the manufacturers prefer to work to a small number of depths, usually 
400, 450, 500 and 550 mm. Similarly the width of the beam is restricted in size, usually to 320 mm at 
the bottom.

The beams are designed according to the basic prestressing principles. The depth of the ends of 
the beams may be reduced to form a half-joint in the same manner as for double-tee units. Cantilever 
balconies may be formed either by reinforcing the beam for the negative moment, or by utilising the 
top reinforcement in the structural topping. The hogging moment induced from the prestressing must 
be nullified (or reversed) in the cantilevered part.

5.6  Design Calculations

5.6.1  Hollow-core unit

This specimen calculation is used to determine:

(i)	 serviceability and ultimate moments of resistance
(ii)	 ultimate shear capacities in the flexurally uncracked and cracked regions
(iii)	 cracking moment of resistance and the decompression point
(iv)	 camber and short-term deflection at installation
(v)	 long-term deflection
(vi)	 deflection after the application of finishes
(vii)	 crack spacing and crack width
(viii)	 fire resistance
(ix)	 sound resistance
(x)	 thermal transmittance

for the nominally 1200 × 200 mm deep hollow-core unit shown in cross section in Figure 5.70. The 
unit contains 6 cores each 140 mm wide. The unit is the type produced in slip-forming machines 
manufactured by Echo Engineering in Belgium.

For the purpose of calculating deflections, the effective span is 8.5 m, bearing length = 100 mm, the 
floor finishes and services are 2.0 kN/m2 and the live load is for offices at 5.0 kN/m2. The required fire 
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resistance is R60 minutes {1 hour}. The unit is to be designed to BS EN 1992-1-1, fctm {BS 8110 Class 
2} permissible tension. Exposure is XC1 taking 50 per cent relative humidity (RH) in service. Instal-
lation takes place at 28 days. The hcu is pretensioned using seven 12.5 mm plus five 9.3 mm diameter 
Class 2 helical strands fyk {fpu} = 1770 N/mm2 stressed to 70 per cent. Cover is 40 mm. Concrete is 
C45/55, with transfer after 18 hours, during which the mean curing temperature is 40°C and RH = 70 
per cent. The cement is grade 52.5R and the aggregates are gravel. For the purpose of thermal proper-
ties the depth of finishes may be taken as 60 mm.

Unit properties per 1200 mm width

Depth = 200 mm
Width = 1197 mm (bottom), 1154 mm (top) Area of longitudinal joint = 7515 mm2

Concrete area Ac = 152 460 mm2 Height to neutral axis yb = 99.0 mm
Depth of concrete to core = 40 mm Total breadth of webs bw = 303 mm
I = 696.67 × 106 mm4 S = 4.768 × 106 mm3

Zb = 7.040 × 106 mm3 Zt = 6.895 × 106 mm3

Eccentricity from centroid = 53.1 mm Area of strand Ap = 7 × 93 + 5 × 52 = 911 mm2

Figure 5.70  Cross-section of hollow-core slab used in design calculations.
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Material properties to BS EN 1992-1-1
Concrete:
fck = 45 N/mm2

Mean compressive and tensile strength
fcm = fck + 8 = 53 N/mm2

fctm = 0.3 × 452/3 = 3.80 N/mm2

Design strength in flexure or compression,
αcc = 0.85, otherwise αcc = 1.0,
fcd = 0.85 × 45/γc = 25.5 N/mm2

otherwise fcd = 30 N/mm2

Design tensile strength αct = 1.0 & γc = 1.5
5% fractile strength
fct,0.05 = 0.7 × 3.80 = 2.66 N/mm2

fctd = 2.66/γc = 1.77 N/mm2

Young’s modulus
Ecm = 22 (53/10)0.3 = 36.3 kN/mm2

At transfer, values(t) with t = 2 days:
fck(t) = 30 N/mm2

fcm(t) = fck(t) + 8 = 38 N/mm2

fcd(t) = 0.85 × 30/γc = 17.0 N/mm2

f fctm t cc t ctm( ) ( )= =β αα where  for  day1 1
βcc(t) = fcm(t)/fcm = 38/53 = 0.72
∴fctm(t) = 0.72 × 3.80 = 2.72 N/mm2

fctd(t) = 0.7 × 2.72/γc = 1.27 N/mm2

Ecm(t) = 22 (38/10)0.3 = 32.8 kN/mm2

(see Table 3.1.)

(see 3.1.6.(1)P)

(see Eq. 3.15)

(see Table 3.1)
(see Eq. 3.16)

(see Table 3.1.)

(see Eq. 3.4.)

Material properties to BS 8110
Concrete:
fcu = 55 N/mm2

Design strength = 0.45 × 55 = 24.75 N/mm2

Tensile strength fct = × =0 45 55 3 34 2. .  N/mm
Design tensile strength ft = × =0 24 55 1 78 2. .  N/mm
Young’s modulus Ec = 20 + 0.2 × 55 = 31 kN/mm2

At transfer:
fci = 37 N/mm2

Tensile strength fct = × =0 45 37 2 74 2. .  N/mm
Young’s modulus Eci = 20 + 0.2 × 37 = 27.4 kN/mm2

Steel tendons

Characteristic strength fpk = 1770 N/mm2 
fp,o.1k = 0.9 fpk = 1593 N/mm2

γp,fav = 0.9 at ultimate, and 1.0 at service
rsup = rinf = 1.0 for direct measurement
γs = 1.15
Design stress at ultimate
fpd = 1593/1.15 = 1385 N/mm2

Young’s modulus Ep = 195 000 N/mm2

Strain limit (3.3.6(7), Figure 3.10)
εuk = εud/0.9 = 0.02/0.9 = 0.0222
Relaxation class = 2
Relaxation loss at 1000 hours ρ1000 = 2.5%
Detensioning rate = ‘gradual’

(see 2.4.2.2.(1))
(see 5.10.9)
(see 2.4.2.4)

(see 3.3.6. (7))
(see 3.3.6. (3))

(see 3.3.6. (7))
(see 3.3.2. (4))
(see 3.3.2. (6))
(see 8.10.2.2.(2))

Characteristic strength fpu = 1770 N/mm2

Design stress at ultimate fpb = 1770/1.15 = 
1539 N/mm2

Young’s modulus Es = 195 000 N/mm2

Relaxation loss at 1000 hours = 2.5%

Serviceability Limit State of Bending
Initial prestress = 0.7 × 1770 = 1239 N/mm2

Initial force = 1239 × 911 = 1128.7 kN

Initial relaxation loss
μ = 0.7 and t = 18 hours
Δσp,r = 1239 × 0.66 × 2.5 × e(9.1 × 0.7) × 

(18/1000)0.75(1−0.7) × 10−5 = 
4.84 N/mm2

Pr = 1124.3 kN
Instantaneous deformation
fcc = 11.94 N/mm2 (at tendon centroid)
Δσp,el = 11.94 × 195/32.8 = 

70.88 N/mm2

Assume 8% loss at transfer due to half 
the relaxation loss and elastic 
shortening.

Initial relaxation = 0.5 × 
1.2 × 2.5 = 1.5%

fcci = 11.02 N/mm2 (at tendon centroid)
Elastic loss  

= ×
×

=11 02 195

27 4 1239
6 33

.

.
. %
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Total loss at transfer
Prestress at transfer σpm0 

= 1163.3 N/mm2

fbc = 14.95 N/mm2 (bottom) 
< 17.0 N/mm2

ftc = −1.22 N/mm2 (top) > −2.72
fcc = 11.25 N/mm2 (at tendon centroid)
BS EN 1992-1-1, equations 3.29, 5.44 

and 5.46, together with Annexes B 
and D, give more scope for 
estimating losses in different 
circumstances. The prestress is 
required at installation only for 
reasons of calculating the deflection 
after installation of finishes. The 
temperature-adjusted concrete age is 
calculated using Eq. B.9 and B.10 
and is used for the initial creep 
losses.

Creep loss from transfer to installation
t = 0.75 to 28 days
All surfaces exposed (excluding inside 

faces of cores)
ho = 2 × 152 460/2751 = 111 mm
(Eq. B.9 and B.10) to,T 

= e−(4000/313 − 13.65) × 0.75 = 1.79 days
to = 1.79 × ((9/(2 + 1.791.2) + 1)1 = 5.8 

days
(Eq. B.1 to B.8) Creep loss coefficient

= +
−





×
× 





















× 





×

1
1

70

100
0 1 111

35

53

35

53

1

3

0 7 0 2

.

. .

66 8

53

1

0 1 5 80 2 0
.

( . . ). ( , )×
+

× βc t t

= 0.912
where
βc t t( , )

.

.

. ( ( . )

0

28 0 75

1 5 1 0 012 70 111 250
35

53
28 018

0 5

=

−

+ × × + 



 + − ..

.

75

0 3
















= 0.445
(Eq. 5.46) Δσp,c 

=
× ×

+ +

195

36 3
0 912 11 25

1
195

36 3

911

152460
1

152460

696670000
532

.
. .

.




 + ×( . . )1 0 8 1 329

Prestress at installation σpmi = 
1112.7 N/mm2

fcc = 10.76 N/mm2 (at tendon centroid)
Creep loss from installation to life

= 75.7 N/mm2

= 50.6 N/mm2

Total loss at transfer
Prestress at transfer = 1142.0 N/mm2

Prestress at transfer
fbc = 14.68 N/mm2 (bottom) 

< 0.5 × 37
ftc = −1.20 N/mm2 (top) > −2.74
fcci = 11.04 N/mm2

BS 8110, Part 2, clause 7.3
Creep coefficient at 

installation = 0.4 × 1.8 = 0.72

Creep loss = × ×
×

0 72 11 04 195

31 0 1239

. .

.
Prestress at installation = 

1091.9 N/mm2

fcci = 10.56 N/mm2

Creep coefficient installation to 
life = 1.80 − 0.72 = 1.08

Creep loss = × ×
×

1 08 10 56 195

31 0 1239

. .

.
Shrinkage loss = 300 × 10−6 × 195 000 

= 58.5 N/mm2

Final relaxation = 1.5%
Total Losses
Final prestress = 943 N/mm2

Effective prestressing force = 
911 × 943

= 7.83%

= 4.09%

= 5.79%

= 4.72 %
= 1.50 %
= 23.93%

= 859.2 kN
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t = 28 to 20 833 days (500 000 hours)
Notional depth for soffit exposed
ho = 2 × 152 460/1200 = 255 mm
Creep loss coefficient

= +
−





×
× 














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


× 





×

1
1
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100
0 1 255

35

53

35

53

1

3

0 7 0 2

.

. .

66 8

53

1

0 1 280 2 0

.

( . ). ( , )×
+

× βc t t

= 1.636
where

βc t t( , )

.

. ( ( . )

0

20833 28

1 5 1 0 012 50 255 250
35

53
20818

0 5
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−
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
 + 333 28

0 3

−

















.

= 0.992
Shrinkage losses

εca e= − × × − ×− −1 2 5 50 10 100 2 500000 6. . ( )
kh = 0.80 for ho = 255 mm

εcd e,

.
. . ( )

.

0 = × + ×

× − 











−
0 83 0 85 220 110 6

1 55 1
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100

0 11
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

Drying shrinkage strain (Eq. 3.9)

= −
− +

× ×( )

( . )
,

20833 1

20833 1 0 04 255
1

3
εcd 0

Total εcd 
Post transfer relaxation loss
(Eq. 3.29) μ = 1163/1770 = 0.657

= ×

× 





×
−

−

1163 0 66

2 5
500000

1000
109 1 0 657

0 75 1 0 657
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.

. . .
. ( . )

e

Total time-dependent losses (Eq.5.46)

=
× + × + × ×

+

0 000547 195000 0 8 37 5
195

36 3
1 636 10 76

1
195

36 3

911

1

. . .
.

. .

. 552460
1

152460

696670000
53 1 0 8 1 6362+



 + ×( . . )

Final prestress = 1239 − 75.7 − 
50.6 − 201.8 = 910.8 N/mm2 
(Losses 26.5%)

Effective prestressing force = 911 × 910.8
Prestress after losses (bottom)  

(top)
For XC1 exposure, allowable tension  

(fck = 45 N/mm2)
Service moment of resistance using 

compound section, based on (m − 1), 
where later it is shown ψ28 = 0.71

m = (1 + 0.71) × 195/36.3 = 9.2

= 0.000088

= 0.00045

= 0.000447

= 0.000547

= 37.5 N/mm2

  = 201.8 N/mm2

= 829.7 kN
fbc = 11.71 N/mm2

ftc = −0.96 N/mm2

= 3.8 N/mm2

Prestress after losses (bottom)  
(top)

For class 2 elements, allowable tension 
(fcu = 55 N/mm2)

Service moment of resistance using 
compound section where

m = (1 + 0.72) × 195/31 = 10.8

fbc = 12.12 N/mm2

ftc = −0.99 N/mm2

= 3.34 N/mm2
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where
Zb,co = 7.430 × 103 mm3

Zt,co = 6.924 × 103 mm3

Msr based on bottom stress = 
(11.71 + 3.8) × 7.43

Msr based on top stress
= (0.96 + 0.45 × 45) × 6.924

so not critical.

= 115.20 kNm

= 146.83 kNm
> 113.65

Zb,co = 7.505 × 103 mm3

Zt,co = 6.929 × 103 mm3

Msr based on bottom stress 
= (12.12 + 3.34) × 7.505

Msr based on top stress
= (0.99 + 0.33 × 55) × 6.929

so not critical.

= 116.03 kNm

= 132.62 kNm
> 116.03

Design service moment
Self-weight including infill = 25 × 

(152460 + 7515) 10−6/1.2 = 
3.33 kN/m2

ws = 1.2 × (3.33 + 2.00 + 5.00) = 
12.40 kN/m

Ms = 12.40 × 8.52/8 = 
112.0 kNm < 113.65 kNm. OK.

Self-weight including 
infill = 24 × (152460 + 7515) 
10−6/1.2 = 3.20 kN/m2

ws = 1.2 × (3.20 + 2.00 + 
5.00) = 12.24 kN/m

Ms = 12.24 × 8.52/8 = 
110.5 kNm < 116.03 kNm. OK.

Ultimate Limit State of Bending

d = 200 − 45.8 = 154.2 mm
b = 1154 mm
Final prestress = 910.8 N/mm2

εpo = 910.8/195 000 = 0.00467
εLOP = 0.9 × 0.87 × 1770/195 000 

= 0.0071
By solving quadratic or iterative 

solutions, X = 55.1 mm > 40 mm top 
flange. By considering concrete below 
top flange above the circular core

X = 59.9 mm
dn = 22.1 mm
εp = 0.010103 > εLOP < εud

fp = 1416 N/mm2

Fs = fp Ap = 1416 × 911 = 1290.0 kN
Ultimate moment of resistance
MRd = 1290.0 × (154.2 − 22.1) = 170.4 kNm

Final prestress = 943 N/mm2

εpo = 943/195 000 = 0.00484
εLOP = 0.696 × 1770/195 000 = 0.00632
By solving quadratic or iterative 

solutions, X = 52.5 mm > 40 mm top 
flange. By considering concrete below 
top flange above the circular core

X = 63.6 mm
dn = 22.9 mm
εp = 0.00982 > εLOP < 0.01290
fp = 1396 N/mm2

Fs = fp Ap = 1396 × 911 = 1271.7 kN
Ultimate moment of resistance
MRd = 1271.7 × (154.2 − 22.9) = 167.0 kNm

Design ultimate moment
(Eq. 6.10(b)) 

wEd = 1.2 × (1.25 × (3.33 + 2.00) 
+ 1.5 × 5.00) = 17.00 kN/m > 

(Eq. 6.10(a)) 14.93 kNm
MEd = 17.00 × 8.52/8 = 153.5 kNm 

< 170.4 kNm. OK.

wu = 1.2 × (1.4 × (3.20 + 2.00) 
+ 1.6 × 5.00) = 18.33 kN/m

Mu = 18.33 × 8.52/8 = 165.5 kNm 
< 167.0 kNm. OK.

Ultimate Limit State of Shear
i) Uncracked

fctd(t) = 0.7 × 2.72/1.5 = 1.27 N/mm2

fpbt = 3.2 × 1.0 × 1.27 = 4.06 N/mm2

σpm0 = 1163.3 N/mm2

lpt2 = (1.2 × 1.0 × 0.19 × 1163.3/4.06) ϕ
= 65.3 ϕ

Mean dia = (7 × 12.5 + 5 × 9.3)/12 
= 11.17 mm

Mean dia = (7 × 12.5 + 5 × 9.3)/12 
= 11.17 mm
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Mean lpt2 = 65.3 × 11.17

lx = 100 + 99 = 199 mm
αl = 199/729 = 0.273

= 729 mm Transmission length = ×240 11 17

37

.

fcp = 5.64 N/mm2

fcpx at 199 mm from end

= 441 mm

= 3.94 N/mm2

σcp = 5.44 N/mm2

fctd = 0.7 × 3.80/1.5 = 1.77 N/mm2

Ultimate shear capacity 

VRd c,

. . . . .

= ×

× + × × ×

696670000 303

4768000

1 77 0 273 0 9 5 44 1 772 = 103.75 kN

bv = 303 mm
ft = =0 24 55 1 78 2. .  N/mm
Ultimate shear capacity
Vco = ×

× + × ×

0 67 303

200 1 78 0 8 3 94 1 782

.

. . . . = 120.1 kN

ii) Cracked

k = 2
V k f b dRd cr ck cp v,

/. ( ) .= +( )0 12 100 0 151
1 3ρ σ

VRd cr,
/. ( . )

. . . .

= × × ×(
+ × × ) ×
0 12 2 100 0 0195 45

0 15 0 9 5 35 303 154 2

1 3

VRd,cr,min = 0.66 × 303 × 154.2 × 10−3

Cracked moment of resistance VEd ≤ VRd,cr

Mcr = (11.71 + 1.77) × 7.43 = 100.2 kNm
For the given service loading and span, 

this occurs at x = 2.72 m from support. 
At this point VEd = 26.0 kN < 83.46 kN, 
not critical.

= 83.46 kN
= 64.66 kN

100 As/bv d = 1.95
vc = 1.172 N/mm2

fpe/fpu = 0.7 (1 − 0.2388) = 0.533
Mo = 0.8 × 12.12 × 7.505 = 72.77 kNm
occurs at 1.75 m from support where 

Vu = 46.1 kN and Mu = 109 kNm.
At this point Vcr (Eq. 55) = (1 − 0.55 

× 0.533) × 1.172 × 303 × 154 + 72.77 
× 50.2/98.4 = 38.6 + 37.1

Deflections based on compound section

= 75.7 kN > 
46.1 kN not  
critical

At transfer

Ppm0 = 1163.3 × 911 = 1059.7 kN
Camber

δ1

2

6

1059700 53 8500

8 32800 716 8 10
21 6= × ×

× × ×
= −

.
.  mm

Self weight at transfer (3.81 kN/m)

δ2

4

6

5 3 81 8500

384 32800 716 8 10
11 0= × ×

× × ×
= +.

.
.  mm

Net deflection at transfer 
δ3 = −10.6 mm < span/300

Pt = 1142.0 × 911 = 1040.3 kN
Camber

δ1

2

6

1040300 53 8500

8 27400 720 6 10
25 3= × ×

× × ×
= −

.
.  mm

Self weight at transfer (3.66 kN/m)

δ2

4

6

5 3 66 8500

384 27400 720 6 10
12 6= × ×

× × ×
= +.

.
.  mm

Net deflection at transfer 
δ3 = −12.7 mm < span/300

At installation, effective change in Young’s modulus gives creep coefficient

ϕ =
× +

×

× −( ) =

32800

0 5 32800 36300
2 5

0 4 0 1 0

. ( )
.

. . .71
Camber = 1.71 × −21.6 = −36.9 mm
Self weight = 1.71 × 11.0 = 18.8 mm
Net deflection at installation  

δ4 = −18.1 mm
Long term creep coefficient  

= 0.8 × 2.5 × (1 − 0.4) = 1.20

ϕ =
+

× × =27400

0 5 27400 31000
0 4 1 8 0 676

. ( )
. . .

Camber = 1.676 × −25.3 = −42.4 mm
Self weight = 1.676 × 12.6 = 21.1 mm
Net deflection at installation 

δ4 = −21.3 mm
Long term creep coefficient  

= 1.8 − 0.676 = 1.124
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Long term camber

δ5

2

6
36 9

1 20 829760 53 8500

8 36300 716 8 10
55 2

= − −
× × ×

× × ×
= −

.
.

.
.  mm

Long-term self-weight incl. 
infill = 4.00 kN/m

δ6

4

6
1 2 18 85

5 4 00 8500

384 36300 716 8 10
33 1

= × + × ×
× × ×

= +

. .
.

.
. mm

δ5

2

6
42 4

1 124 859200 53 8500

8 31000 720 6 10
63 1

= − −
× × ×

× × ×
= −

.
.

.
. mm

Long-term self-weight incl. infill  
= 3.84 kN/m

δ6

4

6

1 124 21 1

5 3 84 8500

384 31000 720 6 10
35 4

= ×

+ × ×
× × ×

= +

. .

.

.
. mm

Long-term dead 
load = 1.2 × 2.00 = 2.40 kN/m subjected 
to φ28 = 1.2, plus quasi-permanent live 
= 0.3 × 1.2 × 5.00 = 1.80 kN/m 
subjected to φ∞ = 0.8 × 2.5 = 2.0

δ7

4

6

5 1 1 2 2 40 1 2 0 1 80 8500

384 36300 716 8 10
= + × + + × ×

× × ×
(( . ) . ) (( . ) . )

.
== +27 9. mm

Final deflection = −55.2 + 33.1 
+ 27.9 = +5.8 mm < span/250 
= 34 mm

Long-term dead 
load = 1.2 × 2.00 = 2.40 kN/m 
subjected to φ28 = 1.124, plus factor (0.
25) × live = 0.25 × 1.2 × 5.00 
= 1.50 kN/m subjected to φ∞ = 1.8

δ7

45 1 1 124 2 40 1 1 8 1 50 8500

384 31000 720 6
= × + × + + × ×

× × ×
(( . ) . ) (( . ) . )

. 110
28 3

6

= + .  mm
Final deflection = −63.1 + 35.4 + 28.3 = 

+0.6 mm < span/250 = 34 mm

Deflection after installation
Change in camber 

= −55.2 − (−36.9) = −18.3 mm
Dead load visco-elastic movement 

(subjected to φ28 after 
installation) = +20.0 mm

Live load static + visco-elastic movement 
(subjected to 1+ φ28 after 
installation) = +10.3 mm

Net movement = −18.3 + 20.0 
+ 10.3 = 12.0 mm < span/
500 = 17.0 mm

Figure 5.71 shows the final deflections.
Crack spacing and width
ws (frequent service load) = 

1.2 (3.33 + 2.00 + 0.5 × 5.00) 
= 9.40 kN/m
′ = × =Ms 9 40 8 5 8 84 92. . / . kNm

Frequent bottom stress = − ′
= − = +

f M Zbc s b co/

. . / . .

,

11 71 84 9 7 43 0 28  N/mm2  no 
decompression

Δσp > 0 and cw = 0.

Change in camber  
= −63.1 − (−42.4) = −20.7 mm

Dead load visco-elastic movement 
(subjected to φ28 after 
installation) = +21.3 mm

Live load static + visco-elastic movement 
(subjected to 1+ φ28 after 
installation) = +9.7 mm

Net movement = −20.7 + 21.3 + 9.7 
= 10.3 mm < 20 and span/
350 = 24.2 mm

Fire resistance
Effective thickness = 200 mm.
Refer Table 3.3 gives R120.
Axis distance − 15 mm = 45.8 − 15 

= 30.8 mm< 40 mm gives R90
Fire resistance = 90 minutes

Cover = 40 mm gives 2 hours
Depth = 200 × ((152460 + 9960)

/1200 × 200) = 133 mm 
> 123 mm gives 2 hours

Fire rating = 2 hours
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Other data
Sound attenuation, including finishes
BS EN12354-1, Annex B2 [5.60] and similar data from National Physics Laboratory for voided 

elements:

D m= − = × + − =37 5 44 37 5 102 3 33 2 00 44 5910 10. log . log ( ( . . )) . dB  dB

Thermal resistance of uninsulated floor
BS EN 13369, clause 4.3.6 [5.7] refers to BS ISO 6946:2007 [5.61] and BS ISO 10456:2007 [5.62].
Estimate of thermal resistance, including finishes of basic unit. Refer to specialist information for 

effects of flanking at edges, air gaps and other obstructions:

Data λ for concrete = 1.7 W/moK
Rsi (internal) = 0.170 m2 oK/W downwards and 0.100 m2 oK/W upwards (BS EN ISO 6946, 
Table 1)
Ra = unventilated air space (hollow cores) = 100 mm dimension = 0.22 m2 oK/W (Table 2)
R = d/λ (Clause 5.1)

For internal to internal surfaces upwards: m2 oK/W
  R solid section of concrete = (0.200 + 0.060)/1.7 = 0.153
  Internal surfaces = 2 Rsi = 2 × 0.100 = 0.200
  Sum RT,solid at solid section of concrete = 0.353

Equivalent thickness of flanges above and below the voids ≈ (Ac − bw h)/b = ((152460 + 7515) − 
(303 × 200))/1200 = 83 mm

RT concrete flanges = (0.083 + 0.060)/1.7 = 0.084
Internal surfaces = 2 Rsi = 2 × 0.100 = 0.200
Air space Ra = 0.160
Sum RT,void at voided sections = 0.444

Figure 5.71  Final deflection profiles for the example in Section 5.6 to BS EN 1992-1-1.
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(EN ISO 6946, 6.2.2)
Proportion of voided slab per unit width fvoid = (1200 − 303)/1200 = 0.748

1/RT = fsolid/RT,solid + fvoid/RT,void = 2.399 W/m2 °K
Final RT = 0.42 m2 °K/W



CHAPTER 6

Composite Construction

6.1  Introduction

Composite construction offers many advantages in precast concrete design, particularly in enhancing 
the flexural and shear strength of prestressed concrete beams, where greater axial stresses may be 
generated in the precast units than in ordinary non-composite designs. To most minds, composite 
construction means adding in situ concrete on top of precast components to form a single unit acting 
as though it were one. However, in the context of precast design there are many ways in which in situ 
concrete is used compositely in the structure. For example, composite action is used mainly to:

	 increase flexural and shear strength of floor slabs
	 tie floor slabs to beams, thereby ensuring a secure bearing, and increasing the flexural and shear 

strength of beams
	 provide the compressive and/or shear transfer between adjacent precast units, e.g. between walls, 

shear walls and columns, and at column foundations
	 provide interface shear between the in situ concrete infill and the outer leaf of a precast concrete 

twin-wall
	 ensure floor diaphragm action, with or without a structural topping (see Section 8.2)
	 anchor stability tie steel into precast components (see Section 9.2).

In all cases, in situ concrete surrounds the precast components to form a monolithic structure. 
Shear and compressive forces are carried through the in situ concrete by shear friction, wedging and/
or bearing. Tension is effected by fully anchored rebar, or other mechanical means, so that the concrete 
is confined to prevent lateral splitting. Design values at the interface vary over a wide range depending 
on the surface characteristics of the joining faces, the loading, and the mode of failure, where non-
ductile situations attract higher partial safety factors.

The strength of the two concretes may be different; usually the precast concrete is grade C30/37 to 
C50/60 and the in situ concrete is grade C20/25 or C25/30 (see Table 6.1), but this is taken into account 
in the analysis for both the service and ultimate limit states. Reference is also made to the design 
recommendations in BS EN 1992-1-1, clause 6.2.5 [6.1] {BS 8110, Part 1, clause 5.4 [6.2]}.

Non-structural finishing screeds may be applied directly onto precast concrete slabs, but allow
ances for precamber should be made in calculating overall floor depth. It is only in the presence  

The design and construction aspects of using precast concrete elements compositely with in situ concrete 
are described.

Multi-storey Precast Concrete Framed Structures, Second Edition. Kim S. Elliott and Colin K. Jolly.
© 2013 Kim S. Elliott and Colin K. Jolly. Published 2013 by Blackwell Publishing Ltd.
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of very large line or point loads, or in cases where the dynamic or acoustic characteristics of the  
precast slab are judged to be inadequate, that a structural in situ reinforced concrete topping 
might be required. Note the terminology: ‘topping’ is a structural layer, ‘screed’ is a non-structural 
finishing layer. Structural toppings are nearly always necessary where double-tee units are used and 
are an obvious prerequisite for composite plank construction. For a topping to act compositely  
with the precast slab, in a structural sense, the concrete must be reinforced and unbroken by service 
chases, etc.

The two main areas where composite construction is carried out are in floor slabs and beams 
(Figures 6.1(a)–(e)). The structural function of some precast elements, e.g. precast planks (Figure 
6.1(c)) such as ‘Omnia’ floor (Figure 5.1(d)), rely implicitly on composite action. However, composite 
action in other elements, e.g. hollow-core slabs and beams (Figures 6.1(a) and (e)), is optional and 
may be used at the discretion of the designer wishing to increase flexural and shear capacities, stiff-
ness, fire resistance and vibration characteristics. Composite construction may also be used to create 
extended bearings at the ends of units, as shown in Figure 4.3.

The design is carried out in two stages, before and after the in situ concrete has reached its design 
strength. The main design criteria are:

	 flexural and shear strength, serviceability and ultimate states
	 confinement or reinforcing of in situ concrete to avoid separation, called ‘delamination’, from the 

precast concrete
	 interface shear transfer
	 constraint of in situ concrete shrinkage.

These items will be considered for the two cases of composite floors and composite beams, design 
of which are discussed in more detail later in this chapter.

Precast twin-wall construction, shown in Figure 6.2(a), relies on the interface shear between the in 
situ concrete infill and the outer leaf of the precast walls. Twin walls are most commonly used in wall 
frames as the direct support for floor slabs in multi-storey apartments, hotels, schools, etc., but may 
also be used in skeletal frames for shear walls, or in localised areas where beams and columns are not 
appropriate. The advantages over solid walls are mainly in the ease of continuity by placing additional 
reinforcement in the cavity. There is also reduced self-weight during transportation and erection. 
However, compared with solid walls, the complexity of manufacture and casting of the in situ infill 
reduces these bonuses. The twin walls are manufactured with light reinforcement in the outer leaves, 
typically H10 at 200 mm centres in a thickness of 75 to 100 mm, together with diagonal lattices, typi-
cally 5-, 6- or 7 mm-diameter bars inclined at between 45°and 65° to the wall, as shown in Figure 
6.2(b). Total thickness varies between 250 and 400 mm. The surface roughness is classed as ‘smooth, 
as cast, or slip formed/extruded’.

Table 6.1  Strengths and short-term elastic moduli for typical concrete for composite construction

Type of concrete
fck fctd Ecm* fcu ft Ec

(N/mm2) (N/mm2) (kN/mm2) (N/mm2) (N/mm2) (kN/mm2)

In situ 20.0 – 30.0 25.0 – 25
In situ 25.0 – 31.5 30.0 – 26
Precast reinforced 30.0 – 32.8 37.0 – 28
Prestressed 40.0 1.64 35.2 50.0 3.2 30
Prestressed 50.0 1.90 37.3 60.0 3.5 32

* Gravel aggregates. Limestone × 0.9.
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The design ultimate shear resistance at the interface is given according to BS EN 1992-1-1, clause 
6.2.5, Eq. 6.25, and in BS 8110, Part 1, Table 5.5, as vu = 1.8 N/mm2 for fcu = 30 N/mm2 as:

	 v cf f f fRdi ctd n yd ck ck= + + + ≤ −µσ ρ µ α α( sin cos ) . ( )0 2 1 250/ 	 (6.1)

i.e. the sum of cohesive bond c = 0.2, shear friction μ = 0.6, and dowel action effects (according to 
BS EN 1992-1-1 amendment dated 30 June 2008). Inclination of the bars α = must be between 45° 

Figure 6.1  Composite slab and beam sections. (a) Composite hollow-core slab; (b) composite double-tee 
slab; (c) composite plank floor; (d) composite beam action with a structural topping; (e) requirements for 
composite beam action without a structural topping.

(a)

(b)

(c)

(d)

(e)
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Figure 6.2  (a) Precast twin-wall construction (courtesy of Precast Concrete Structures Ltd., UK); (b) diagonal lattices provide 
the interface resistance and tension across the cavity.

(a) (b)

Figure 6.3  Definition of interface shear and normal resistances in lattice girders.
Reproduced from BS EN 13747:2005 [6.3], Figure D2.

Asw fywd (µ sin α′ ) Asw fywd (µ sin α + cos α)

α′ α
vEd

vEd′

and 90°, i.e. acting against the shear flow, as shown in Figure 6.3, taken from BS EN 13747:2005 [6.3]. 
If α > 90°, the cos α component will be negative and is deemed not to be active, such that:

	 V A fRdi sw yd= + + −( sin cos sin( ))µ α α µ α180 	 (6.2)

There is no term for shear wedging, which, if the interface has a surface roughness of 1 to 2 mm, can 
be equal to or even greater than the other two terms. For this type of wall there is no externally applied 
normal stress, σn = 0. The steel area ratio ρ = Asw/ps, where Asw is the area of 2 diagonals inclined at 
α with the shear flow, and 2 diagonals inclined at (180 – α) opposing the shear flow; p = pitch of 
diagonals; and s = spacing of lattices. For example, if 7 mm diagonals at 60° are used in a lattice with 
a 150 mm pitch and 300 mm spacing, grade C25/30 in situ concrete, and fyd = 500 N/mm2, then 
ρ = 2 × 38.5/150 × 400 = 0.00128 (note that 2ρ sin α = 2 × 0.00128 × 0.866 = 0.22% > minimum 
0.13%). Then vRdi = 0.2 × 1.20 + 0.00128 × 0.87 × 500 × (0.6 sin 60° + cos 60° + 0.6 sin 120°) = 
0.24 + 0.86 = 1.10 N/mm2. Also vRdi ≤ 0.2 × 0.9 × 25 = 4.5 N/mm2, not critical. The critical resistance 
is much lower than in BS 8110, vu = 1.8 N/mm2.
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The technical report by FIP [6.4] on shear at the interface of precast concrete is also used to calculate 
the limiting shear strength. In this document, the surface characteristics are classed as Type viii, as 
per Figure 7 in the document. This is category 2 in the calculation for interface shear capacity

	 f f fvd yd td= +β ρ β1 2 	 (6.3)

where β1 is a friction factor for mean inclination of a saw-tooth model of 42° = 0.9, β2 is a cohesion 
factor = 0.4, ρ = As sin α/ps, and f ftd cu= 0 25. . Continuing the previous example, fvd = 0.9 × 0.866 
× 2 × 0.00128 × 0.87 × 500 + 0.4 × 1.37 = 0.868 + 0.548 = 1.42 N/mm2. The effect of the opposing 
inclination of the diagonals, giving rise to horizontal components in the direction of the shear force, 
may be disregarded when using the FIP approach.

The low value of vRdi in EC2 is not unexpected, but is surprising, particularly as the ratio with FIP 
values is 0.58, on which the Eurocode leans heavily. Of greater concern is the cohesive strength c fctd 
for as-cast and slip-formed finishes. The effect of this may be the requirement to specify dowel action 
bars at interfaces where the interface stress is in the region of 0.25 N/mm2, considerably lower than 
0.55 N/mm2 in BS 8110.

6.2  Texture of Precast Concrete Surfaces

6.2.1  Classification of surface textures

The types of surface which a precast unit may have, prior to receiving the in situ concrete to form a 
composite section, may be classified according to the following types given by the FIP Recommenda-
tions [6.4]. These options are presented in order of increasing roughness:

(1)	 smooth, as obtained by casting the unit against a steel or timber shutter
(2)	 trowelled or floated, to a degree where it is effectively as smooth as (1)
(3)	 tamped, so that the fines have been brought to the top, but where some small ridges, indenta-

tions or undulations have been left
(4)	 achieved by slip-forming and vibro-beam screeding
(5)	 produced by the extrusion technique
(6)	 textured, by brushing the concrete when wet, ideally to a specified depth of ridge
(7)	 brushing by a transverse screeder, by combing with a steel rake or tamping with a former faced 

with a suitable expanded metal
(8)	 the concrete has been thoroughly compacted but no attempt has been made to smooth, tamp 

or texture the surface in any way, leaving a rough surface with coarse aggregate protruding (but 
firmly fixed in the matrix)

(9)	 the concrete has been sprayed wet, to expose the coarse aggregate without disturbing it
(10)	 provided with mechanical shear keys.

Type (1) rarely occurs in the types of composite section illustrated in Figures 6.1(a)–(d). Type (2) 
is almost impossible to achieve and would rarely be attempted in practice. Type (3) is possibly the 
most common type of smooth surface considered in design, although in practice it will usually be 
rough to some extent. The remaining types all have some measure of roughness, whether naturally 
occurring or deliberately induced.

With some extrusion processes type (5), with high vibration, can cause bleeding and produce a 
very smooth surface, but generally this type of surface would have the same level of roughness as type 
(6). Types (6) and (7) are possibly the most common textured surfaces, type (7) probably being at 
least as effective as type (9) (which is specifically mentioned in many codes of practice).

Type (8) can produce a very rough surface, but there can be problems with it since the concrete 
near the top may be poorly compacted.
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Some indication is given in the literature [6.4] of the degree of roughness covered by these descrip-
tions, but there are no clearly defined boundaries between the different types, and what is actually 
achieved will depend very much on workmanship in individual cases. For example, the effectiveness 
of the smoother surfaces can be influenced by the concrete workability, and the presence and type of 
mould oil. All surfaces not roughened deliberately can be affected by casting procedures, concrete 
workability, and whether or not use is made of super-plasticisers. Whatever approach is adopted, it 
is essential that the surface is not weakened by destroying the aggregate bond.

Surfaces (5) to (9) inclusive could be generally considered as being at least adequate in providing 
a suitable surface for an effective construction joint using in situ construction, at least in terms of 
roughness. Surface types (1) and (2) clearly do not provide an equivalent surface. It is also impossible 
in practice to obtain this equivalence with type (3) and (4) surfaces.

6.2.2  Surface treatment and roughness

In designing the interface to ensure composite action, most previous codes have considered surface 
roughness to be the principal factor, giving limiting stresses for differently defined categories of rough
ness, which have not always related to the types of surface that can realistically be achieved in practice. 
Test data – for example, the work by Vesa [6.5] and Gustavsson [6.6] – indicate that the treatment of 
the precast surface is at least as important as the degree of roughness. Factors such as cleanliness, 
compaction, the presence of laitance, curing and wetting of the surface have a major influence on the 
shear strength of the interface. Indeed, with the optimum combination of these, and with good mix 
design and workmanship for the in situ concrete, it is possible to develop a strength with a smooth 
surface (types (3) and (4), and possibly (2), for example) that is equal to, or even greater than, that 
obtained with a rough surface (types (7) to (8)), where less attention has been paid to surface treat-
ment prior to making the joint.

For these reasons, the FIP Recommendations [6.4] place great emphasis on surface treatment and 
on workmanship requirements for the in situ concrete topping. The major principle in following these 
recommendations is that any treatment of the surface – to clean it, or to produce the required level 
of roughness – should not impair the interface strength. This means avoiding any treatment causing 
cracks in the matrix or aggregate.

Roughness can influence the potential bond which may be achieved between the two concretes in 
the following ways:

	 the increase in the interface surface area caused by roughness
	 the fact that natural debonding factors, such as laitance skin, dust, water and so on, are concentrated 

at depressions in the surface, whereas projections tend to be less affected
	 the rougher the surface, the less susceptible it is to the quality of the workmanship in cleaning and 

preparation. Angular aggregate is advantageous
	 the shape and inclination of the ridges should ideally lead to a definite mechanical grip (interlock-

ing) between the two concretes. The amplitude and pitch of the ridges or high spots (and their 
shear strength) should be such as to permit this interlocking to take place. It should also be noted 
that during curing, ridges will often be exposed to less favourable conditions than the rest of the 
concrete.

These characteristics of the adhesion between the two concretes are important in considering the 
deformations involved when failure occurs along an interface. Chemical bonds will be destroyed first, 
but the interlock effect can be destroyed only if all the ridges and high spots fail in shear. Even if this 
does happen, then if the two concretes are physically prevented from moving apart (by reinforcement, 
for example) it will be possible to mobilise shear resistance due to friction, where the rougher surface 
will give a greater frictional resistance. The opportunities to obtain a strength equivalent to a mono-
lithic section (the maximum possible) are therefore considerable.
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The qualities that affect bond and shear transfer at the interface are surface roughness, surface 
strength, and cleanliness. Where interfaces are to be bonded, the designer should prescribe the relevant 
category of roughness and, if bond is particularly important structurally, should consider whether or 
not to specify methods of achieving the required standard. As an aid to the specification, it is of 
considerable help if models, photographs or specimens are supplied to the factory.

Various kinds of micro-roughness may be achieved for surfaces that are cast against a mould and 
that, in general, are characterised as plane or smooth. The mould material itself has a considerable 
influence, as does the mould-release agent used. Thus wood, steel and resin moulds result in different 
kinds of surface, which may be differentiated further by the choice of demoulding agents used on 
their surfaces. An extreme example is the use of retarding release agents, providing exposed aggregate 
interfaces after surfaces have been demoulded, washed and wire-brushed.

Mechanical means to achieve suitable roughness vary from fibre and steel brushes to rake-like 
devices and groove-cutting saws, all dependent on the concrete consistency and roughness pattern 
intended. It is advisable to pretest the mechanical device chosen so as to ensure a surface pattern that 
conforms to the surface category required. The treatment should preferably be done in such a way 
that resulting ridges are directed normally to the main shearing forces to be transferred at the 
interface.

6.2.3  Effects of surface preparation

The main parameters for the surface preparation of precast floor units, in particular hollow-core or 
double-tee slabs, are roughness, moisture content and debris (including surface laitance after floor 
slabs are manufactured). Figures 6.4 and 6.5 show dried laitance, after sawing at the ends of hollow-
core floor units, flaking off in the hand with a thickness of 0.7 to 1.0 mm. While most of this is 
removed prior to erection, there may remain sufficient dust to affect the integrity of the interface.

According to EC2 a ‘smooth’ surface is as cast, with no additional treatment apart from the usual 
removal of debris, as is typical of the extruded or slip-formed finish to hollow-core units. A ‘rough-
ened’ surface has some post-casting treatment to create 3 mm roughness, and an ‘indented’ surface 
has 5 mm roughness. Surface moisture content is not specified, although the general rule is that sur-
faces should be dampened, yet without standing water or ponding in crevices. Ibrahim and Elliott 
[6.7–6.9] studied the combined effects of surface roughness and moisture on the interface shear 
capacity in some small-scale push-off tests and full-scale shear tests on composite hollow-core slabs. 
Mones and Breňa [6.10] studied surface preparation, such as sandblasting, raking and brushing of 
dry-cast (extruded) and wet-cast (slip-formed) hollow-core samples. Smooth surfaces were ex-
production, with a surface roughness Ra = 0.25 to 0.32 mm [6.7] and macrotexture depth (determined 
using a fine sand volume method) of 0.25 to 0.35 mm [6.10], while roughened surfaces were raked 
transversely to a depth of 2 to 3 mm and had Ra = 0.42–0.48 mm [6.7] and 0.75–1.20 mm [6.10]. 
Typical hollow-core production is in the order of Ra = 0.2 mm for extruded and 0.3 mm for slip-
formed. Three different surface moistures were prepared:

(a)	 ‘dry’ (indoor exposure at RH = 45% for a few weeks giving 12 to 13% moisture content at test)
(b)	 ‘optimum wet’ (as dry, plus 9.5 litres/m2 of water, any excess allowed to evaporate with no stand-

ing water and giving 26 to 28% moisture content)
(c)	 ‘ponded’ (45 litres/m2 of water to a standing depth of 1 to 2 mm, giving 53 to 55% moisture 

content).

Shear tests were carried out according to BS EN 1168, Annex J [6.11], and the interface shear capacity 
vRdi was calculated from first principles (see section 6.2.5) when the ultimate failure of the slab 
occurred. Mones’s results are based on push-off tests. The results in Figure 6.6 are, as expected, greater 
than code values: by a ratio of 1.8 to 2.5 vs BS8110 and 2.7 to 4.8 vs EC2. The ‘optimum wet and 
rough’ condition gave the greatest capacity, with vRdi mean = 1.5 N/mm2, and the ‘ponded and rough’ 
surface also achieved about 1.35 N/mm2, although the mode of failure was less predictable in the 
ponded conditions. Mones’s data, with a maximum strength of 2.23 N/mm2, show further linear 
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correlation of vRdi with roughness, with greater variation for the effect of surface wetting in the dry-
cast hcu. The main conclusion is that good practice values are well in excess of code values, reasonably 
repeatable, and do not fail before the vertical ultimate shear capacity of the composite slab is attained.

The interface research also included a long-term bending test on a composite slab, as shown in 
Figure 6.7. The slab consisted of five 1.2 wide × 150 mm deep hcus with a 75 mm structural topping 
(fcu = 43 N/mm2), 6.0 m long, and was subjected to a uniformly distributed load equal to its service 
capacity of 10 kN/m2 for two years. Creep strains, deflections and ambient top and bottom tempera-
tures were monitored daily, giving the results in Figure 6.8. In spite of seasonal variations, the increase 
in creep deflections was as expected and some 2.45 times the initial static deflection. An ultimate load 
test on the composite slab gave values of vRdi of around 1.2 N/mm2, and showed vRdi is not affected by 
exposure to external environmental effects.

Figure 6.4  Surface laitance on the top of hollow-core floor units.

Figure 6.5  Surface laitance measured as 0.85 mm thickness.
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Figure 6.6  Results of interface shear tests on prestressed hollow-core slab with a structural topping [6.7, 6.10].
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Figure 6.8  Mid-span deflection in the composite slab bending test shown in Figure 6.7 [6.7].
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6.3  Calculation of Stresses at the Interface

Shear at the interface need only be checked for the ultimate limit state. The design method used, based 
on experimental evidence, will ensure that serviceability conditions are satisfied. The average ultimate 
shear stresses at the interface may be calculated using eq. 6.1. In EC2, the complementary vertical 
shear stress forms the basis for the calculation.

v
V

zb
vEdi

Ed

i
Rdi= ≤β

where
vRdi = the design shear stress resistance at the section 

interface considered at the ultimate limit state;
vEdi = the design transverse shear force in the concrete 

to one side of the interface;
β is the ratio of longitudinal force above the interface 

to the total longitudinal force;
z = the lever arm of the composite bending section;
bi = the transverse width of the interface.
The design shear stress resistance is given by:
VRdi = cfctd + μσn + ρfyd(μsinα + cosα)
with an upper limit defined by
VRdi ≤ 0.5vfcd

where
c and μ are surface roughness factors reproduced in 

Table 6.2.
f fctd ck= 0 14 2 3. /

fcd = 0.85/1.5 fck

σn is the normal force across the interface, compression 
positive. When σn is –ve, c = 0.

ρ = As/Ai , the ratio of rebar crossing the interface area
α is the angle between the rebar and the interface
ν is the reduction factor 0.6(1 − fck/250)
The effect of reinforcement crossing the interface is 

included in the above formulation.
In many precast-to-in situ structural floor toppings, ρ 

is zero and σn is positive, but small and conserva-
tively taken as zero.

(6.4) v
F

bL
ave

v

z

=

where
vave = the average shear stress at the cross section of the 

interface considered at the ultimate limit state;
Fv = the design force in the concrete to one side of the 

interface;
b = the transverse width of the interface;
Lz = distance between the points of minimum and 

maximum bending moment.
The design values in Table 6.2 are based on the use of 

this formula, and allowance has been made for the 
small errors in defining the shear stresses that occur 
in the equation.

If the interface is in a compression zone, then Fv is 
equal to the compression force in the in situ concrete 
only, i.e. above the interface. If the interface is in a 
tension zone, then Fv is equal to the total compres-
sion or tension calculated from ultimate loads.

The force is distributed evenly over the contact interface 
breadth and over the length of the beam between 
points of maximum and zero moment, thus giving 
the average interface shear stress vave. The average 
stress is then distributed in accordance with the mag-
nitude of the vertical shear at any section, to give the 
design shear stress vh. Thus for uniformly distributed 
superimposed loading (self-weight does not create 
interface stress) the maximum stress vh = 2 vave. For a 
point load at mid-span vh = vave and so on.

Horizontal interface shear stresses vh are checked for 
the uncracked section (BS 8110, Part 1, clause 
5.4.7.2) against values in Table 6.2 (reproduced from 
BS 8110, Part 1, Table 5.5).

(6.4)

If vEdi is less than the capacity without reinforcement, 
then minimum orthogonal links should be provided 
(according to equation 9.4 in BS EN 1992-1-1), as 
follows:

A
f

f
b ssw

ck

yk
w, .min = 0 08

where
bw is the mean width of the tension web below the 

interface
s is the longitudinal link spacing

(6.5)

If vh is greater than the ultimate stress in Table 6.2, then 
reinforcement (per metre run) is provided (accord-
ing to equation 62 in BS 8110), as follows:

A
bv

f
f

h

y

=
1000

0 87.

The reinforcement should be adequately anchored on 
both sides of the interface. If loops are used, as shown 
in Figure 6.9, the clear space beneath the bend should 
be at least 5 mm + size of aggregate. It is found that 
the bend radius need not comply with bursting 
requirements; only the minimum of 3ϕ is required.

(6.5)
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The bars are usually uniformly distributed along the length of the interface, although the spacing 
could in fact be reduced towards the point of zero shear. Nominal links should be at least equal to 
0 08 0 15. { . }f fck y/  per cent of the contact area. The longitudinal spacing of links should not be too 
large, 0.75d or 600 mm, with their equivalent being concentrated in joints typically at 1.2 m maximum 
for hollow-core slabs. Where links are provided in ribs of tee-beams, the spacing should additionally 
not exceed four times the minimum thickness of the in situ concrete.

The minimum permissible interface shear stress for hollow-core units (hcu) and double-tee units 
is therefore 0.36 {0.4} N/mm2 and 0.46 {0.6} N/mm2, respectively, for normally produced units. For 
EC2 designs, this is constrained by the concrete topping strength. In short spans where the shear  
is large (compared with flexural requirements), interface links can be left projecting in the longitu-
dinal joints between hollow-core units using loops (H10 at 1.2 m centres for example), as shown in 
Figure 6.9.

Table 6.2  Design Ultimate Horizontal Shear at Interface

EC2 coefficients BS 8110 Stress (N/mm2)

Grade of in situ concrete

Precast unit Surface type c μ Surface type C20/25 C25/30 C30/37

Without links Cast against steel,  
plastic or surface- 
treated wood

0.025–0.1 0.5 As cast or as extruded 0.40 0.55 0.65

Slipformed,  
extruded or only 
vibrated

0.2 0.6 Brushed, screeded or 
rough-tamped

0.60 0.65 0.75

>3 mm roughness 
by raking, exposing 
aggregate, etc.

0.4 0.7 Washed to remove laitance, 
or treated with retarding 
agent and cleaned

0.70 0.75 0.80

With nominal 
links that project 
into in situ 
concrete

Indentations > 5 mm 
deep (shaped as 
specified)

0.5 0.9 As cast or as extruded 1.20 1.80 2.00

Brushed, screeded or 
rough-tamped

1.80 2.00 2.20

Washed to remove laitance, 
or treated with retarding 
agent and cleaned

2.10 2.20 2.50

Figure 6.9  Projecting loops placed in the longitudinal joints between hollow-core units.
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Figure 6.10  Definition of interface contact breadth [6.4]

Figure 6.11  Examples of special cases for consideration in determining contact breadth.

The definition of b in Eqs. (6.4) and (6.5) is clear in most cases but, for example, in the situations 
given in Figure 6.10, b must be defined on its merits because it is not practical to define specific rules 
that cover all cases. It can, however, be recommended that those parts of the interface that are covered 
by in situ concrete of thickness less than 30 mm should normally not be considered as effective inter-
face area, except in sections of the type shown at G–H in Figure 6.11. Because of the compacting 
pressure during casting, 20 mm or the maximum aggregate size can be considered to be the minimum 
thickness on the side of beams.

6.4  Losses and Differential Shrinkage Effects

6.4.1  Losses in prestressed composite sections

It is difficult to make an assessment of the losses of prestress that occur in a composite section, as 
they obviously depend on when the in situ concrete is added to the prestressed concrete, normally 
after between one and four months. Although it may be assumed that most of the losses occur before 
this addition, in many cases that will not be strictly correct and the effects of differential shrinkage 
and creep should at least be taken into account.
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If little or no losses have taken place in the prestressed concrete before the topping is placed (i.e. 
in less than 7 days), then the shortening of the precast unit will be restrained to some extent by the 
added concrete, though the amount of the actual restraint will depend on the shape of the section 
and the quantity of the in situ concrete used.

Any bending moment that is induced in the composite section as a result of differential shrinkage 
affects only the elastic stress conditions, and does not affect the ultimate behaviour (in the same  
way that the level of prestress has a small influence on the ultimate strength). Because it is difficult 
(and probably unnecessary) to make a 100 per cent correct assessment of the differential deformations 
due to shrinkage and creep, it seems sensible to first compute the shrinkage and creep movement 
taking place in the precast beam, and then to add the effects of the relative movement in the topping 
concrete. To proceed in this manner will usually lead to slightly conservative results, as the relative 
shrinkage strain in the interface will be greater than if all the shrinkages are assumed to occur 
simultaneously.

6.4.2  Design method for differential shrinkage

The forces due to differential shrinkage may be calculated by the following method. In this analysis, 
the term ‘differential shrinkage’ is used to describe the difference in the free strains due to the shrink-
age of the in situ concrete and the combined shrinkage and creep of the precast concrete. At the end 
of the span, the stress in the precast concrete due to self-weight and prestress is small and the dif-
ferential strain should normally be taken as the difference in the free shrinkage values of the two 
concretes.

If the beam or slab reinforcement is placed non-symmetrically, a bending moment is induced by 
shrinkage owing to non-uniform restraint by the reinforcement and, as a result, shrinkage increases 
the curvature and consequently the flexural deflection of the components.

In the following equivalent tensile force method for estimating shrinkage-induced stresses, applied 
actions and shrinkage forces are resisted by an uncracked, cracked or partially cracked member. In 
the case of the cracked or partially cracked member, the assumption is made that the shrinkage occur-
ring prior to cracking is insignificant. It is therefore possible to treat shrinkage-induced stress in a 
similar way to load-induced stress at the serviceability limit state.

Consider a unit length of the composite precast beam of precast depth h, and topping depth hs, 
shown in Figure 6.12(a), in which, after any interval of time following the casting of the in situ con-
crete flange, the free shrinkage of the flange is εf and the combined free shrinkage and creep of the 
beam is εb at the centroid, with values of εbt and εbb at the top and bottom fibres respectively. Refer 
also to the design guidance given in BS 8110, Part 2, clause 7.4, and BS EN 1992-1-1, annex D. The 
analysis considers that the precast concrete member is free to shrink, and when this happens the 
compression and tension steels are compressed by fictitious forces εb s sA E′  and εbAsEs respectively, 
where ′As  and As are the areas of the compression steel and tension steel, respectively, and Es is the 
Young’s modulus of the steel bars or tendons. When these loads are released, it is equivalent to eccen-
tric tension loads εb s sA E′  and εbAsEs applied at the steel level to the entire transformed area of the 
member, as shown in Figure 6.12(b). These forces produce a bending moment and consequently a 
curvature and flexural deflection of the concrete member. If A As s> ′, then the deflection is downwards. 
These forces also produce an interface shear stress as follows.

The bending moment Mb produced by the effects of beam shrinkage is given by:

	 M E A d X A X db b s s s= − − ′ − ′ε ( ( ) ( )) 	 (6.6)

where d and d′ are the depths of the tension and compression reinforcement respectively, and X is 
the distance from the top of the topping to the neutral axis of the transformed composite section (see 
Section 6.5 for an explanation of transformed sections). In multi-layered reinforcement, use the sum 
of each layer for the term As (d − X).
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Figure 6.12  Theoretical approach to shrinkage-induced deflections in composite construction. (a) 
Definitions; (b) shrinkage effects in reinforced sections; (c) effective eccentric force due to differential 
shrinkage; (d) shrinkage-induced deflection.

(a)

(b)

(c)

(d)
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For plane sections to remain plane, the strain gradient in both the composite and the precast beam 
is identical; hence the strains in the top and bottom surfaces of the beam are given by Eqs. (6.7) and 
(6.8) (assuming εbt > εbb):

	 ε εbt bb
b

c c

M h

E I
− = 	 (6.7)

where Ec is the modulus of elasticity of beam concrete, and Ic is the second moment of area of the 
transformed composite section. Also, the strain at the interface between the precast concrete and 
topping:

	 ε εbt
b s

c c
b

M X h

E I
= − +( )

	 (6.8)

The relative shrinkage strain between the flanged topping (εf) and the top surface of the precast 
concrete beam (εbt) is given by:

	 ε ε εs f b= + 	 (6.9)

The modification factor for the restraining effect of the mesh in the topping (1 + Kρ) (where 
ρ = 0.13 to 0.24 per cent, and K = 15 to 25, typically) is not significant in toppings.

To restore a common strain at the interface, an equal and opposite force must be applied to both 
flange and beam. The tensile force F is applied at the centroid of the flange to overcome the strain 
differential between the flange and the beam (Figure 6.12(c)), and is given by:

	 F E mAs c f= ε 	 (6.10)

where m E Ec c= ′/  is the modular ratio, and Af is the area of flange section. In composite beams the 
effective width of the flange is the same as for any tee-section, so Af can be determined.

The two concretes may now be joined together (theoretically) and the external actions released if 
a compressive force F and a balancing moment Mc are applied to the composite section, such that:

	 M Fe Mc b= + 	 (6.11)

where e is the distance between the centroid of the flange and the centroid of the composite section. 
The contribution of Mb is usually not more than about 5 per cent of the total moment Mc. The result-
ant longitudinal force Fv (of these two actions) to one side of the interface (tension in the flange and 
compression in the beam) is given by:

	 F F M
S

I
v c

c

c

= + 	 (6.12)

where Sc is the first moment of area to one side of the interface about the centroid of the transformed 
composite section, and Ic is the second moment of area of the transformed composite section. This 
is the value for Fv that must be used in Eq. (6.4).

The resulting induced bending moment Mc causes a maximum mid-span sagging curvature deflec-
tion δs (Figure 6.12(d)) over a simply supported span L of:

	 δ s
c

c c

M L

E I
=

2

8
	 (6.13)

and so on, depending on the beam geometry and loading conditions. Note that in the unlikely event 
of εf < εbt, then F will be negative. In this case use F = 0, and so Mc = Mb and Fv = Mb Sc/Ic.
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Shear lag effects in the in situ concrete will reduce the relative shrinkage strains. This will be notice-
able in depths of topping greater than about 100 mm. However, in most applications in precast work, 
where thicknesses of in situ concrete are usually less than 75 mm, the simplified version given above 
is adequate for design purposes.

A further complication in the analysis is the changing thickness of in situ toppings on precambered, 
prestressed beams and slabs. In a typical situation the depth of topping used on a hollow-core or 
double-tee floor slab is 50 mm at the crown (mid-span) of the floor slab and up to 80 mm at the 
supports. Thus the composite section properties calculated at the crown of the floor are not appropri-
ate to the situation at the supports, where the effects of differential shrinkage are the greatest. For the 
same reason, neither are the section properties at the support correct. The usual practice is to calculate 
the interface stresses based on the composite section properties at the position of the mean depth of 
the topping.

Where non-rectangular beams, e.g. L- or inverted-tee beams, are designed compositely with floors 
and toppings the situation is more complicated, because the contact area between the precast and in 
situ concretes includes the sides of the upstand. This may be ignored if the width of the in situ infill 
is less than 30 mm. In Type II edge beams (Section 4.3.4.), where the in situ is much wider, the critical 
interface is at the ledge, rather than at the top of the beam.

Exercise 6.1  Shrinkage-induced forces in rc sections

The reinforced concrete inverted-tee beam shown in cross section in Figure 6.13 is simply supported over an 
effective span of 10 m. The beam supports 200 mm-deep hollow-core floor slabs clear spanning 6.6 m, and the 
mean depth of the topping over the line of the beam is 75 mm. Given that after the topping has been cast the 
predicted free shrinkages in the beam concrete and topping concrete are 80 με and 150 με, respectively, calculate 
the average interface shear stress between the top of the beam and the topping.

Use grade C30/37 concrete for the beam, grade C20/25 for the topping, with Es = 200 kN/mm2, and 35 mm 
cover to the 10 mm-diameter links.

Solution

Step 1: Considering free shrinkage of beam acting over transformed composite section
Effective breadth of topping = 300 + 10 000/5 = 2300 mm
Depth to neutral axis of transformed section (ignore minor steel areas) = 208.2 mm
Eccentricity of topping, e = 220 − 37.5 = 182.5 mm

Figure 6.13  Details for Exercise 6.1.
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Bottom reinforcement (four H32 bars) As = 3216 mm2

d = − − − =575 35 10 16 514 mm
Mid-reinforcement (two H10 bars) ′ =As 157 2mm
d = + + + =275 35 10 5 325 mm
Top reinforcement (two H10 bars) ′ =As 157 2mm
d = + + + =75 35 10 5 125 mm
Mb = × × × × − + − −−80 10 200 10 3216 514 208 2 157 325 208 2 157 2206 3 ( ( . ) ( . ) ( −− =125 16 03)) . kNm
From Table 6.1

Ec = 33 kN/mm2, ′ =Ec 30 2kN/mm
Topping modular ratio = 30/33 = 0.909
Ic = 1.461 × 1010 mm4

εbt =
× × −

× × ×
+ ×

−
−15 15 10 208 2 75

28 10 1 461 10
80 10

6

3 10
6. ( . )

.
= 84.4 × 10−6

Ec = 28 kN/mm2, ′ =Ec 25 2kN/mm
Topping modular ratio = 25/28 = 0.893
Ic = 1.455 × 1010 mm4

εbt =
× × −

× × ×
+ ×

−
−15 15 10 208 2 75

28 10 1 455 10
80 10

6

3 10
6. ( . )

.
= 85.2 × 10−6

Step 2: Considering free shrinkage of topping relative to top of beam

εs = 150 × 10−6 − 84.4 × 10−6

F = 65.6 × 10−6 × (0.909 × 2300) × 
75 × 33000 × 10−3

Mc = 339.5 × 0.1825 + 16.03
Now
Sc = (0.909 × 2300) × 75 × 182.5
So

Fv = +
× × ×

×
339 5

16 03 10 26 66 10

1 461 10

3 6

10
.

. .

.

= 65.6 × 10−6

= 339.5 kN
= 73.73 kNm

= 26.66 × 106 mm3

= 368.7 kN

εs = 150 × 10−6 − 85.2 × 10−6

F = 64.8 × 10−6 × (0.893 × 2300) × 
75 × 28000 × 10−3

Mc = 279.3 × 0.1825 + 16.03
Now
Sc = (0.893 × 2300) × 75 × 182.5
So

Fv = +
× × ×

×
279 3

16 03 10 26 3 10

1 455 10

3 6

10
.

. .

.

= 64.8 × 10−6

= 279.3 kN
= 63.71 kNm

= 26.30×106 mm3

= 308.2 kN

Average interface shear stress over half the length of the beam

= ×
×

368.7 10

300 500

3

= 0.246 N/mm2 =
×

×
308 2 10

300 500

3. = 0.205 N/mm2

6.4.3  Cracking in the precast and in situ concrete

The question often arises as to whether the in situ concrete at the interface cracks when the uniaxial 
cracking strain is exceeded, or whether the precast concrete unit restrains the in situ concrete. Some 
restraint is given to weaker concrete in these situations. If the bond at the interface is sufficient for 
the two concretes to act monolithically, then a linear strain distribution may be assumed throughout 
the entire section. Also flexural cracking at the interface propagates simultaneously in the precast and 
in situ concrete [6.12].

The precast unit, which covers the entire bottom surface of the in situ concrete, behaves in a similar 
manner to reinforcing bars, in that it eliminates any concentration of strain at any section where the 
concrete quality is below average for the specimen; thus the average strain before cracking occurs is 
greater than that for an unrestrained plain concrete having the same overall properties.

It has been seen that the assumption of linear strain distribution depends on the fact that the con-
nection between the two concretes that make up the composite section is strong enough to ensure 
that the longitudinal shearing forces cause no relative movement at the interface. A rough-tamped 
top surface of the precast unit will be sufficient to ensure that a horizontal shear failure does not 
occur, although it may take place as a secondary effect after some other factor has caused the primary 
failure. As far as cracking is concerned, a rough surface by itself will also prove to be a better 
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interlocking medium than the corresponding smooth surface that also has either castellations or 
projecting steel stirrups.

6.5  Composite Floors

6.5.1  General considerations

This section considers precast reinforced or prestressed concrete floor units with in situ concrete 
topping, or finishing screed (Figure 6.14). The screed may be floated (by power or hand) smooth to 
give a finished floor, but this prevents the placement of services in the screed. Firstly, horizontal dia-
phragm action resulting from horizontal wind or earthquake loads may be transmitted through the 
structural topping (not a finishing screed) acting as a deep beam or truss. The resulting diaphragm 
stresses are only in the order of 0.5 N/mm2 and do not affect the flexural behaviour of the topping. 
Secondly, the reinforcement in the topping may be used to satisfy the requirements for stability ties, 
in which case the reinforcement should be continuously lapped across the whole floor.

The types of floor slab considered here are hollow-core floors, double-tee units and precast planks. 
In designing a composite floor, reference must be made to the basic section and material properties 
of the precast unit itself, i.e. h, d, b, {bw}, A, I, Z, fck,{fcu}, ft, vc, etc. The precast unit serves two func-
tions, by providing permanent shuttering to the topping as well as contributing to the flexural and 
shear strength of the completed floor.

An enhancement in the ultimate moment of resistance is usually possible only in spans of up to 
about 10 m, because of the deleterious effects of additional self-weight. The optimum thickness of 
topping from a strength point of view is typically about 50 mm at mid-span. Figure 6.15 shows the 
enhanced load-versus-span characteristics of a range of 400- and 600 mm-deep double-tee units using 
75 mm-thickness structural toppings. The increased performance of composite hollow-core slabs 
gives rise to increases in superimposed loading of between 20 and 40 per cent when using a 40 mm-
thick topping, and between 60 and 110 per cent when using a 100 mm-thick topping. However, when 
these increased loadings are compared with the basic non-composite data, the efficiency of the floor-
ing expressed in terms of the volume of concrete used is reduced by about 8 per cent. This is an 

Figure 6.14  Power floating a structural topping over hollow-core floors.
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Figure 6.15  Load versus span characteristics of double-tee units using structural toppings.

obvious result, as a prestressed unit is structurally more efficient than an equivalent reinforced section. 
Further comparisons are made in Section 6.7.

Structural toppings can be made of ordinary Portland cement and a coarse aggregate with a size 
that should not exceed half of the minimum thickness. The thickness of the topping hs should not be 
less than 40 mm, and the minimum grade of concrete is C20/25. It is important that the workability 
should be specified to suit the delivery (pumped or skipped) and compaction methods (mechanical 
vibrating bar or poker) used. A slump of 75 mm is usually suitable. When calculating the average 
depth of the topping, allowances for precamber should be made as shown in Figure 6.16. The normal 
levelling tolerances given in BS 5606 [6.13] are specified; this usually means a maximum deviation in 
thickness of 5 mm.

The topping is reinforced using a mesh of minimum area 0.13 per cent of Ac, or greater for the 
requirements of stability ties, usually using a square mesh with a bar spacing of 200 mm (typically 
A142 or A193), placed at mid-depth to resist shrinkage stresses. The mesh is lapped to peripheral 

Figure 6.16  Effect of precamber on depth of topping.
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projecting reinforcement in the edge beams and is continuous over internal beams. Care has to be 
taken when lapping mesh and no more than three sheets of the mesh should meet at any point. A 
minimum lap length of 300 mm is required.

6.5.2  Flexural analysis for prestressed concrete elements

(a) At serviceability state
Permissible service stresses are checked for two loading conditions – Stages 1 and 2. These are checked 
before and after hardening of the in situ topping, respectively. Stresses and deflections are calculated 
by the superposition method, taking into account the following loads and section properties:

	 Stage 1 for the action of self-weight of the precast slab, plus the self-weight of in situ concrete 
topping, plus an allowance for temporary construction traffic of up to 1.5 kN/m2

	 Stage 2 for superimposed loading.

Bending moments M1 and M2, and section properties Zb1 and Zt1, and Zb2 and Zt2 are calculated for 
each stage. The support conditions are simple, or cantilevered. In the serviceability limit state, the 
stresses are distributed in proportion to the stiffnesses of the concrete components. Thus a modular 
ratio based on elastic response Ec (in situ)/Ec (precast) is used to calculate the effective section proper-
ties at Stage 2 for the service state, as shown in Figure 6.17. Stresses are compared with permissible 
values for compression and tension of 0.45fck and fctm respectively {0.33fcu from BS 8110, Part 1, clauses 
4.3.4 and values in Table 5.4 of clause 5.4.6}. As with the non-composite unit, the various compound 
values for Zco for the precast and composite section are used, using the appropriate modular ratios 
for the precast concrete and the composite topping. Referring to Figure 6.18(a):
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where ′Zt 2 is the section modulus at the top of the in situ concrete, fbc and ftc are the prestress 
values after losses in the bottom and top of the beam, respectively, and fct is the permissible flexural 
tensile stress allowed in Class 2 structures given in BS EN 1992-1-1, clause 3.1.6(2) {BS 8110, Part 1, 
Table 4.1}.

The critical situation occurs in the bottom of the slab, because the new position of the neutral axis 
is close to the top of the precast unit. Eq. (6.14) can be written as:

Figure 6.17  Transformed sections.
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For a specified geometry and prestress, values of fct, fbc, Zb1 and Zb2 are known. Also, M1 can be 
calculated for a given span L, and so the imposed load moment M2 may be derived.

The construction traffic loading needs to be considered as contributing to M1 only when checking 
Stage 1 service stresses. However, it does not have to be included in the final calculation of Eq. (6.15) 
because it is not a permanent load.

(b) At ultimate limit state
The design at ultimate conditions is also a two-stage process, with the flexural stresses resulting from 
the self-weight of the precast element plus any wet in situ concrete being carried by the precast unit 
alone. The lever arm in this calculation is obviously the same as in a non-composite design, i.e. d. 
The method entails calculation of the area of steel, Aps1, required in Stage 1, and to add the area, Aps2, 
required in Stage 2 using an increased lever arm. Some designers choose not to separate the stresses 
and moments as given in Eq. (6.16a), preferring to use Eq. (6.16b) for the total ultimate moment, 
and this is the approach in BS EN 1992-1-1, which assumes a completely fresh analysis of the now 
monolithic composite structure. The differences in using either method are small if the superimposed 
moment Mu2 is more than twice the self-weight moment Mu1.

Figure 6.18  Composite section design. (a) State of stress in a prestressed composite section and (b) 
composite action at ultimate limit state.

(a)

(b)
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The effect of the structural topping is to increase the lever arm to the steel reinforcement by an 
amount equal to the thickness of the topping hs, providing the depth to the neutral axis is less than 
hs (Figure 6.18(b)). At ultimate limit state the stress is distributed in proportion to the strengths of 
the concrete components. Thus in Stage 2 the effective breadth of the in situ topping is taken as:

b b
f in situ

f
e

ck

ck

=
′

( )

( )

 

precast
, where b is the breadth of the compression flange of the precast unit. Then:

	 M M f A d dRd u pb ps n1 1 1 1{ } ( ), = − 	 (6.16a)

	 M M f A d h dRd u pb ps s n2 2 2 2{ } ( ), = + − 	 (6.16b)

where each of the two values for fpb and dn are obtained from BS 8110, Part 1, Table 4.4 [6.2] for 
specific levels of prestress and strength ratios fpu Aps/fcu be (d + hs). Thus before carrying out a composite 
design it is necessary to know the magnitude of the stresses in the precast unit.

The difficulty perceived in calculating a single moment of resistance is that the Stage 1 stresses must 
first be established. These are span-dependent and so the superimposed moment capacity Mu2 is a func-
tion of span and Stage 1 loads, as given in Eq. (6.17). The alternative view is that the locked-in stresses 
from the earlier stage are negligible when the section yields as the ultimate limit state is approached.
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6.5.3  Propping

During the normal course of construction it is very likely that the section will be unpropped, and 
that the slab will be positioned as it is meant to be used in the future – simply-supported with no 
intermediate props of any kind. However, additional benefits may accrue if the precast unit is propped 
while the in situ concrete is hardening, as shown in Figure 6.19. The benefit derives from the fact that 
the Stage 1 moments due to the weight of the wet concrete topping are determined over a continuous 
double span, each of L/2. When the props are removed, the prop reaction R creates a new moment 
(for a point load at mid-span or two point loads at 1/3 points, depending on the number of props 
used), which is carried by the composite section. Finally, the superimposed loads are added as before, 
as is also shown in Figure 6.19.

Under the action of a single prop, the hogging moment is −0.03125 wL2, where w is the self-weight 
of in situ topping and L is the effective floor span. The prop reaction is R = 0.625 wL, so that when 
the prop is removed the sagging moment induced in the composite section is +0.15625 wL2. (See 
Exercise 6.3.) It is important to note that the critical position for the limiting service bending moment 
is not at mid-span, as shown in the bending moment distributions in Figure 6.20. This effect is exag-
gerated for greater depth of topping (relative to depth of precast unit) and greater imposed loads.

The benefits of the additional structural performance must be balanced against the cost and disrup-
tion in propping. Precast construction teams prefer not to prop slabs, since each unit (1.2 m wide) 
must be propped in an identical manner, which is not always easy to achieve in practice. Precise 
instructions must be relayed to site if propping has been assumed in design. Clear instructions should 
be visible on drawings.

Propping at two points, usually at 1/3 span positions, is sometimes used, even though the effort in 
raising two lines of props is clearly more than for a single prop. The main advantage in using two 
lines of props is in the assurance that if one line of the props does not perform correctly, the other 
line of props will do so. Under the action of two props at 1/3 span, the hogging moment at the props 
is −0.0667wL2 and at mid-span it is (still positive) +0.00278wL2, where w is the self-weight of in situ 
topping and L is the effective floor span. The prop reactions are both R = 0.3667wL, so that when the 
prop is removed the sagging moment induced in the composite section at 1/3 points and at mid-span 
is +0.1222wL2. This shows that using two props is not quite as structurally efficient as using one prop. 
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Figure 6.19  Bending moments in propped composite construction.

Figure 6.20  Bending moment diagrams for service moment and moment of resistance for a simply 
supported composite span propped at mid-span, showing that the critical design points A are not at 
mid-span.
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For example, a 150 mm-deep hollow-core floor unit constructed compositely with a 100 mm-deep 
structural topping would have a service moment of resistance at mid-span of (i) 122 kNm without 
propping, (ii) 147 kNm with one prop, but only (iii) 142 kNm with two props.

Figure 6.21 shows the moments of resistance and ultimate shear capacities for a standard range of 
hollow-core composite slabs from 150 to 500 mm depth, with a 75 mm-deep structural topping (total 
depth 225 to 575 mm). The service moments of resistance are shown with two props at 1/3 points 
and without propping (dashed lines). The material properties are fck = 45 N/mm2, fck(t) = 30 N/mm2 
at transfer, and fcki = 25 N/mm2 for the in situ topping. Final prestress in the bottom fibre is set at 
about fbc = 12 N/mm2. The permissible tension is fctm for exposure class XC1 and zero for > XC1. 
Because the service moment of resistance of the composite slab depends on the bending stress due 
to the self-weight of the precast unit plus the topping, which in turn is a function of span, the data 
are based on a span/depth ratio of 40. However, if span/depth = 30, Msr increases by only 2 per cent.

6.5.4  Design calculations

Composite design for 200 mm-deep hcu using grade C20/25 in situ concrete topping, without 
propping
The section corresponds to the non-composite hcu design in Section 5.6. General equations are 
derived in which the depth T of the topping is variable. In the following, M1 = maximum bending 
moment due to self-weight of precast unit plus in situ concrete topping, and M2 = maximum bending 
moment due to superimposed loading (including partitions, finishes, ceilings, services and live loads). 
The effective span is again taken as 8.5 m.

Unit properties per 1200 mm width
Basic section as before.

Zb co1, .= = ×compound section modulus of precast unit {7 430 103 77 505 103 3. × } mm

Composite values obtained using modular ratio method.

Zb co2, = compound section modulus of composite section

Figure. 6.21  Moments of resistance and ultimate shear capacity of composite hollow-core floor slabs with 
75 mm structural topping.
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In situ concrete data

f f

E E in situ

ck cu

cm c

{ } { }

{ } ( ) . { . }

at days N/mm

kN/m

28 20 25

30 0 25 0

2=
= mm2

Serviceability limit state of bending

Modular ratio at service / /

Eff

ms = = =30 0 36 3 0 826 25 31 0 806. . . { . }

eective breadth of concretein situ be, . . { .= × =1200 0 826 991 7 967 7}} mm

Then yb2,co, I2,co and Zb2,co calculated using parallel-axis theorem
Considering bottom fibre stresses: fbc − (M1/Zb1,co) − (M2/Zb2,co) = −3.80 {−3.34} N/mm2

Using fbc = 11.50 {12.12} N/mm2 from Section 5.6 gives the service moment for stage 2 loads

M Z M Z Zsr b co s b co b co2 2 1 2 1= × − ×( . { . } ) ( / ), , ,15 30 15 46

Service momennt of resistance M M Msr c sr s, = +2 1

Ultimate limit state of bending

Strength ratio at ultimate / /m

b

u

eff

= = =
=

20 45 0 444 25 55 0 454. { . }

00 454 1200 532 8 545 4

1516 911 13

. . { . }× =
= × =

mm

Assume full stress Fs 881 5 0 87 1770 911 1402 8

200 45 8 154 2

0 56

. { . . }

. .

.

× × =
= − + = +
=

kN

mmd T T

Fc 77 0 8 0 45 0 9 127 0 115 5f b X f b X Xck eff cu eff. { . . }, . { . } .′ =hence mm

If T ≤ 0.8 × 127.0 {0.9 × 115.5} = 101.6 {103.9} mm, neutral axis is in topping

Lever arm z T X T X= + − + −154 2 0 4 154 2 0 45. . { . . }

If T > 101.6 {103.9} mm, neutral axis is in top of precast unit and compression zone is in two rec-
tangles as:

F f b T b X T f b T b X Tc ck eff cu eff= ′ + − ′ + −0 567 0 9 0 45 0 9. ( ( . )) { . ( ( . ))}

Solve for X with a centroid depth dn

Check strain compatibility εs = 0.0035 (154.2 + T − X)/X + εpo (prestrain) and hence calculate 
fp {fpb} from stress-versus-strain curves. If fp < 1516 {fpb < 0.87 × 1770}, recalculate Fs and iterate to 
find X.

Lever arm z = 154.2 + T − dn

Then MRd,c {Mu,c} = Fs z
Solutions to these equations for various topping thicknesses are given in Table 6.3.
The precast concrete units designed in this example will each have an upward camber of approxi-

mately span/300, or 20 mm. This must be taken into account when determining the minimum and 
maximum thickness of the topping.

Increasing the compressive strength of the in situ concrete topping has little effect on the performance 
of the composite floor. For example, using a 40 N/mm2 strength and 75 mm depth of concrete increases 
the serviceability and ultimate moments of resistance by approximately 2 and 7 per cent, respectively. 
In the above example, increasing the depth of the topping from 40 mm to 100 mm increased the total 
self-weight of the floor by 32 per cent, yet the increased service moment capacity is only 20 per cent.

Propping the hcu during casting the topping will increase the service moment, the advantage 
increasing with increasing thickness. If two props are used, the ratio of Msr,c propped/unpropped for 
T = 100 mm, for a span L = 8.5 m is 186.2/160.2 = 1.16 {BS 8110 = 191.1/164.8 = 1.16}.
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EC2 values are calculated from: w = self plus topping 1.2 × (3.33 + 2.60) = 7.12 kN/m. M1 = 
7.12 × 8.52/8 = 64.3 kNm. Mprop for topping = −11w1L

2/90 = 11 × 1.2 × 2.60 × 8.52/90 = −27.6 kNm. 
Net M1 = 36.7 kNm. Msr,c,prop = (220.9 − 1.944 × 36.7) + 36.7 = 186.2 kNm. Msr,c = (220.9 − 1.944 × 
64.3) + 64.3 = 160.2 kNm. If L = 12.0 m, the ratio = 151.9/103.2 = 1.47.

6.5.5  Ultimate limit state of shear

Although ultimate shear capacities in the composite section are increased by as much as 15 per cent 
for a depth of topping of 100 mm, non-composite values are conservatively used mainly because the 
ultimate limit state of shear is not usually critical. However, individual values may be computed if an 
additional shear resistance is required.

The main exception is that where hollow-core units are designed compositely, BS EN 1168, Annex 
F [6.11] requires a two-stage design, with the shear stress generated under self-weight and topping 
loads to be subtracted from the ultimate shear capacity based on composite section properties. (There 
is nothing equivalent in BS 8110, but there is no reason why the same method could not be used.) 
Referring to clause F2.2:

	 V
I b

S
f f

V S

b I
VRdc c

cc w

cc
ctd p fav cp ctd

u c

w c
Ed, ,= + −



 +2

1α γ σ 1
1 	 (6.18)

where

VEd1 = ultimate dead load acting on the unit, including self-weight of wet topping
Icc	 = 2nd moment of area based on the net composite section, excluding the transformed area of 

tendons
Scc	 = 1st moment of area at the centroidal axis in the composite section.

In the above example (refer to Example 5.6.1) for T = 100 mm, the effective span for shear = 8500 – 
2 × (50 + 99) = 8.20 m. VEd1 = 1.35 × 7.12 × 8.2/2 = 39.4 kN. Then vEd1 = 39.4 × 103 × 4.768/303 × 
696.7 × 106 = 0.89 N/mm2. Composite Ic = 2149 × 106 mm4, yb,c = 185.5 mm, area above the centroid 
Sc = (991 × 100 × 91.5) + 1200 × 41.52/2 = 10.1 × 106 mm3. (Note that bw is at the narrowest part of 
the web, which may not necessarily be on the centroidal axis; however, this is where shear failure will 
begin, even if the centroid is above the webs.) Then VRdc c, ( ( . . . . . ) . ) .= + × × × − × + =−64470 1 77 0 273 0 9 5 35 1 77 0 89 10 39 4 12 3 332 5. kN

. Had this been calculated in stage one VRdc,c = 150.6 kN, so the shear 
stress consumed in stage 1 reduces VRdc,c by 14 per cent. The non-composite VRdc = 103.3 kN.

VRdc c, ( ( . . . . . ) . ) .= + × × × − × + =−64470 1 77 0 273 0 9 5 35 1 77 0 89 10 39 4 12 3 332 5. kN

Table 6.3  Properties and Moment Capacities of Composite Section per 1200 mm width

Depth 
of in 
situ 
topping

To EC2 To BS 8110

H
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gh
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to
 

n
eu

tr
al

 a
xi

s

Ic,co Zb2,co

Msr,c MRd,c H
ei

gh
t 

to
 

n
eu

tr
al

 a
xi

s

Ico Zb2,co

Msr,c Mu,c

(mm) (mm) (kNm) (kNm) (mm) (kNm) (kNm)

40 121.0 1207 9.973 152.6−1.342M1 184.5 120.0 1206 10.048 155.3−1.339 M1 174.8
50 126.9 1352 10.656 163.0−1.434M1 199.0 125.8 1350 10.735 166.0−1.430 M1 193.4
75 141.2 1761 12.469 190.7−1.678M1 231.8 139.9 1757 12.558 194.2−1.673 M1 227.8

100 155.2 2242 14.442 220.9−1.944M1 264.6 153.7 2236 14.544 224.9−1.938 M1 263.5

(×106 
mm4)

(×106 
mm3)

(×106 
mm4)

(×106 
mm3)
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Exercise 6.2  Composite f﻿loor design

Repeat Exercise 5.2 using grade C25/30 × 50 mm minimum thickness in situ concrete structural topping. Check 
the design for serviceability and ultimate moments, ultimate shear both cracked and uncracked in flexure, and 
interface shear stresses between the precast and in situ concrete. Note that the finishes in Exercise 5.2 are now 
included as part of the structural topping. The precast unit is grade C40/50. Ecm = 35.26 {Ec = 30} kN/mm2.

Solution
Effective span = 6600 + 75/2 + 75/2 = 6675 mm. Span for shear (unit yb = 97.3 mm) = 6.406 m.
Assume average topping thickness 60 mm.

Stage 1 loading (kN/m2) Service EC2 Ultimate
Eq. 6.10(b)**

BS 8110 Ultimate

Permanent actions: Self-weight of slab and infill
Structural topping*

3.00
1.50 {1.44}

3.75
1.88

4.20
2.02

Total 4.50 {4.44} 5.63 6.22

Stage 2 loading (kN/m2) Service EC2 Ultimate BS 8110 Ultimate
Permanent actions: Partitions, services and ceiling 1.60 2.00 2.24
Superimposed actions: 5.00 7.50 8.00

Total 6.60 9.50 10.24

*  average hs = 60 mm due to 20 mm camber in precast floor unit
**  found to be the greater of Eq. 6.10(a) and 6.10(b) from BS EN 1990.

Step 1: Serviceability limit state stresses
maximum bending moment per 1.2 m wide unit,

Stage 1, Ms1

Stage 2, Ms2

Total ultimate bending moment, MEd

Stage 1 VEd1

Stage 2 VEd2

= 30.07 kNm
= 44.11 kNm
= 101.12 kNm

= 21.64 kN
= 36.51 kN

Stage 1, Ms1

Stage 2, Ms2

Total ultimate bending moment, Mu 
Ultimate shear force,
Stage 1 Vu1

Stage 2 Vu2

= 29.67 kNm
= 44.11 kNm
= 110.01 kNm

= 23.91 kN
= 39.36 kN

Section properties of composite slab at serviceability limit state (see also Chart 5.2).
Effective breadth of topping be = Ec (in situ) × 1200 mm/Ec (precast) = 1074 mm {1040 mm} using Table 6.1
Compound sections for hollow-core unit based on m = (1 + 0.72) × 205/35.26 = 10.0 {11.75}
Try unit reference R(0 + 19)

Component

EC2 BS 8110
A yt Ayt Ioo Ay’2 A yt Ayt Ioo Ay’2

(mm2) (mm) (mm3) (×106 mm4) (×106 mm4) (mm2) (mm) (mm3) (×106 mm4) (×106 mm4)

In situ topping 53 700 25.0 1 342 500 11.19 477.02 52 000 25.0 1 300 000 10.83 472.47
Precast unit 145 670 154.0 22 433 180 638.30 175.91 146 321 154.2 22 562 698 640.30 167.95

Compound 199 370 23 775 680 1302.42 198 321 23 862 698 1291.55

(Continued)
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Zb1,co = 638.30/96.0
Zt1,co = 638.30/104.0
Composite
yt2,co = 23 775 680/199 370
yb2,co (net) = 200 + 50 − 119.25
Zb2,co

Zt2,co (top of psc)
Zt2,co (top of in situ)

= 6.65 × 106 mm3

= 6.14 × 106 mm3

= 119.25 mm
= 130.75 mm
= 9.96 × 106 mm3

=18.81 × 106 mm3

=10.92 × 106 mm3

Zb1,co = 640.3/95.8
Zt1,co = 640.3/104.2
Composite
yt2,co = 23 862 698/198 321
yb2,co = 200 + 50 – 120.32
Zb2,co

Zt2,co (top of psc)
Zt2,co (top of in situ)

= 6.68 × 106 mm3

= 6.14 × 106 mm3

= 120.32 mm
= 129.67 mm
= 9.96 × 106 mm3

=18.37 × 106 mm3

=10.73 × 106 mm3

Step 2: Stresses at service

f
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Z
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s
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s
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≥ + −1
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3 509.

fbc ≥
×

×
+

×
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.

f f
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tc ck

s

t

s

t

≥ − −0 45. 1

1

2

2

ftc ≥ 18.0 − 4.90 − 2.34

f in situ
M

Z
c

s

t

( )

.

≥
′

< ×

2

2

0 45 25
Referring to Chapter 5, Chart 5.3, use 

unit ref. R (0 + 19) with 395.2 kN 
prestress force.

Final σpo = 432.8/372.4 =1162 N/mm2

= 5.44 N/mm2

= 10.76 N/mm2

= 4.04 N/mm2

< 11.25 N/mm2
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Referring to Chapter 5, Chart 5.3, use unit 

ref. R (0 + 19) with 358.2 kN prestress 
force.

Final fpe = 358.2/372.4 = 961.7N/mm2

= 5.69 N/mm2

= 9.27 N/mm2

= 4.11 N/mm2

< 9.9

Step 3: Ultimate limit state

A fps pu× = =19 30 82 585 5No at kN per wire kN. . .
New effective depth, d = total depth minus height to centroid of prestress wires (from Chart 5.3)
d = + − =200 50 42 5 207 5. . mm
To determine the ultimate moment capacity, first find the depth of compression centroid, dn

be = (25/40) × 1200 = 750 mm
σpo = 1061 N/mm2

εpo = 1061/205000 = 0.00517
εLOP = 0.9 × 0.87 × 1570/205000 = 0.006 > 0.00517
By solving quadratic or iterative solutions, 
X = 46.4 mm < 50 mm depth of topping
dn = 0.4 × 46.4 = 18.6 mm
Check strain εp = 0.00517 + 0.0035 
× (207.5-46.4)/46.4 = 0.0173< εLOP < εud

Fs = fp Ap = 1366 × 373 = 508.7 kN
MRd = 508.7 × (207.5 – 18.6) = 96.1 kNm < 101.12 kNm 
required.

Repeat above using unit R (0 + 21)
d = 207.3 mm
Solve for X = 50.8 mm
dn = 0.4 × 50.8 = 18.6 mm
σpo = 1048 N/mm2

εpo = 1150/205 000 = 0.00511
Check strain εp = 0.00511 + 0.0035 × (207.3−50.8)/50.8 
= 0.01730 < εLOP < εud

be = (30/50) × 1200 = 720 mm
BS 8110, Part 1, Table 4.4
A f

f b d
ps pu

cu e

=
× ×

585500

50 720 207 5.
i.e. the section is under-reinforced.
fpe/fpu = 961.7/1570
fpb/0.87 fpu = 1.0
X/d = 0.168
hence X = 34.9 mm < 50 mm depth of 
topping
dn = 0.45 × 0.9 × 34.9
Mu = 0.87 × 585.5 × (207.5 − 14.1) × 10−3

< 110.01 kNm required.
Repeat above using R (0 + 23) with
Aps fpu = 707.8 kN
d = 207.1 mm
A f

f b d
ps pu

cu e

=
× ×

707800

50 720 207 1.
fpe/fpu = 944/1570 = 0.601
X/d = 0.204
X = 42.2 mm < depth of topping dn

= 0.0784

= 0.613

= 14.1 mm
= 98.2 kNm

= 0.09495
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Fs = fp Ap = 1366 × 412 = 562.2 kN
MRd = 562.2 × (207.3 − 20.3) = 105.1 kNm > 101.12 kNm 
required.

Mu = 0.87 × 707.8 × (207.1 − 17.1) × 10−3

> 110.01 kNm required.
It is unusual for the ultimate limit state to 
be critical in prestressed concrete design. 
However in the transformed composite 
section the breadth of the topping is 
reduced by a much larger factor in ultimate 
(where fcu is used) than in service (where Ec 
is used). See Figure 6.16.

= 17.1 mm
= 116.9 kNm

Step 4: Ultimate Shear

VRd,c in Table 5.2 for uncracked values.
For unit R (0 + 21)
VRd,c = 142.8 kN
>> 58.15 kN required, not critical.

a) For shear where uncracked in flexure, 
use non-composite value Vco for unit ref. 
R (0 + 23)
>> 63.27 kN required

b) For shear resistance of section cracked in 
flexure, use Vcr from BS 8110, equation 55;

(1 − 0.55 fpe/fpu) = 0.695
bv = 544 mm
100 100 450 8

544 207 1
0 40

A

b d
ps

v

=
×
×

=
.

.
.

Table 3.8. vc = 0.58 N/mm2

The moment Mo required to produce a 
stress in the bottom fibres of 0.8 fbc for 
unit R (0 + 23) is given by:

Mo = 0.8 fbc Zb2,co= 0.8 × 6.58 × 9.96
Mo occurs at 1.67 m from the support 

(using service loads).
The critical section is at 1.67 + 0.207/2 

= 1.78 m from the support.
Thus, at the critical section
Vu = 1.2 × 16.46 × ((6.675/2) − 1.78)
Also at the critical section
Mu

Vcr = × ×

× × +−

0 669 0 589 544

207 07 10 52 4
30 8

85 9
3

. .

. .
.

.

> 26.2 kN required.

= 150.9 kN

= 52.4 kNm

= 30.8 kN

= 85.9 kNm

= 62.8 kN

Step 5: Interface shear:
This is checked at the ultimate limit state on an effective interface width of 1200 mm (not 720 mm) × half span 
of slab.

Fv = 0.567 fck be 0.8 X = 0.567 × 25 × 
1200 × 0.8 × 50.8

β = 1
z = 207.3 − 20.3 = 187 mm

vEdi =
× ×

×
1 0 60 55 10

1200 187

3. .

(See Eq. 6.25)
VRdi = 0.2 × (0.7 × 0.3/1.5 × 252/3)
which is > 0.270 N/mm2

= 689.9 kN

= 0.270 N/mm2

= 0.419 N/mm2

Fv = 0.45fcube0.9X
Fv = 0.45 × 30 × 1200 × 0.9 × 42.2

vh ave( )

.
=

×
×

707 8 10

1200 6750 2

3

/
Vh(ave) = 2 × vh(ave) 

< 0.55 N/mm2 from BS 8110, Part 
1, Table 5.5 [6.2] for extruded 
floor slabs

= 707.8 kN/unit

= 0.1767 N/mm2

= 0.353 N/mm2
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Exercise 6.3  Propped composite slab

Repeat Exercise 6.2 with the slab propped at mid-span. Check for flexure only.

Solution
The negative moment over a central prop is −0.03125wL2, where w = self-weight of the topping, and L is the 
effective span of the slab.

Stage 1 loading for the precast slab self-weight minus the propped topping gives:

Mprop = −0.03125 × 1.50 × 6.6752

Ms1 = 1.2 × (3.00 × 6.6752/8 − 2.089)
Prop reaction
= 0.625 × 1.2 × 1.50 × 6.675

= −2.089 kNm
= 17.54 kNm/unit

= 7.51 kN/unit

Mprop = −0.03125 × 1.44 × 6.6752

Ms1 = 1.2 × (3.00 × 6.6752/8 − 2.005)
Prop reaction
= 0.625 × 1.2 × 1.44 × 6.675

= −2.005 kNm
= 17.64 kNm/unit

= 7.21 kN/unit

Stage 2 loading for superimposed load (as before) and prop reaction at mid-span gives service moments and 
stresses:

Ms2 = 44.11 + 7.51 × 6.675 / 4

fbc ≥
×
×

+
×
×

−
17 54 10

6 65 10

56 64 10

9 62 10
3 509

6

6

6

6

.

.

.

.
.

= 56.64 kNm/unit

= 5.03 N/mm2

Ms2  = 44.11 + 7.21 × 6.675 / 4

fbc ≥
×
×

+
×
×

−
17 64 10

6 68 10

56 14 10

9 96 10
3 182

6

6

6

6

.

.

.

.
.

= 56.14 kNm/unit

= 5.10 N/mm2

Referring to Chart 5.3, use R (0 + 16).

6.6  Economic Comparison of Composite and Non-composite  
Hollow-core Floors

A comparison was made between the approximate costs, applicable only in the UK, of providing a 
fully grouted unscreeded precast floor, and a composite in situ with precast floor. Cost data were col-
lected from hollow-core producers for 150 mm, 200 mm and 250 mm (or 260 mm) deep × 1200 mm 
wide units. The data, which are presented in relative terms in Tables 6.2 and 6.3, were based on the 
following specification:

	 floor clear span	 = 6.0 m
	 loading: superimposed = 5.0 kN/m2

partitions	 = 1.0 kN/m2

services etc.	 = 0.5 kN/m2

	 fire resistance 	 = 1 hour
	 28-day strength fcu 	 = 60 N/mm2

The slabs are of the proprietary type, being either extruded (‘Tembo’, ‘Dycore’) or slip-formed 
(‘Roth’) and prestressed in the usual manner. Stability ties are provided in the unscreeded floor in the 
form of peripheral tie bars. The in situ concrete is grade C20/25.

In Table 6.4 the data are expressed in terms of the cost of an unscreeded floor of between 1000 m2 
and 5000 m2 floor area. Although the actual costs supplied by the producers varied by as much as 20 
per cent of the mean value, it was clear that the additional cost of a structural topping was about 45 
per cent. The increased cost due to materials was 30 per cent, with labour and plant adding a further 
15 per cent. For small projects of less than 500 m2 the labour charges per square metre increase rapidly, 
such that the average increased cost of the topping is in the order of 55 per cent.
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Table 6.5 shows that the cost of unscreeded floors increases rapidly for depths up to and including 
250 mm, whereas the cost of a screeded floor does not vary by more than −5 to +8 per cent over the 
range considered.

The conclusion is that in a typical four-storey commercial building of about 2500 m2 floor area, 
the structural topping will cost £35k (2010 prices). It will add a further 3000 kN to foundation loads, 
as indicated by Table 6.6, and also increase the height of the building by about 300 mm.

6.7  Composite Beams

6.7.1  Flexural design

There is more potential for enhancement in the flexural capacity of composite beams than with 
composite slabs, because the breadth of the compression flange can, if correctly specified, be increased 
to the maximum permitted value as in monolithic construction, i.e. bw + Lz/5 (BS EN 1992-1-1, clause 

Table 6.4  Relative cost of delivered and screeded floor compared with unscreeded floor

Depth of precast unit (mm)

150 200 250

Slab delivered to site 0.75–0.83 0.76–0.85 0.80–0.86
Slab fixed and grouted with tie steel* 1 1 1
Slab fixed and 50 mm screed laid with A142 mesh+ 1.42–1.48 1.39–1.46 1.36–1.40

*  for floor area < 500 m2 add 8 to 10 percentage points.
+  for floor area < 500 m2 add 12 to 15 percentage points.

Table 6.5  Relative cost of 150 mm- and 250 mm-deep units compared with 200 mm-deep units

Depth of precast slab (mm)

150 200 250

Slab delivered to site 0.92–0.95 1 1.15–1.20
Slab fixed and grouted with tie steel 0.93−0.95 1 1.10–1.18
Slab fixed and 50 mm screed laid with A142 mesh 0.95–1.00 1 1.05–1.08

Table 6.6  Comparison of self-weight of unscreeded and screeded floor (kN/m2)

Depth of precast slab (mm)

150 200 250

Precast slab only 2.35 2.93 3.66
Precast slab with 50 mm screed 3.79 4.37 5.10
Ratio 1.61 1.49 1.39
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5.3.1(6) [6.1] or BS 8110, Part 1, clause 3.4.1.5 [6.2]). The minimum strength of in situ concrete is 
again taken as 20 {25} N/mm2, and the appropriate modular ratios are used in serviceability and 
stiffness checks and strength ratios for the ultimate limit state. Early research work by Kajfasz et al. 
[6.14] showed the potential for economic design. There is also a greater potential for the use of 
propped composite beam design, and this will be given in Section 6.7.2.

As with composite floors, service and ultimate stresses are checked at two stages of loading (or 
three if a structural topping is added to the floor) and superimposed in the final analysis. If structural 
toppings are used, the loading conditions are as given in Table 6.7.

The essential features of the design procedure are given in Figure 6.22. Stage 1 stresses exist in the 
precast beam only, Figure 6.22(a). These are the result of prestress and relaxation (if the beam is 
prestressed), self-weight of the beam, slab, and wet concrete. Stage 2 stresses exist in the precast beam 
and in situ infill, Figure 6.22(b), and are due to the self-weight of the wet topping plus an allowance 
of about 1.5 kN/m2 for construction traffic if the amount of in situ concrete to be placed is extensive, 
as is the case for a structural topping. Final Stage 3 stresses in the composite beam, Figure 6.22(c), 
which are in addition to the above, are the result of superimposed, services, and partition loading, 
differential shrinkage and the total creep relaxation after hardening of the in situ concrete. Ultimate 
moment and shear resistances are computed in the usual manner, noting that differential shrinkage 
and creep strains are ignored at the ultimate limit state due to the effects of yield.

An important point requiring clarification is the effective breadth of the compression flange, par-
ticularly if the cores in certain types of hollow-core floor slab are filled only intermittently, as is the 
common practice using slip-formed units (Figure 6.23). Here the minimum section is through the 
unfilled hollow core. This comprises only the top and bottom flanges of the slab – each usually 20 to 
30 mm thick. Although interface shear transfer between beam and slab may be fully effective at the 
positions of the reinforced in situ filled cores (representing possibly only one-twelfth of the breadth 
of the slab), there is no analytical or experimental evidence to suggest that continuous horizontal 
shear stresses exist between these points. In such cases the effective breadth of the compressive flange 
is equal to the breadth of the supporting precast beam.

In instances where several or every core is opened, the vertical interface shear capacity must be 
justified so that the effective breadth of the flange (based on the full depth of the in situ concrete) 
may be taken as equal to the actual distance between the extremities of the opened core. Though the 
in situ concrete may penetrate up to 100 mm beyond these points, its compaction is uncertain. Open-
ings in cores are usually about 600 mm in length, resulting in effective breadths typically 1350 mm or 
700 mm wide in symmetrical or non-symmetrical arrangements, respectively.

Figure 6.24 shows a photograph of a test where composite action between the prestressed beam 
and in situ concrete placed in the broken-out cores of some hollow-core slabs was studied. The main 
objectives were to determine the effective widths of the in situ–precast top flange, and to reduce the 
overall construction depth to give a span: depth ratio in the region of 18 to 1. The tests have shown 
that full interaction between the precast components and the in situ concrete may be taken in design, 

Table 6.7  Loading conditions for composite beam analysis

Stage Loading Section properties based on

1 Self-weight of beam and slab, + in situ infill + 
construction allowance

Precast beam

2 As stage 1 + self-weight of topping + 
construction allowance

Precast beam + in situ infill near beam only

3 Total self-weight + superimposed Final beam and topping
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Figure 6.22  Composite beam design. (a) Stage 1, before hardening of in situ infill; (b) Stage 2, after 
hardening of in situ infill; (c) Stage 3, before (left) and after (right) hardening of structural topping.

(a)

(c)

(b)

Figure 6.23  Effective breadth using hollow-core slabs.
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providing that minimum percentage interface shear reinforcement is present, and that the effective 
width of the in situ flange is equal to the actual width provided, i.e. 1.0 m in this case.

Effective breadths for the in situ concrete topping used with solid plank flooring are taken as for 
monolithic rc construction, i.e. span/10 either side of the supporting beam. Composite beam design 
is not usually carried out where double-tee flooring units and a relatively thin topping are used.  
The enhancement in strength is marginal and the topping’s susceptibility to damage is increased in 
these cases.

Figure 6.24  Composite beam – slab tests at London University (courtesy of Costain Building Products).

Exercise 6.4  Composite reinforced edge beam in f﻿lexure

Determine the allowable imposed loading on the edge beam shown in Figure 6.25. The beam is supporting 
hollow-core floor slabs which weigh 3.0 kN/m2 and span 8.0 m. The beam is simply supported over 6.0 m effective 
span. In this exercise, consider the stresses in the bars at both the construction and in-service cases.

Use concrete grade C32/40 (pc), grade C20/25 (in situ), fyk {fy} = 500 N/mm2, and 35 mm cover to 10 mm 
diameter links.

Solution

Stage 1 loading Service

Permanent actions: Self-weight of beam
Slab 3.0 × 8.0/2

3.50 {3.36}
12.00

Total 15.50 {15.36}
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Step 1: Stage 1 properties
b = 100 mm
d = − − − =600 35 10 32 2 539/ mm
fck = 32 N/mm2 fcu = 40 N/mm2

Step 2: Stage 1 design

Eq. 6.10(b) assumed, check at end

M1 = ×1 25 15 50
6 0

8

2

. .
.

k1 = ×
× ×

=87 2 10

32 100 539
0 0938

6

2

.
.

z1 = 490 mm
X1 = 122.5 mm < 200 mm upstand

As1 = ×
× ×

87 2 10

0 87 500 490

3.

.

= 87.2 kNm

= 409 mm2

M1 = ×1 4 15 36
6 0

8

2

. .
.

k1 = ×
× ×

=96 8 10

40 100 539
0 090

6

2

.
.

z1 = 478.2 mm
X1 = 135 mm < 200 mm upstand

As1 = ×
× ×

96 8 10

0 87 500 478 2

6.

. .

= 96.8 kNm

= 465 mm2

As the total steel area is 2413 mm2, the remainder may be used to carry imposed loads using the composite section 
stage 2 loading.

Step 3: Stage 2 properties
b = + =125 500 625slot in slab mm
d = 539 mm

′ =fck 20 2N/mm
As2 = 2413 − 409 = 2004 mm2

′ =fcu 25 2N/mm
As2 = 2413 − 465 = 1948 mm2

Step 4: Stage 2 design
Fs2 = 0.87 × 500 × 2004 × 10−3

Fc2 = 0.567 × 20 × 625 × 0.8 X2

X2 = ×
× × ×

871 7 10

0 567 20 625 0 8

3.

. .

= 871.7 kN

= 153.7 mm

Fs2 = 0.87 × 500 × 1948 × 10−3

Fc2 = 0.45 × 25 × 625 × 0.9X2

X2 = ×
× × ×
847 3 10

0 45 25 625 0 9

3.

. .

= 847.3 kN

= 133.9 mm

X2 ≈ X1 so the strain compatibility is satisfactory, i.e. the neutral axis position for both stages is close.

z2 = 539 − 0.4 × 153.7 = 477.5 mm
MRd2 = 871.7 × 477.5 × 10−3

Hence wEd 2 = ×
×

8 416 3

1 5 6 02

.

. .
From which it is clear that  

Eq. 6.10(b) is critical

= 416.3 kNm

= 61.67 kN/m run
of beam

z2 = 539 − 0.45 × 133.9 = 478.7 mm
M2 = × × −847 3 478 7 10 3. . = 405.6 kN

= 56.3 kN/m run 
of beam

Figure 6.25  Details for Exercise 6.4.
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6.7.2  Propping

The basic concept for propping composite sections before the in situ concrete is added was described 
in Section 6.5.3. The potential for structural enhancement is greater for prestressed beams than for 
slabs, because the Stage 2 stresses due to the self-weight of the floor slab, in situ infill and topping can 
be virtually eliminated by the use of two or three props.

The ratio of the Stage 1 moment in the mid-span propped and unpropped situation is given by 
the ratio β.

β = = −( )
+

M M
w w

w w
1 1

0 1

0 1

propped unpropped/
.

( )

0 25

where

w0 = self-weight of beam
w1 = self-weight of precast slab and infill in situ concrete.

Typical values for β are between 0.1 and 0.3.
Then M1 = 0.125 β (w0 + w1) L2

Prop force R = 0.625 w1 L
and M2 = 0.125 (w2 + 1.25 w1) L2, where w2 is the superimposed loading.

The resulting stresses are

f M Z M Z fbc s b s b ct≥ + −1 1 2 2/ / ( ), .N/mm and so on as before2

It is worthwhile propping beams of over 6 m to 10 m span with two or three props, respectively, 
particularly if a structural topping is being used and the ratio of the composite properties to the basic 
section properties exceeds 1.50. There are considerable advantages in keeping the possibility of prop-
ping in reserve in case of an unexpected request to drill a hole in the beam, or in case an error has 
occurred in the calculation. Propping reduces beam erection rates by about 15 to 25 per cent, and so 
the delicate balance between material saving and time lost on site has to be considered. Only the 
precast construction companies can give exact cost information on this.

6.7.3  Horizontal interface shear

The integrity of composite construction relies on the long-term continuity between the precast and 
in situ concrete. Although floor loading in buildings is predominantly static, there may be instances 
where it is variable and cyclic in nature, resulting in a fluctuation in shear stress levels. For this reason, 
primary composite beams are designed with interface shear links or other similar mechanical fasten-
ers. Shear friction alone is not recommended for beams.

As with slabs, the ultimate interface shear stress vEdi {vh} is checked for the uncracked section (BS 
EN 1992-1-1, clause 6.2.5(1)), {BS 8110, Part 1, clause 5.4.7.2} against vRdi values in equation 6.25 in 
EC2 {or Table 5.5 of BS 8110}. Nominal interface shear links should always be provided. The minimum 
area of links is 0 08 0 15. { . %}f fck yk/  of the contact area. If vEdi {vh} is greater than the permitted value, 
shear steel to carry the entire shear force is provided according to BS EN 1992-1-1, equation 9.4 {BS 
8110, Part 1, equation 62}. Note that the recently reduced value of c in BS EN 1992-1-1, clause 6.2.5(2) 
for ‘very smooth’ surfaces cast against a smooth mould (c = 0.025 to 0.1 for inverted-tee beams), and 
‘smooth’ surfaces (c = 0.2 for rectangular beams), and with the normal stress σn being zero (inverted-
tee beams) or small (rectangular beams), vRdi is effectively designed for the interface shear links alone.

6.7.4  Shear check

This is usually not a problem in beams of span greater than about 4.0 m. It is therefore often sufficient 
to check the applied ultimate shear against the basic shear capacity of the beam.
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6.7.5  Deflections

Stage 1 (downward) deflections are subtracted from the (upward) precamber deflections produced 
during manufacture, such that the net upwards deflection prior to the superimposed loadings is (very) 
approximately span/1000. Stage 2 deflections, due to superimposed loads, creep, shrinkage, etc., which 
are usually controlled by ceiling deflections of not more than 20 mm, are based on the composite 
section properties.

Exercise 6.5  Composite beam calculation

The following exercise shows the calculation for an inverted-tee beam, comparing the design for both the basic 
section and the composite section. The construction details are shown in Figure 6.26. The precast beam is grade 
C50/60 and the in situ infill is C25/30. Aggregates are gravel.

Overall span of beam = 7000 mm
Effective span of beam = 7000 – (2 (150 + 50)) = 6600 mm
Overall floor span supported by beam = 7200 mm
Centre to centre distance between beams = 7500 mm

Ec (precast) = 37.28 {32.0} kN/mm2. Ec (infill) = 31.48 {26.0} kN/mm2.

(Continued)

Figure 6.26  Details for Exercise 6.5.
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Solution
Try a 500 mm wide × 400 mm deep inverted-tee beam (with 300 mm wide × 200 mm upstand).

Non-composite 
loading

EC2 Service EC2 Ultimate
Eq. 6.10(b)

BS 8110 Service BS 8110 Ultimate

Permanent actions: Self-weight of beam
Psc slab
Partitions
Ceilings and services

6.50
2.93 × 7.2
1.00 × 7.5
0.60 × 7.5

8.125
26.37

9.375
5.625

6.24
2.93 × 7.2
1.00 × 7.5
0.60 × 7.5

8.74
29.53
10.50

6.30
Superimposed actions: 5.00 × 7.5 56.25 5.00 × 7.5 60.00

Total 77.10 105.75 76.84 115.07

Stage 1 composite loading

Permanent actions: Self-weight of beam
Psc slab
Construction

6.50
2.93 × 7.2

1.5 × 7.5

8.125
26.37
14.06

6.24
2.93 × 7.2

1.5 × 7.5

8.74
29.53
11.25

Total 38.85 48.55 38.59 54.02

Permanent total 27.60 34.50 27.34 38.27

Stage 2 composite loading

Permanent actions: Partitions
Ceilings and services

1.00 × 7.5
0.60 × 7.5

9.375
5.625

1.00 × 7.5
0.60 × 7.5

10.50
6.30

Superimposed actions: 5.00 × 7.5 56.25 5.00 × 7.5 60.00

Total 49.50 71.25 49.50 76.80

Step 1: Non-composite design

Ms =
×77 10 6 6

8

2. .

MEd =
×105 75 6 6

8

2. .

VEd =
×105 75 6 6

2

. .

= 419.8 kNm

= 575.8 kNm

= 349.0 kN

Ms =
×76 84 6 6

8

2. .

Mu =
×115 07 6 6

8

2. .

Vu =
×115 07 6 6

2

. .

= 418.4 kNm

= 626.6 kNm

= 379.7 kN

Referring to Chart 4.1 for capacities, use TB400/18 {TB400/21}, i.e. 18 {21} no. 12.5 mm-diameter strands, with 
a service moment capacity of Msr = 457 {448} kNm, ultimate moment capacity Mur = 727 {743} kNm, and ulti-
mate shear capacity Vco = 509 {417} kN.

Section properties of basic beam and composite section
Try TB400/15 when composite.
Aps = × =15 94 2 1413 2. mm
m = + × = + × =( . ) / . . {( . ) / . }1 0 72 195 37 28 9 0 1 0 72 195 32 10 48
( ) . { . }m Aps− = × = × =1 8 0 1413 11300 9 48 1413 13 397 2 mm
Height to centroid of strands ys = 269.2 − 99.2 = 170.0 mm; yst = 430 mm from top
Actual breadth of infill concrete = 2 × (25 + 475) = 1000 mm
Depth of in situ infill = 200 − 20 bottom flange = 180 mm
Effective breadth of infill be = Ec (in situ) × 1000 mm/Ec (precast)
be = × = × =1000 31 48 37 28 844 1000 26 32 812 5. / . { / . } mm
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Component

EC2 BS 8110

A yt Ayt Ioo Ay’2 A yt Ayt Ioo Ay’2

(mm2) (mm) (mm2) (×106 mm4) (×106 mm4) (mm2) (mm) (mm2) (×106 mm4) (×106 mm4)

Beam upstand 60 000 100 6 000 000 200.0 3310.7 60 000 100 6 000 000 200.0 3330.4
Beam flange
Strands

200 000
11 300

400
430

80 000 000
4 859 000

2666.7 847.6
459.3*

200 000
13 397

400
430

80 000 000
5 760 710

2666.7 829.5
542.6*

Total 271 300 90 859 000 7484.3 273 397 91 760 710 7569.2

In situ infill 151 920 90 13 672 800 410.2 3744.7 146 250 90 13 162 500 394.9 3744.0
Beam upstand 60 000 100 6 000 000 200.0 1296.5 60 000 100 6 000 000 200.0 1350.0
Beam flange
Strands

200 000
11 300

400
430

80 000 000
4 859 000

2666.7 4681.8
735.8*

200 000
13 397

400
430

80 000 000
5 760 710

2666.7 4500.0
857.3*

Total 423 220 104 531 800 13 735.7 419 647 104 923 210 13 712.9

* Ay’2 for the strands is calculated for each row, not for the centroid to all.

yt =
99672800

271300
yb = −600 334 9.

Zt1 = ×7484 3 10

334 9

6.

.

Zb1 = ×7484 3 10

265 0

6.

.
Composite

yt 2 = 104531800

423220
yb2 = −600 247 0.

Zt 2 = ×13735 7 10

247 0

6.

.

Zb2 = ×13735 7 10

353 0

6.

.

= 334.9 mm

= 265.0 mm

= 22.35 ×106 mm3

= 28.24 ×106 mm3

= 247.0 mm

= 353.0 mm

= 55.61 ×106 mm3

= 38.91 ×106 mm3

yt =
91760710

273397
yb = −600 335 6.

Zt1 = ×7569 2 10

335 6

6.

.

Zb1 = ×7569 2 10

264 4

6.

.
Composite

yt 2 = 104923210

419647
yb2 = −600 250 0.

Zt 2 = ×13712 9 10

250

6.

Zb2 = ×13712 9 10

350 0

6.

.

= 335.6 mm

= 264.4 mm

= 22.55 ×106 mm3

= 28.63 ×106 mm3

= 250.0 mm

= 350.0 mm

= 54.85 ×106 mm3

= 39.18 ×106 mm3

Step 2: Composite Stage 1 construction design

Ms1 = ×38 85 6 6

8

2. .

MEd1 = ×48 55 6 6

8

2. .

VEd1 = ×48 55 6 6

2

. .

ft1 = 211 5

22 35

.

.
< 0.45 × 50 = 22.5 N/mm2

fb1 = 211 5

28 24

.

.
< 10.38 N/mm2 for beam TB400/15 
(Chart 4.2)

= 211.5 kNm

= 264.3 kNm

= 160.2 kN

= 9.46 N/mm2

= 7.49 N/mm2

Ms1 = ×38 59 6 6

8

2. .

Mu1 = ×54 02 6 6

8

2. .

Vu =
×54 02 6 6

2

. .

ft1 = 210 1

22 55

.

.
< 0.33 × 60 = 19.8 N/mm2

fb1 = 210 1

28 63

.

.
< 10.4 N/mm2 for beam TB400/15 
(Chart 4.1)

= 210.1 kNm

= 294.1 kNm

= 178.3 kN

= 9.32 N/mm2

= 7.34 N/mm2

(Continued)
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Step 3: Composite Stage 1 permanent design

Ms1 = ×27 60 6 6

8

2. .

ft1 = 150 3

22 35

.

.

fb1 = 150 3

28 24

.

.

= 150.3 kNm

= +6.73 N/mm2

= −5.32 N/mm2

Ms1 = ×27 34 6 6

8

2. .

ft1 = 148 8

22 55

.

.

fb1 = 148 8

28 63

.

.

= 148.8 kNm

= +6.60 N/mm2

= −5.20 N/mm2

Step 4: Composite Stage 2 design

Ms 2 = ×49 5 6 6

8

2. .

MEd 2 = ×72 5 6 6

8

2. .

VEd 2 = ×72 5 6 6

2

. .

ft 2 = 269 5

55 61

.

.

fb2 = 269 5

38 91

.

.

= 269.5 kNm

= 394.5 kNm

= 239.1 kN

= +4.85 N/mm2

= −6.93 N/mm2

Ms 2 = ×49 5 6 6

8

2. .

Mu2 = ×76 8 6 6

8

2. .

Vu =
×76 8 6 6

2

. .

ft 2 = 269 5

54 85

.

.

fb2 = 269 5

39 18

.

.

= 269.5 kNm

= 418.2 kNm

= 253.4 kN

= +4.91 N/mm2

= −6.88 N/mm2

Step 5: Composite Stage 3 design
Combining Stage 1 plus Stage 2 stresses gives values for comparison with the basic prestress limits for Class 2 
members. The critical section is at the bottom of the beam.

ft = 6.73 + 4.95
< 0.45 × 50 = 22.5 N/mm2

fb = −5.32 + −6.93
Permissible tensile stress
So fbc ≥ − 4.07 − (−12.25)
Refer to beam properties in Chart 4.2. 
Use TB400/15 with fbc = 10.38 N/mm2

The saving compared with the non-
composite beam is 3 strands.

= +11.68 N/mm2

= −12.25 N/mm2

= −4.07 N/mm2

≥ 8.18 N/mm2

ft = 6.60 + 4.91
< 0.33 × 60 = 19.8 N/mm2

fb = −5.20 + −6.88
Permissible tensile stress
So fbc ≥ −3.49 − (−12.08)
Refer to beam properties in Chart 4.1.
Use TB400/15 with fbc = 10.4 N/mm2

The saving compared with the non-
composite beam is 6 strands.

= +11.51 N/mm2

= −12.08 N/mm2

= −3.49 N/mm2

≥ 8.59 N/mm2

The ultimate moment of resistance of the basic beam TB400/15 (698 > 575.8{638 > 626.6}) and the shear capacity 
of the basic beam (482 > 349.0 {380 > 379.7}) in Charts 4.1 and 4.2 are both greater than the design values, and 
so no further checks are necessary. The exercise may be repeated for the effects of propping the beam prior to 
fixing the floor slab. The likely outcome of this action would be a reduction in the size of the beam from 400 mm 
to 350 mm depth.



CHAPTER 7

Design of Connections and Joints

7.1  Development of Connections

Connections form the vital part of precast concrete construction. In situ concrete joints were used 
extensively in the early development of precast structures, owing mainly to their simplicity of manu-
facture and the more relaxed attitudes to safe and rapid site progress. A temporary bearing, of about 
40 mm to 50 mm contact width, was used to support the beam and carry only its self-weight, as shown 
in Figure 7.1, and an extended permanent bearing was formed using in situ concrete. The obvious 
disadvantages were shrinkage and flexural cracking in the top of the precast-to-in situ interface, which 
led to the use of non-shrink grouts and latex bonding admixtures. Projecting reinforcement from the 
lower column was lapped onto similarly offset projecting reinforcement in the upper column, but 
there were reported difficulties in stabilising the upper column due to the flexibility of the open 
reinforcement cage. The use of latticed column cages to stabilise upper-storey columns is still quite 
frequent.

Methods were sought of obtaining continuity at the connections. The Ministry of Public Works 
and Buildings, which existed during the early 1950s in the UK, copied an American solution called 
the H-frame, whereby pin-jointed site connections were made near the positions of frame contraflex-
ure; i.e. mid-column height and 0.2 × beam span (see Figure 7.2). The solution removed one problem 
by shifting the connections to points of zero (or small) bending moment, but caused other difficulties 
elsewhere in manufacturing and transportation by creating large, two-dimensional units. Figure 7.3 
is a better solution: a ‘scarf joint’, approximately 0.15L – say, 600 to 750 mm from the column – reduces 
the bending moment in the beam by around 40 per cent, resulting in a shallower beam. The scarf 
joint may be positioned at one end of the beam, or at both ends. This method of design has been 
used in multi-storey car parks in order to save headroom.

The most robust solution was found in a mechanical connection, brought about by relying on the 
precast concrete to firmly anchor rolled or fabricated steel sections in position so that a direct steel-
to-steel joint was made. The number of different solutions was as great as the number of precast 
concrete frame manufacturers of the day – about twenty. Figures 7.4(a) and (b) show two examples 
of types of connector that have proved to be costly and difficult to position on site.

The reasons for the large number of variations stem partly from the fact that the greater the con-
nectors’ load-carrying capacity, the more complex they became in order to handle the resulting 

Connections form the most vital part of precast concrete structures. There are many varied types and 
methods of analysis. This chapter gives a full description of connections and joints, with numerous 
worked examples and test results.

Multi-storey Precast Concrete Framed Structures, Second Edition. Kim S. Elliott and Colin K. Jolly.
© 2013 Kim S. Elliott and Colin K. Jolly. Published 2013 by Blackwell Publishing Ltd.
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stresses. The main cost elements are fabrication and material costs, and those rise steeply with 
increases in connector capacity. Precast designers prefer the complicated aspects of the connector to 
be under the control of the factory, reducing site operations to simple dowelling, bolting or welding.

The influence of patented connections in the 1960s and 1970s stifled the widespread use of the 
most efficient types of connection, and led designers towards ingenious designs that occasionally 
‘failed’, not structurally but on practical grounds. Connector design is an iterative process in which 
no aspect of strength, compatibility, materials and tolerances can be considered in isolation. The 
example shown in Figure 7.5 illustrates how easy it is to lose sight of the functional principles.

Stanton et al. produced a special study for the PCI [7.1] on moment-resistant and simple connec-
tions, and stated: The economic and functional success of a precast concrete structure depends to a great 
extent on the configuration and properties of its inter-element connections. Flexibility of the connections 
affects the distribution of creep, thermal and shrinkage strains and determines joint performance over 
time. The strength of the connections remaining after the demands of volume change, gravity loads and 

Figure 7.1  Early type of connection using cast in situ extended bearings.

Figure 7.2  Connections to H-frames made at points of contraflexure.
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dimensional or alignment corrections have been satisfied determines whether the structure will deform 
permanently under action of extreme wind or seismic forces. Ductility of the connections determines 
whether the permanent deformations will take place by a safe redistribution of load and dissipation of 
energy or by brittle connection failure.

This statement captures the essence of precast frame design in knowing which effects are to be 
considered in design, and not simply carrying out the mechanics of stress equilibrium and strain 
compatibility.

7.2  Design Brief

The structural requirement is the transfer of vertical shear, transverse horizontal shear, axial tension 
and compression, and occasionally bending moments and torsion, from one precast component to 
another in a safe and structurally sound manner.

All connections will resist compression, but it is necessary to check for the possible addition of 
stresses resulting from axial forces due to temperature effects, shrinkage and creep. These are becom-
ing increasingly important as beam and floor spans are increased, and some precast components are 
tied into the structure at a lower age. Connector forces due to the effects of fire, impact and explo-
sions, etc. have been virtually ignored in favour of alternative load path design methods or the use of 
peripheral and internal ties (see Section 9.4). Torsion has also been ignored and this has led to fears 
of rotational instability in the temporary construction stage.

While acknowledging that these forces do actually exist, the designer should not aim to design a 
connection that will resist every conceivable stress and strain, but should allow other parts of the 
structure to accommodate some of the effects.

One other functional requirement that is frequently ignored is the capacity to rotate and accept 
beam deflections. The problem is based around the concept of a pinned joint. The difficulty is that 
on the one hand, if a joint were designed to behave as a ‘true’ pin, the connection might be deemed 
unserviceable owing to cracking and deformation at the end of the beam. On the other hand, if the 
connection is capable of developing moment restraint, local stresses in the vicinity of the connection 
could give rise to other problems. An example of this is shown in Figure 7.6, where shear forces result-
ing from moment transfer across a beam-to-column connection caused a shear failure in the column.

Figure 7.3  Reinforced concrete inverted-tee beams designed with a scarf joint at approximately 750 mm 
from the face of the column create a negative bending moment at the column that will reduce the depth of 
the beam.
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The structural behaviour of connections is often complex and not conducive to normal reinforced 
concrete design methods. The simplest form of connection is a simple abutment-type bearing where, 
as shown in Figure 7.7, there is no restriction on the construction zone, and the transfer of forces 
from the beam to column is quite obvious from a single photograph. The need for shallower construc-
tion depths led to the concealed steel insert connection, where a combination of steel plates and rolled 
sections is used to carry extraordinarily high forces. Connections of the type shown in Figure 7.8 are 

Figure 7.4  Unsuccessful types of beam-to-column connections.

(a)

(b)
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capable of carrying a beam reaction in the order of 500 kN within a 500 mm depth of connection. 
This equates to a shear stress of about 3 N/mm2. If the mode of failure is concrete crushing around 
the connector, then a lower safety factor may be used than if the concrete failure is due to tension or 
diagonal shear. This is because compressive failure may be controlled by the introduction of ductile 
reinforcement across the failure plane.

Local stress levels around the steel inserts become very important. They occur in small zones  
in areas where full concrete compaction may not be easy to achieve, and their distributions are  

Figure 7.5  Beam-to-column connections designed with little regard for some of the practicalities associated 
with precasting.

Figure 7.6  Shear cracking in inadequately reinforced column due to moment transfer from the beam.
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often unknown. The anchoring method is the greatest problem, and full-scale testing should not be 
overlooked in research and development. It is not uncommon for steel plates to be welded to rein-
forcement cages, as shown in Figure 7.9, in order to realise the full capacity of the connection.

The role of connector testing has been criticised in some circles, e.g. Colman [7.2], owing to  
the unavoidable restrictions of being unable to test the connections in a real frame environment – 
complete with sway and large deflections – and of being unable to study the effects of moment dis-
tribution after initial cracking. An example of this is the phenomenon of reverse end rotation resulting 
from high shear force in the traditional shear end tests, as shown in Figure 7.10. With this arrange-
ment the deformation in the joint is greater than in the beam, resulting in a set of stresses in the test 
specimens that are not representative of real behaviour. Under circumstances such as these, there is 
a danger of an unsafe extrapolation of test results to other component and connector geometries and 
materials.

Figure 7.8  Solid mild steel billet cast into columns.



382  Multi-storey Precast Concrete Framed Structures

Designers should not be insensitive to the problems of tolerances. A lack of flatness, alignment and 
squareness will inevitably lead to the accumulation of physical dimensional deviations. Their effect 
on the strength and behaviour must be positively allowed for in component schedules. Large toler-
ances may not be compatible with the proposed connector design; for example, if vertical slots are 
not provided in the connector in Figure 7.11, then packing must be used and the connector set to a 
negative height tolerance.

Figure 7.9  Steel plates being added to reinforcement cages at the factory.

Figure 7.10  The phenomenon of reverse bending in column connector tests.
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7.3  Joints and Connections

Much confusion surrounds the difference between a ‘connection’ and a ‘joint’. The correct definition 
is that a connection is the total construction, including the ends of the precast concrete components 
that meet at it, whereas a joint comprises the individual parts that form the connection. For example, 
in a beam-to-column situation a bearing joint is made between the precast beam and precast column; 
but when the assembly is completed by the use of in situ grout etc. the entire construction is called a 
connection. These terms are often transposed in casual conversation, but for the sake of clarity we 
shall use the correct definitions in this book.

It is not always necessary for loads to be transferred through a joint. For example, in the case of a 
sealing joint for waterproofing purposes, or an expansion joint for thermal movements, relative move-
ment is allowed across the joint, but one would hardly call that a connection. However, a connection 
will always have a structural function.

Joints are made in several ways, for instance by:

	 dowelling and securing with in situ concrete or grout
	 welding and protecting with same

Figure 7.11  Use of negative fixing tolerances where alternative means are not possible.
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	 bolting and protecting with same
	 using resin anchors in combination with the above.

From a structural point of view there may be no preference for a particular approach. However, 
construction rates can be dramatically affected in some buildings (e.g. tall and with small plan area) 
if time is needed for the development of in situ concrete strength within a connection. The first step 
is to describe the general criteria for the design and construction of joints, and then to discuss the 
design of the functional types of connection in skeletal structures, i.e.:

	 beam-to-slab connections
	 beam-to-column connections
	 wall-to-frame connections
	 column splices, including to foundations.

7.4  Criteria for Joints and Connections

7.4.1  Design criteria

The four rules for satisfactory joint design are that:

	 The components can resist ultimate design loads in a ductile manner.
	 The precast members can be manufactured economically and be erected safely and speedily.
	 The manufacturing and site erection tolerances do not adversely affect intended structural behav-

iour, or are catered for in a ‘worst case’ situation.
	 The final appearance of the joint must satisfy visual, fire and environmental requirements.

Design engineers have satisfied these criteria by ensuring that the intended behaviour of the joint is 
guaranteed by careful attention to detail. In some instances, slight cracking is accepted as an indication 
that spurious load paths are not being created, and in others reinforcement is deliberately avoided or 
underdesigned in certain areas to prevent restraining moments from forming. The FIB Manual on 
structural connections [7.3] summarises the philosophy of connection design: The main purpose of the 
structural connections is to transfer forces between the precast concrete elements in order to obtain a struc-
tural interaction when the system is loaded. By the ability to transfer forces, the connections should secure 
the intended structural behaviour of the superstructure and the precast subsystems that are integrated in 
it. . . . The design of the structural connections is not just a question of selecting appropriate dimensions of 
the connection devices, but the force path through the connection must be considered in a global view of the 
whole connection and the adjacent structural members. The hidden message here is that the design of 
precast concrete structures is an iterative process, and one cannot separate the processes of design, 
manufacture and erection of the elements in isolation from the same processes for connections. A floor 
diaphragm comprising hollow-core units (see Chapter 8) is the perfect example, where the designer 
responsible for the whole structure must be aware of the particular features of hollow-core units used 
to create the floor diaphragm, e.g. shear transfer between the units, tie bars and coupling bars in the 
ends of units, and the orientation of the floor with respect to the positions of shear walls etc.

The FIB Manual [7.3] gives the main features of connection design as standardisation, simplicity, 
movement, ductility, durability, fire resistance and aesthetics. Vambersky [7.4] has similarly summa-
rised the main criteria for the serviceability performance of joints in terms of strength, influence of 
volume changes, ductility, durability, fire protection, simplicity in fabrication and erection, temporary 
loading conditions, economy and appearance. It is important to note that heading the fib list are 
‘standardisation’ and ‘simplicity’, i.e. use of a generic type – welded, bolted or grouted connection 
throughout a structure, and use of the least number of pieces, giving site operatives little choice in 
the sequence of construction. Requirements for some of these criteria are summarised below, with 
references to other sections where more detailed design information may be found.
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7.4.1.1  Strength
A connection must have the strength to resist the forces to which it will be subjected during its lifetime. 
Some of these forces are apparent, caused by permanent and imposed gravity loads, wind, earthquake, 
and soil or water pressure. Others are not so obvious and are frequently overlooked. These are the 
forces caused by restraint of volume changes in the precast components, and by forces required to 
maintain stability.

Instability can develop from eccentric gravity loading and horizontal loads. Furthermore, addi-
tional capacity may need to be provided to resist unanticipated, accidental or abnormal loads, which 
may be caused by foundation settlement, explosion, collision, change of building usage, etc. These 
‘abnormal’ loads may be accommodated in connections by a capacity for overload and ductility  
within the connection or, for example, by building redundancies into the total structure by using 
stability ties.

Joint strength can be categorised by the type of stress resisted, i.e. compressive, tensile, flexural, 
torsional or shear; see Sections 7.5.1. to 7.5.5. Connections may have a high degree of resistance to 
one type of stress, but little or no resistance to another. In many cases it may be unnecessary, or even 
undesirable, to provide a high capability to resist a combination of stresses. A better solution would 
be to utilise more than one joint type to achieve the same overall result. See Sections 7.7 to 7.13 for 
strength design methods.

7.4.1.2  Influence of volume changes, or movement
The combined shortening effects of creep, shrinkage and temperature reductions can cause tensile 
stresses in precast concrete components and their connections. If the connections restrain movement, 
the resulting stresses must be considered in the design, and they may be much harder to evaluate than 
from external forces. The solution to many problems associated with movement is to design the con-
nections as pinned. See Section 8.5 for volume change design methods.

7.4.1.3  Ductility
This is the ability of a connection to undergo large deformations without failure, and is measured by 
the amount of deformation that occurs between first yield and ultimate failure. Ductility in building 
frames is usually associated with moment resistance. However, the connections in precast structures 
are designed using pinned joints between the components, and semi-rigid behaviour is considered as 
being adequate. See Section 9.2 for further details. The design should ensure that flexural yielding 
takes place at the chosen plastic hinge position, so that the post-elastic deformation capacity of the 
entire structure may be controlled. The design should avoid highly localised stress concentrations, 
use ductile reinforcement along load paths, and provide additional strength capacity to potentially 
brittle parts (e.g. welds, short bolts in tension, bolts subjected to shear, reinforcement anchorage 
zones).

7.4.1.4  Durability
Connections should be designed and constructed to give the same environmental protection as the 
elements connected. Connections exposed to an aggressive environment should be periodically 
inspected and maintained. Evidence of poor durability is usually exhibited by corrosion of exposed 
steel elements, or by cracking and spalling of concrete, as shown in Figure 7.12. Connections that will 
be exposed to weather should have steel elements adequately covered with concrete, otherwise they 
should be painted or galvanised. Alternatively, non-corroding materials should be used. The preferred 
method of protecting exposed steel connection elements is to cover with concrete or grout. Typical 
mix proportions are shown in Table 4.3. No chlorides should be permitted in the mix.

Most precast concrete components are of high quality, and flexural cracking is seldom a serious 
problem provided that tensile stresses are kept within code limits. However, local cracking or spalling 
can occur when improper details result in restraint of movement, or in stress concentrations. Toler-
ances should be increased to allow for misalignment on site.
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7.4.1.5  Fire resistance
Connections weakened by fire may jeopardise the structural stability and should be protected to give 
the same resistance as the structural frame, e.g. an exposed steel corbel supporting a beam, even 
though there is evidence that such steel is less susceptible to fire-related strength reduction because 
the larger concrete element absorbs more heat and reduces the temperature of the steel. The fire 
resistance of rc corbels attached to columns should be designed using the information provided for 
simply supported beams, even though they form a part of the column, as the stresses in the reinforce-
ment are due to bending and shear in the manner of a deep beam.

7.4.1.6  Aesthetics
Connections that are not hidden can either be emphasised and become part of the architecture, as in 
the case of the corbel shown in Figure 7.13, or be finished in a manner that is functional but not 
expressive. There was no advantage in using a more complicated hidden connection in Figure 7.14.

7.5  Types of Joint

7.5.1  Compression joints

Compression is transmitted between precast concrete components either by direct bearing, or through 
an intermediate medium such as in situ mortar or concrete. The distinction is made depending on 
tolerances and the importance of the accuracy of the load transfer location. For example, vertical load 
transfer between two columns, one above the other, requires concentricity between member axes. This 
can be achieved only by using an intermediate medium of reasonable size.

On the other hand, direct contact between precast concrete components with no intermediate 
padding material may be used only where great accuracy in manufacture and installation is obtained 
and where bearing stresses are less than about 0.2fck (see clause 10.9.4.3(3)) {0.2fcu} of the weaker 
concrete. Only those parts of the components that are solid should be considered in any compression 
joint analysis, thus ruling out hollow-core slabs unless the ends are concreted solid. Special attention 
should be paid to convex surfaces, where contact widths may be small. Particular attention should 
also be given to detailing reinforcement in the precast components, especially if large cover distances, 
e.g. 50 mm, are required for severe fire or exposure categories, and large-diameter high-tensile bars 
(with large bend radii) are used. The minimum dimension for a direct contact area should be 50 mm 

Figure 7.12  Spalling of cover concrete around a steel plate connector due to corrosion. The cover distance 
was 12 mm minimum. The age of the building was about 15 years when the photograph was taken.
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(or 75 mm when using 20 mm-size aggregates in both components). The minimum contact area 
depends on the magnitude of the stress, but experience suggests that it should not be less than about 
8000–12 000 mm2.

In the transfer of forces through joint materials such as in situ mortar, neoprene bearing pads and 
other types of bedding, the aim is to ensure that irregular surfaces can transmit forces without damage 
to the contact surfaces. Unintentional eccentricities, and spurious shear forces and moments, etc. can 
lead to problems such as spalling and crushing, and splitting of the joined members. The thickness 
of the jointing material should be as small as possible, without impeding the normal tolerances. The 
recommended thickness is 10 mm to 15 mm. The elastic response of the bearing medium should be 
similar (i.e. Young’s moduli differing by not more than about 20 per cent) to that of the precast 
concrete to avoid localised contraction and splitting forces, as shown in Figure 7.15(a). This is very 
important where the thickness of the joint is greater than 50 mm, because the effects of shear lag and 
lateral tensile stress will reduce concrete compressive stress capacity to less than 1.0 fck {0.8 fcu}: Figure 
7.15(b). The significance of this will be apparent later in the text, e.g. Table 7.1.

Bedded bearings are usually unreinforced. The mode of failure is by crushing of the mortar, or 
splitting of the precast components in contact with it. In spite of the fact that the mortar is highly 
confined and would, in a perfectly plain stress condition, achieve compressive strengths greater than 
the characteristic value, a low design strength is used because the edges of the mortar bed tend to 
spall off, leading to a non-uniform distribution of stress as shown in Figure 7.15(c). Poor workman-
ship may exacerbate the problem.

Vambersky [7.5] shows relationships between the bearing capacity of an unreinforced mortar joint 
in terms of the geometry of the joint, i.e. width-to-thickness ratio b/v, and compressive strengths of 

Figure 7.13  The architect has unwittingly demonstrated the design of the connection by contrasting the 
tiling in the beams and column.
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Figure 7.14  The corbel is seen as a functional part of the structure, as there was no advantage in using a 
more complicated, hidden connection.

Figure 7.15  Force transfer through compression joints having an elastic modulus. (a) Less than the precast; 
(b) equal to precast; (c) greater than precast; (d) as (c) but with reduced breadth.

(a) (b) (c) (d)
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the precast concrete component fck {fcu} and in situ mortar ′ ′f fck cu{ }. Two reduction factors are imple-
mented – ηo reflecting the trapped air void content, and ηm to account for site-mixed mortar condi-
tions being different from those under which the laboratory tests are conducted. For the case of precast 
components placed on to a mortar bed ηo = 0.3, and for fluid or dry-packed mortars placed after the 
component is in place ηo = 0.9 and 0.7, respectively. The value for ηm = 0.75 if site cubes are tested, 
or ηm = 1.0 if cores are cut and tested. The former is more likely.

From Vambersky’s results, it is clear that a design stress of the mortar 0.4 ′fcu may be adopted as 
the bearing capacity for the joint, providing that the b/v ratio exceeds 8 to 10 and that the difference 
in strength between the mortar and precast materials does not differ by more than 25 per cent. In 
common practice both of these criteria are satisfied.

Barboza and El Debs [7.6] carried out ten compression tests on 175 mm square section precast stub 
columns, eight of which had mortar joint thickness varying from 15 to 30 mm. The ends of the 
columns were reinforced to prevent splitting or crushing failures before the mortars failed. Mortars 
were no-shrink (Fosgrout Plus®), fluid (Combextra P®), fluid with epoxy resin (Combextra EPR® for 
expected dynamic loads), and dry-pack/no-shrink. Compressive cylinder strengths for the mortars 
varied from ′ =fcm 25 to ′ =fcm 80 2N/mm , and for concrete fcm = 29 to 68 N/mm2 (mean not charac-
teristic, fcm = fck + 8).

The results are summarised in Figure 7.16, where the ratio α = ′f fcm cm/  is the basis for comparisons 
of experimental failure loads to the squash load of the precast column β = Pexp/Pc and the mortar joint 
β = Pexp/Pj according to Vambersky’s equations [7.5]. The main concern is the high proportion of 
results where β < 1, particularly the experimental/design joint strength ratio, where more results 
should be just greater than 1. The 95 per cent confidence fit through both sets of data was surprisingly 
close, but was distorted by the data points for the high-strength specimens. Therefore, ignoring those 
points, the empirical relationship β = 0.5 + 0.35α is proposed. Thus the joint design strength 
f f fcdj cm cm= + ′ −(( . . ) ) .0 5 0 35 8 1 5/ / . For example, if precast fcm = 50 N/mm2 and mortar ′ =fcm 40 2N/mm , 
then the joint fcdj = (((0.5 + 0.35 × 0.8) × 50) − 8)/1.5 = 20.6 N/mm2. BS EN 1992-1-1 (see clause 
10.9.5.2(2)) states (with αcc = 1 for bearings) fcdj = 0.85 fcd − (Min( )f fcm cm; ′ − 8), which gives 

′ = − =fcm 0 567 40 8 18 1 2. ( ) . N/mm  in the same example, with good agreement.
Barboza notes that it was difficult to control the thickness of the 15 mm joint, preferring a 22 mm 

joint for successful filling and compacting. Where α ≈ 0.75, Pexp is 25 per cent greater than the squash 
load of the mortar. As α increases to 1.26 there is no significant increase in Pexp. However, when high-
strength mortar is used, with α ≈ 2.36, splitting stresses in the column dominate and there is severe 
cracking of concrete cover. Additional links in the column close to the contact plane increase ductility, 
but not necessarily strength. The main conclusion is that triaxial mortar strength is approximately 
1.25 times uniaxial strength, and high-strength mortars encourage cracking of cover concrete in the 
column – a potentially dangerous situation.

Figure 7.16 shows Vambersky’s equations [7.5], based on ηm = 0.75, ηo = 0.9, and joint breadth/
thickness (same value as Barboza) = 175/15 = 11.67. The results are in good agreement in the common 
range of 0.6 < α < 1.2.

Bljuger [7.7] presents the information in terms of an effective compressive strength η1 fc, where 
fc is the uniaxial compressive strength of the precast members, and η1 is a factor depending 
on the thickness of the joint v and the ratio of the joint strength ′fc  to fc. The data are given in 
Table 7.1.

A further strength-reduction factor is due to eccentricity, defined as e in Figure 7.17(a). The effect 
of e is to reduce the compressive strength of a joint by the factor η1, where:

	 η1 = −1 2e b/ 	 (7.1)

Similarly the effect of lack of verticality, given by e′ in Figure 7.17(b), reduces the strength by a 
factor η3 as follows:

	 η3 1 1= + ′/ ( )e b/ 	 (7.2)

′ = − =fcm 0 567 40 8 18 1 2. ( ) . N/mm



390  Multi-storey Precast Concrete Framed Structures

BS EN 1992-1-1 [7.8] permits the net contact area to be used with a generally lower stress, unless 
the requirements of Clause 6.7 for a partially loaded area are fulfilled.

In summarising the kind of information outlined above, BS 8110 suggests (in Part 1, clause 5.3.6) 
[7.9] that when calculating compressive strengths, the area of concrete in the joint should be the 
greater of:

	 the area of the in situ concrete, ignoring the area of any intruding component, but not greater than 
90 per cent of the contact area, or

	 75 per cent of the contact area.

The deformability of a compression joint also depends on the nature and number of contact sur-
faces between different media. In the joints shown in Figure 7.18, type (a) has two in situ–precast 
contact surfaces, while (b) has one precast–precast and one in situ–precast contact. The deformability 
of these joints differs owing to their different lateral distortion, splitting and frictional characteristics. 
The effect also differs between columns and walls, where splitting is unconfined in two directions in 
a column but only in one direction in a wall.

Generally, Table 7.2 gives the values for the basic deformability λo of different types of joint [7.10] 
expressed in linear elastic deformation per unit stress. These data may be used to determine the total 

Figure 7.16  Normalised load capacity data versus mortar/precast column strength ratio [7.5, 7.6].
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Table 7.1  Compressive joint strength ratios η1 for mortar infill

v (mm)

Ratio of mortar strength to concrete strength ( ′f fc c/ )

0.1 0.3 0.5 0.7 0.95 ≥ 1.0

10 0.87 0.93 0.94 0.95 0.95 0.95
30 0.60 0.78 0.85 0.90 0.93 0.95
50 0.37 0.68 0.81 0.88 0.93 0.95
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deformability of joints and components by the method of addition of strains. For the purpose of 
structural analysis the members are considered homogeneous, of equivalent modulus E′, and the 
strain in the equivalent material is that of the composite one. The deformability of a joint(s) reduces 
the stiffness of the connection, such that the net value for Young’s modulus is given by:

	 ′ =
+

E
E Hc m

1

1 λ
	 (7.3)

where

Ec	 = Young’s modulus for the infill concrete
H	 = storey height
λm	 = total joint deformability over the height of the storey obtained by summing the individual 

joint deformabilities λmi as follows.

Where an interface consists of different parts, e.g. Figure 7.18(a) and (b), the deformity of the entire 
interface is given by:

	 λ
λ

mi

j oj

j

n
=
∑

1

( )
	 (7.4)

Figure 7.17  Load capacity reduction effects in compression joints. (a) Eccentricity in a compression joint 
and (b) lack of verticality in a compression joint.

(a)

(b)
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where nj is the number of interfaces having a basic deformability λoj, as given in Table 7.2. Each value 
of λoj is proportional to the width of the bearing divided by the width of the interface bj/h.

Elliott carried out tests on precast–in situ concrete compression joints using unreinforced 100 mm 
cube sections representing scaled-down versions of 300 mm-sized components. The specimens com-
prised a sandwich of grade C32/40 precast concrete with grade C15/20 infill of 100, 50, 25 and 0 mm 
thickness. The maximum size of aggregates used was 10 mm, and the sand was finely graded to allow 
for the scale factor. Figure 7.19 shows the failure of the 50 mm thick infill specimen, where the pre-
dominant cracking is seen in the lower strength infill. Figure 7.20(a) shows stress–strain data for the 
various tests, and Figure 7.20(b) the relationship between λm/H and b/v. The data show that the elastic 
compressive deformability of 25 mm to 50 mm-deep joints of grade C15/20 concrete between grade 
C32/40 precast components equates to a value between 0.03 and 0.06 mm per 1.0 N/mm2 compressive 
stress for a storey height of 3.0 m. The results from this work are in good agreement with that of Bljuger.

Similar tests were also carried out by Elliott, in which the compression was induced over the 
precast–in situ interface by bending a prismatic section. These results are independent of the thickness 
of the infill, and give a single value of 0.02 mm per unit compressive stress for a storey height of 3.0 m, 
i.e. the flexural joint deformability is less than in the axial compression mode.

Figure 7.18  Compression joints with discontinuities. (a) Two in situ–precast contact surfaces and (b) one 
precast–precast and one in situ–precast surface.

(a) (b)

Table 7.2  Deformability λo of different joints in compression (mm/N/mm2)

Type of joint Diagram

Grade of mortar

<1 N/mm2 5 N/mm2 >10 N/mm2

Wall to wall 0.10 0.06 0.04

Wall to wall – – 0.02

Column splice – – 0.02



Figure 7.19  Compression test where precast is twice in situ strength.

Figure 7.20  Deformation factors in compression joints. (a) Stress versus strain relationships at precast–in situ 
concrete interfaces and (b) values for λm versus b/ν in compression tests.

(a)

(b)
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Exercise 7.1

Determine the effective Young’s modulus for the compression joint shown in Figure 7.21. The infill concrete and 
the mortar are grade C30/37 and C16/20, respectively. Coarse and fine aggregates are gravel and crushed gravel.

Solution
The deformability of the upper mortar bedding λo = 0.04 mm/N/mm2.
The deformability of the in situ infill λo = 0.02 mm/N/mm2.

For the slab bearing:
n1 = 2 for the mortar bedding, with b1/h = 70/200 = 0.35
n2 = 1 for the in situ infill concrete, with b2/h = 60/200 = 0.30

Then

λm =
× + ×

=
1

0 35 2 0 04 0 3 1 0 02
0 031

( . . ) ( . . )
.

The total deformation is the summation
λm = 0.04 + 0.031 = 0.071

Ec for the infill concrete = 29 kN/mm2

Hence:

′ =
+

× −E
1

1 29000 0 071 3000
10 3

.
= 17.2 kN/mm2

Ec for the infill concrete = 25 kN/mm2

Hence:

′ =
+

× −E
1

1 25000 0 071 3000
10 3

.
= 15.7 kN/mm2

i.e. a reduction of 32 {41} per cent compared with the modulus of the in situ infill.

Figure 7.21  Details for Exercise 7.1.
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Such differences in strain response between members connected in different locations and with 
different details lead to shear lag between adjacent components. These must be considered in the 
design.

7.5.2  Tensile joints

Lapping of reinforcement bars is often used to connect precast members, as shown in Figure 7.22. 
The precast units have projecting bars that interleaf vertically and are to be embedded in situ after 
erection. A full anchorage length is provided for the embedded bar, and this is calculated according 
to the same rules as for in situ concrete. The projecting bars are usually hooked a full 180°, otherwise 
the lap becomes ridiculously large. Despite the full anchorage provided for the bars embedded in the 
precast and in situ concrete, bond stresses quickly break down close to the interface and the two halves 
of the joint may be considered separately. A tensile crack resulting from elastic deformation in the 
bar and slippage is formed in the interface and the joint’s tension deformability may be calculated in 
the same manner as for the compression joint. Values given in Table 7.3 are based on the work of 
Bljuger [7.11]. These data may be used to determine crack widths in flexurally loaded precast–in situ 
interfaces.

With vertical lapping, the main problem is to ensure that the in situ concrete forms a full and posi-
tive bond with the steel bars. Pressurised grout is inserted through a hole beneath the level of the lap, 
and the appearance of the grout at a vent hole above the top of the lap is used as an indication of 
complete filling, as illustrated in Figure 7.23. The annulus should be at least 6 mm clear on all sides 
of the bars [7.12].

Table 7.3  Deformability λo of different joints in tension (mm/N) × 10−5

Type and diameter of bar (mm)

Type of joint

Deformed bar Plain bar

6 8 10 16 6 8 10 16

Straight bar in tension 4.0 2.5 2.0 1.3 5.2 3.2 2.6 1.7
180° U-bar in tension 3.2 2.0 1.6 1.0 4.2 2.6 2.1 1.4
90° hooked bar in tension 6.4 4.0 3.2 2.1 8.4 5.2 4.2 2.8

Figure 7.22  Tension joints by lapping reinforcement in cast in situ infill.
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Figure 7.23  Grout injection at beam to column connections [7.8].

Use clean water to flush out any debris inside the hole before grouting. The water should wet the 
sides of the hole without ponding. The grout should be non-shrinking and be sufficiently flowable 
to allow pressure grouting through a 20 mm-diameter nozzle using a manually powered hand pump. 
A 2:1 sand–cement mix containing a proprietary expanding agent is used to give 24-hour strengths 
of 16 {20} N/mm2 and 28-day strengths around 50 {60} N/mm2. Note that the grading of the sand is 
crucial to the ultimate strength of this grout.

Grouting may be carried out by gravity pouring, but the annulus must be vented, or sufficiently 
large in diameter, e.g. 50 to 60 mm for a 25 mm bar, to prevent air pockets from forming.

Bolting is used extensively to transfer tensile and shear forces. Anchorages such as bolts, threaded 
sockets, rails or captive nuts attached to the rear of plates are anchored in the precast units. Tolerances 
are provided using oversized or slotted holes in the connecting member. The tensile capacity of bolted 
connections should be governed by the yield strength of the bolt, as this gives a ductile failure. In 
most types of bolted joint, tension is accompanied by shear. Shear capacities are governed by the local 
bearing strength of the concrete in contact with the shank of the threaded bolt. Shear bolt failures 
are brittle and should be avoided. The PCI Manual [7.13] gives design data for bolting.

Welding is used to connect components through projecting bars, fully anchored steel plates or 
rolled steel sections, etc. The joint is made either directly between the projecting bars, as shown in 
Figure 7.24(a), or indirectly using an intermediate bar or plate, as shown in Figure 7.24(b).

Post-tensioning is used to resist tension and shear forces by the application of clamping forces 
across the joint. Cable ducts are inserted into the precast concrete components, or in the spaces around 
the components and, after erection, the cables are placed in the ducts and post-tensioned. Tensile 
capacities are computed from the state of stress in the post-tensioned components, and shear resist-
ance is calculated using the shear friction hypothesis.

7.5.3  Shear joints

It is most important that shear resulting from flexural actions, for example in composite precast–in 
situ beams in bending, must be considered separately from shear derived from shear forces. The 
former was discussed in Section 6.7, while the latter concerns the transfer of direct shear forces 
between precast components through bond, friction, welds, shear keys and shear reinforcement, as 
shown in Figure 7.25(c) with their associated failure modes. The graphs in Figure 7.25(b) are plots 



Design of Connections and Joints  397

Figure 7.24  Tension joints by welding reinforcement. (a) Direct joint and (b) indirect joint.

(a) (b)

of shear force versus shear slip. The gradient of these curves gives the shear stiffness, which forms the 
basis of shear deflections in precast construction, i.e. shear deformation is the sum of joint slip and 
element deformation.

When a joint face has surface roughness, shear forces can be transmitted by friction even if the 
joint is cracked, but normal compressive stresses must act across the joint, either actively by an external 
force, or passively by the clamping action of reinforcement, shown in Figure 7.26. In some joints, e.g. 
horizontal joints in precast infill walls (Section 8.7.1), the weight of the wall and the resultant of the 
diagonal reaction above the joint result in permanent compressive stresses in the joint.

Shear friction should be used where the available shear interface is large, e.g. between precast floor 
units and in situ structural topping, and the possibility of delamination, e.g. due to vibrations, is small. 
No attempt should be made to deliberately roughen the surface texture of precast units beyond the 
usual machine slip-formed, extruded or tamped finish. Large crevices harbour grease and debris, and 
provide possible sites for water to accumulate immediately before concreting commences (see Section 
6.2.2). The shallow shear key provided by the normal trowelling procedures is not only structurally 
adequate in terms of interface stress, but has greater quality control. If no external normal force is 
present, then reinforcement should be provided across the shear plane to ensure that the shear friction 
is mobilised. The limiting ultimate shear stress is vRdi = c fctd, where c is given in Table 6.2 according 
to BS EN 1992-1-1, clauses 6.2.5(1) & (2) [7.8], e.g. if c = 0.2 and fck = 25 N/mm2, vRdi = 0.24 N/mm2, 
or vh = 0.23 N/mm2, according to BS 8110, Part 1, clause 5.3.7(a) [7.9].

Deeper shear keys may be deliberately formed, as shown in Figure 7.25(c). The indented root depth 
should be at least 5 {10} mm. The design is satisfied by following a few simple rules regarding geometry 
and cover distances. The angle α depends on the dimensions of the keyed surface. The resulting force 
N has a magnitude N = V cot α with α > 60° {α = 40° to 50°}, which must be carried either by rein-
forcement of area As crossing the interface, a precompression P from external sources (post-tensioning 
for example), or a combination of both such that:

	 A
V P

f
s

y

= −cot

.

α
0 87

	 (7.5)

Sufficient reinforcement should be provided to control cracking, and the water content of the in 
situ infill should be low, e.g. about 160 kg/m3, with a superplasticiser being used to maintain medium 
workability.

Shear keys rely on mechanical interlock and the development of a confined diagonal compressive 
strut across the shear plane. A taper is usually provided to aid removal from formwork. Figure 7.27 
shows the dimensional requirements of BS EN 1992-1-1, figure 6.9. This also assists in confining the 
concrete in the second direction. Failure is generally ductile owing to the warnings given by concrete 
cracking in this way. However, as with shear friction methods, the interfaces should be prevented from 
moving apart, either explicitly by external forces, or implicitly by placing reinforcement according to 
Eq. (7.5) across the shear plane.
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Figure 7.25  Design methods for shear joints. (a) Shear joints; (b) shear force versus slip behaviour; (c) deep keyed 
shear joint.

(a)

(b)

(c)
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The approach to the ultimate shear resistance is different in BS EN 1992-1 and BS 8110. In BS EN 
1992-1-1, for indented joints without dowel bars vRdi = c fctd, where c = 0.5 and f fctd ck= 0 14 2 3. / . If this 
is exceeded, vRdi = c fctd + Asw fyd (μ sin α + cos α)/Aj where μ = 0.9, and reinforcement of area Asw, 
inclined at 45° ≤ α ≤ 90° to the shear plane, is acting over an area Aj. This clause is not applicable 
where α > 90°, i.e. the cosα component will be negative and is deemed not to be active, such that 
vRdi = c fctd + Asw fyd (μ sinα + cosα + sin (180 − α)). Providing that the restraint is present, BS 8110, 
Part 1, clause 5.3.7(b) [7.9] states that no interface shear reinforcement is required if the ultimate 
shear stress vu ≤ 1.3 N/mm2, when calculated on the minimum root area.

Where shear reinforcement is used the strength of the interface is based on the shear strength of 
the reinforcement alone, called ‘dowel action’ or ‘dowel shear’. Dowel bars are usually H12 to H20, or 
may even use pretensioning helical strand of 9.3 to 15.2 mm diameter.

As shown in Figure 7.26, it is not possible to add concrete-to-concrete frictional forces to direct 
dowel forces, because when the latter is being mobilised the former is not, and vice versa. The shear 
capacity of a steel bar loaded in pure shear is estimated by adopting the yield criterion by von Mises, 
which is expressed as

	 V f A f ARd y s y s m= ≈ =/ note not used here3 0 6 1 15. ( . ).γ 	 (7.6)

Experimental results show this to be applicable. Test results [7.2] of headed dowel pins found VRd = 
α fy As with α ranging from 0.55 to 1.0; therefore α = 0.6 is a mostly conservative figure.

Referring to Figure 7.28, the dowel bar is loaded by shear Vd at the top of the beam, which is sup-
ported by a contact pressure along the part that is embedded in the column or beam, but not the sum 
of both. This results in flexural deformations (kinking) and flexural stresses (formation of one or 
more plastic hinges in the dowel). Local crushing occurs in the surrounding concrete at point A. The 
resistance VRd increases with increased dowel area As, fcu and fy. If a gap forms between the surfaces, 
or there is an initial eccentricity, VRd decreases considerably. An eccentricity of the same magnitude 
as the bar diameter results in a reduction of the shear capacity by about 0.4 to 0.6.

For concrete subjected to high bearing stresses in a local area, if splitting is prevented a near- 
triaxial state of stresses is obtained and hence a design bearing stress of fRdu ≤ 3.0 fcd, which may 

Figure 7.26  Shear friction hypothesis.

Figure 7.27  Indented shear key profile according to BS EN 1992-1-1, figure 6.9.
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be used in BS EN 1992-1-1, clause 6.5.4(6). In Figure 7.29 generally fRdu = k fcd, where k varies 
depending on confinement. The fib Manual ([7.3], Section 8.2.1.4) reports on k ≈ 3 to 4. At 
the formation of a plastic hinge, the depth to the neutral axis X = VRd/k fcd ϕ. The moment 
M V X kf X V kfEd Rd cd Rd cd= − =φ φ2 22 2/ / . The plastic section modulus for a round bar = ϕ3/6; then 
MRd = fy ϕ3/6. For example, for grade C40/50, fy = 500 N/mm2 and ϕ = 20 mm, k = 3, MRd = 
666 667 Nmm, and VRd = 46.1 kN. The pure shear capacity = 0.6 × 500 × 314 = 94.2 kN. According to 
CEB/FIP model code MC90 [7.14], the shear displacement δs needed to mobilise the shear capacity 
is about 0.05ϕ, although the fib Manual shows it is closer to 0.2ϕ for fcd = 50 N/mm2 and 0.3ϕ for 
fcd = 20 N/mm2. Therefore a typical value is about δs = 0.25 × 20 = 5 mm, which is quite large.

If a dowel bar is threaded into an insert, there will always be a projecting portion of exposed  
thread with a reduced cross section, typically about 75 per cent of the gross area; the plastic moment 
capacity is reduced compared to VRd above. According to the fib Manual, the reduction factor is 

( ( / ),1+ M Mp thread p , approximately 0.7 for ϕ = 20 mm.
Shear stresses in welded joints may arise from direct shear or torsion. The usual structural models 

and material properties for the design of welds are used. Due consideration should be given to manu-
facturing and construction tolerances when specifying weld lengths, because the adjoining elements 
are captured in the precast components. This means adding 10 mm to 15 mm to the length of a weld. 

Figure 7.28  Mechanism of dowel action providing shear resistance by bending resistance and clamping 
pressures, as indicated.

A 

Figure 7.29  Plastic hinge model for dowel resistance.
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Figure 7.30 shows an example of the use of welded shear joint in the construction of a shear wall 
panel-to-column connection.

Shear deformations are the result of localised damage at the shear interface. Walraven and Mercx 
[7.15], Bljuger [7.16], and others have produced expressions for shear deformations in cracked con-
crete interfaces. The theory assumes that sliding movement between two faces is the result of matrix 
damage, which is related to the stiffness of the cement paste and hence to Ec of the concrete. In addition, 
the state of stress at the interface influences the damage in the paste and therefore the normal stress σn, 
which is proportional to the area of reinforcement crossing the cracked plane, is also important.

Elastic shear deformabilities, expressed in units of mm displacement per kN applied shear force, 
are given in Table 7.4 [7.11].

where

ϕ	  = diameter of rebar (mm) 
Ec1, Ec2	 = elastic moduli of precast and in situ concrete, respectively (kN/mm2)
Ec	  = smaller of Ec1 and Ec2 (kN/mm2)
Ak	  = contact area at root of castellation (mm2).

Type I joints using grade C20/25 and C40/50 concrete were also studied by Elliott using pairs of 
equal-strength precast blocks containing one of three diameters of helical strand: 9.3, 12.5 and 
15.2 mm, shown in Figure 7.31(a). The results given in Figure 7.31(b) are in good agreement with the 

Figure 7.30  Shear jointing by site welding together steel plates in precast wall and column components.
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values obtained from Table 7.4. For example, experimental joint deformations are in the range 10 to 
24 × 10−3 mm/kN. Calculated values from Table 7.4 for the same geometry and material moduli are 
between 15 and 24 × 10−3 mm/kN for grade C20/25 concrete, and between 12 and 19 × 10−3 mm/kN 
for grade C40/50 concrete.

The results in Figure 7.31(b) also show that the increase in dowel capacity is proportional to the 
cube root of the concrete strength ratio, i.e. 50 25 1 263 = . . Because the failure mode is governed by 
the shear-tension capacity of the concrete it is hardly surprising to find that the effect of increasing 
diameter is small, i.e. less than 25 per cent for increases in cross-sectional area of up to 2½ times. This 
observation does not agree with the data given in Table 7.4.

Shear deformations in Type III joints cause shear, bending and rotational deformations within the 
joint, idealised in Figure 7.32. The shear stiffness is given by ks, where:

	 k
E bh

L
s

c=
3

	 (7.7)

where L, b and h are the length, breadth and depth of the element. Shear deformations are not influ-
enced by end conditions.

The flexural stiffness is given by kb, where:

	 k
E I

a L
b

c= 12
3

1

	 (7.8)

Table 7.4  Shear deformabilities (mm/kN)

Description of joint Diagram Shear deformability (mm/kN)

Type I 6 1 1

φ E Ec c1 2

+





Anchor bar cutting through shear plane 6

φEc1

1 5.

φEc1

Type II 0 5.

E Ac k

Concrete element cutting through shear 
surface

5 × 10−3

Type III
Reinforced concrete flexural member 
connecting walls

To be determined
as given in text
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Figure 7.31  Shear joint tests by Bensalem at Nottingham University. (a) Experimental shear joint tests and 
(b) results from tests.

(a)

(b)
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Figure 7.32  Components of shear deformations.

where I is the second moment of area of the element in the plane of bending, a1 is a factor; a1 = 1 if 
both ends of the element are clamped, and a1 = 4 if one end is clamped and the other end pinned.

The stiffness due to joint rotation is given by kj, where:

	 k
b

a KL
j =

2
2

	 (7.9)

where a2 is a factor; a2 = 0.5 if both ends of the element are clamped, and a2 = 1 if one end is clamped 
and the other end pinned, and K = bending deformability within the joint itself according to Table 
7.5 [7.16] and Figure 7.33.

7.5.4  Flexural and torsional joints

Flexural and torsional forces may be resolved into a couple generating direct tension, direct compres-
sion, and shear. The strain gradients across these joints are often large and so the materials making 
up the joint will behave differently under combined stresses of differing magnitude (rather in the 
same manner as the Brazilian and beam rupture tests give different tensile strengths). The main types 
of flexural joint are shown in Figure 7.34(a), where a couple is generated between concrete in com-
pression and steel in tension and shear. A ‘cold’ joint should not be left between the precast and in 
situ concrete in the compression zone. This is the term used to describe the placement of wet concrete 
against an ex-mould precast surface with no preparation or applied bonding agents.

It is also important that the concrete is adequately confined, either by the use of binding links (see 
Section 10.2) or by the correct use of a bearing pad to prevent lateral bursting, as explained in Section 
7.3.1. The main design criterion for the tension force is adequate anchorage, which is usually provided 
by casting a fully anchored steel plate or threaded socket, etc. into one or both adjoining members. 
Space is often at a premium in these joints and so use of a large number of smaller components in 
the joint is recommended, rather than a small number of large components. The former option has 
the added advantage of being able to yield and dissipate energy in case of overloading.



Design of Connections and Joints  405

Figure 7.33  Definiton of clamping and restraint factors in flexure and shear connections.

Table 7.5  Bending deformability of an element clamped over a 
distance Ls

Ls (mm) 50 min 100 150 > 200
K (mm/kNm/m) 0.00020 0.00015 0.00012 0.00010

Empirical rules for the detailing of projecting loops are given in Figure 7.34. The bearing stresses 
inside the loop are governed by BS EN 1992-1-1, clause 8.3(3), Eq. 8.1 [7.8] or BS 8110, clause 
3.12.8.25 [7.9]. Semi-circular loops of internal radius approximately six times the bar diameter may 
be used to satisfy the bursting stresses; otherwise a straight portion must be added to the loops making 
the splice zone larger. Lateral reinforcement of at least equal cross-sectional area to the loops should 
be provided through the loops.

7.6  Bearings and Bearing Stresses

7.6.1  Average bearing stresses

It is inevitable that some of the joints in precast frames will rely on one member bearing directly onto 
the cast surface of another member. Bearings are designed for structural strength and integrity, and 
BS 8110 Part 1, clause 5.2.3 recognises the latter in stating that:

. . . the integrity of a bearing is dependent on two essential safeguards: (a) an overlap of reinforcement 
in reinforced bearings, (b) a restraint against loss of bearing through movement . . . 

and, it might be added, on avoiding partial loss of bearing due to accumulative manufacturing  
and site fixing tolerances. Similarly, BS EN 1992-1-1 [7.9] differentiates between connected (tied by 
normal reinforcement lap requirements), and isolated (not tied) bearings, requiring greater contact 
areas for the latter in clause 10.9.5.3.

The simple provision of an adequate bearing length should not be underestimated. It distinguishes 
precast from all other forms of construction in many ways. The physical and structural aspects of 
bearings should not be sacrificed on grounds of aesthetics, ease and speed of construction, saving on 
bearing mediums, reducing bearing thicknesses, etc. The problem is sometimes compromised because 
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it is known that actual bearing stress, when calculated using the recognised nominal dimensions, say 
75 mm for a floor slab, is often less than 25 per cent of the ultimate strength; designers are therefore 
tempted to ‘slim down’. Most of these indiscretions are shown in Figures 7.35 to 7.37.

The main types of bearing are:

	 dry bearing of precast to precast or precast to in situ concrete
	 extended bearings, where the temporary bearing is small and reinforced in situ concrete is used to 

complete the connection, seen in Figure 7.1
	 dry-packed bearing, where components are located on thin (3 to 10 mm thick) shims and the 

resulting small gap is filled using semi-dry sand/cement grout; see Figure 7.38(a)
	 bedded bearing, where components are positioned onto a prepared semi-wet sand/cement grout; 

see Figure 7.38(b)
	 elastomeric or soft bearing using neoprene rubber or similar bearing pads; see Figure 7.38(c)
	 steel bearing using steel plates or structural steel sections; see Figure 7.38(d).

Figure 7.34  Flexural joint details. (a) Flexural jointing by welding or bolting projecting steel sections together 
to form a couple with the concrete in compression, and (b) dimensions of loops for correct load transfer.

(a)

(b)
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Figure 7.35  Inadequate bearing length, of around 15 mm, in the precast plank unit may not have structural 
implications after the topping is added, but the danger of it dislodging during construction is clearly more 
important.

Figure 7.36  Unequal bearing levels creating localised stress concentrations between precast floor units and 
beams, leading to spalling under certain conditions of movement and loading.
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There is a broad division between precast components that are considered to be non-isolated and 
those that are isolated. Non-isolated components are connected to other components with a second-
ary means of load transfer, which would sustain loads in the event of failure in the primary support. 
For example, hollow-core flooring units that are grouted together would distribute shear forces to 
adjacent members in the event of a failure at the beam support, and would be classed as non-isolated. 
On the other hand, a stair-flight unit seated onto a dry corbel is an isolated component.

Figure 7.37  Omission of a bearing medium in a 200 mm-long joint enables clamping forces to cause failure 
in the end of the beam.

Figure 7.38  Bearing types. (a) Dry pack; (b) wet bedded; (c) elastomeric or soft; (d) anchored steel plates.

(a)

(c) (d)

(b)
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The design method considers the bearing stresses in both the abutting precast components and the 
sandwiched jointing material (if any) in between. Two values are determined in the plan dimension: 
bearing width, which is the greater dimension perpendicular to the direction of the span of the 
member, and bearing length. The effective bearing width is taken as the least of:

(1)	 the actual bearing width of the imposed member
(2)	 one-half of (1) plus 100 mm (or all of (1) if a compliant bearing pad is provided when the 

member is seated)
(3)	 600 mm {600 mm}.

Conditions (2) and (3) are empirical values based on the acceptable degree of flatness possible in 
members exceeding about 1.0 m in the critical dimension.

The net bearing length, as defined in Figure 7.39 (see also Section 5.2.13), is equal to the actual 
bearing length minus twice the spalling tolerance, called an ineffective bearing length. Allowances for 
spalling are given in Tables 7.6 and 7.7. Note that the difference between the ‘nominal’ bearing length 
as cited in design details, and the actual bearing length, is equal to the sum of all inaccuracies. These 
equate to about 3 mm or 5 mm per m distance between faces of precast or in situ supports, respectively. 
The minimum net bearing length is usually 40 mm for non-isolated components or 60 mm for isolated 
components. BS EN 1992-1-1 requires increased values of 80 mm for ribbed floor or purlin bearings, 
and 140 mm for beam bearings, again increased by 20 mm if the supported member is isolated. The 
minimum nominal bearing width is about 70 mm. The ultimate bearing stress is given by:

	 fb = ultimate support reaction per member

effective bearing leength net bearing width×
	 (7.10)

This should not exceed the design ultimate bearing stress, which is based on the cylinder {cube} 
crushing strength of the weakest of the two, or three, component materials (excluding masonry sup-
ports), as follows.

BS EN 1992-1-1, clause 10.9.5.2(2) (αcc = 1 for bearings) [7.8] and BS 8110, clause 5.2.3.4 [7.9]

(i)	 dry bearings on concrete: 0.4 fcd = 0.267 fck {0.4 fcu}
(ii)	 bedded bearings on concrete or grout: 0.85 fcd = 0.567 fck {0.6 fcu} (of the weakest medium)
(iii)	 elastomeric bearing (called flexible padding): between 0.4 fcu and 0.6 fcu; use the lesser of 0.567 

fck {0.5 fcu} or fc {fc} of the bearing material.

Figure 7.39  Definitions of bearing lengths and tolerances.
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Table 7.6  Spalling allowances at the supporting member

To BS EN 1992-1-1, Table 10.3 [7.8] To BS 8110 [7.9]

Method of support

Ineffective bearing
at continuous (line) 
support (mm)

Ineffective bearing 
at concentrated 
support (mm)

Ineffective bearing
(mm)

Steel 10 15 0

Concrete grade ≥ C30/37 15 25 15

Concrete grade < C30/37 25 35 25

Masonry 15 if stress
ratio ≤ 0.4

25 if stress
ratio ≤ 0.4

25

Reinforced concrete less than 
300 mm deep at outer edge

Nominal cover to 
reinforcement at outer 
edge*

Reinforced concrete where loop 
reinforcement at outer edge 
exceeds 12 mm diameter

Nominal cover plus 
inner radius of bent 
bar*

*  Chamfers occurring in the above zones may be discounted.

Table 7.7  Spalling allowances at the supported member

To BS EN 1992-1-1, Table 10.4 [7.8] To BS 8110 [7.9]

Reinforced at bearing

Ineffective bearing 
at continuous (line) 
support (mm)

Ineffective bearing 
at concentrated 
support (mm)

Ineffective bearing
(mm)

Bars continuous over 
support

0 0 0

Tendons or straight bars 
exposed at end of 
member

5 15 0

Tendons, straight bars, or 
horizontal loops at end 
of member

5 but ≥ end cover 15 but ≥ end cover 10 but ≥ end cover*

Vertical loops ≤ 12 mm 
diameter

15 End cover + inner 
loop bend radius

10 but ≥ end cover*

Vertical loops > 12 mm 
diameter

15 End cover + inner 
loop bend radius

Nominal end cover plus 
inner radius of bent bar*

*  Chamfers occurring in the above zones may be discounted.
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Items (i) to (iii) are intended for wide bearings, such as slabs or nibs on walls, but not for concentrated 
bearings, e.g. column corbels, called ‘nodes’ under item (vii) and (viii) below.

(iv)	 concrete bearings in regions of flexural and compressive stress (e.g. where the stress distribution 
is more triangular than rectangular, with αcc = 0.85), 0.85 × 0.85 fcd = 0.482 fck {0.4 fcu}

(v)	 limiting concrete bearing stress at a node where there are no tension ties, and there is no bearing 
plate or other medium (clause 6.5.4(4), Eq.6.60):

	 σ Rd ck ck cuf f f, ( ) . { . }1 = −1 250 1 5 0 6/ / 	 (7.11)

(vi)	 limiting concrete bearing stress at a node where there are tension ties in one direction (Eq. 6.61):

	 σ Rd ck ck cuf f f, . ( ) . { . }2 = −0 85 1 250 1 5 0 4/ / 	 (7.12)

(vii)	 steel bearing of width bp cast into member or support and not exceeding 40 per cent of the 
concrete dimension b (in the same direction of bearing), assuming the length of bearing h is 
semi-infinite: αcc fcd × confinement factor Sq; see Eq. (7.15) (αcc = 0.85 where there are transverse 
tension forces) = 0.567 fck Sq if the requirements for a partially loaded area are satisfied {0.8 fcu}. 
Higher bearing stresses may be used only if proved by adequate testing.

(viii)	 for wider bearing plates the allowable bearing stress fb is given as follows [7.17]:

	 f f S f
f

b b
fb ck q b

cu

p
cu= =

+














0 567
1 5

1 2
0 6. min

.

( )
; .

 
/

	 (7.13)

This reduced stress is to cater for diagonal tension that is directly beneath the insert and/or 
close to the outside face of the column. Thus for BS 8110 if bp/b > 0.44, Eq. (7.13) will govern.

(ix)	 for a bearing plate bp × hp embedded in a section b × h, the allowable bearing stress fRdu which may 
be known as σRd,3 {fb} is given as follows [7.18] (BS EN 1992-1-1, clause 6.7(2), Eq. 6.63 [7.8]):

	 f
A

A
f f f f

bh

b h
fRdu

c

co
cd cd b cu

p p
cu= < = <









1 3 0 6 2 0. . 	 (7.14)

where

	 S
A

A
q

c

co

= <1 3 7 10 2( . . )see Section 	 (7.15)

resistance area Ac1 = 3bp × 3hp

loaded area Ac0 = bp hp.

This is based on a 2:1 sloping (63°) load spread over a depth that, in each respective direction, is  
the greater of 2bp or 2hp. If the 63° line is interrupted by a free edge in one direction at a < 2bp, 
Ac1 = (bp + 2a) 3 hp. If a < 2hp, Ac1 = (hp + 2a) 3 bp. and so on. Figure 7.40, adopted with slightly dif-
ferent notation from the Norwegian precast manuals [7.19], shows the procedures. For example, using 
concrete C40/50, for 150 mm square bearing in a 500 × 300 mm section, then: from Figure 7.40, b2 = 3 
b1, but ca = (300 − 150)/2 = 75 mm < 150 mm, and

fRdu = × × + ×
×

× =( ) ( )

.
.

3 150 150 2 75

150 150

40

1 5
65 3 2N/mm

{ . . . }fb = × × =0 6 50 2 58 77 4 2N/mm
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7.6.2  Localised bearing stresses

In some cases localised bearing stresses will be much greater than the allowable ultimate values given 
above. Providing that the zones of localised high bearing stress are confined in the normal reinforced 
concrete manner, these stresses may be treated separately and considerable enhancements in allowable 
values are permitted. If steel inserts or bearing plates have cast-in reinforcement welded to their backs, 
local bearing stresses up to 0.85 fck {0.8 fcu} may be used. Test results [7.20] show that in columns, 
ultimate values equal to 1.0 fcu were achieved using H and I section inserts. The IStructE Manual [7.21] 
recommends:

Figure 7.40  Compressive stress control, adapted from Betongelementboken (2005) [7.19]. (a) General load 
distribution; (b) edge distance; (c) overlapping loads. (Courtesy Betongelementforeningen  
(www.betongelement.no.)
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. . . where a local load represents a small part of the total loading, its influence can be neglected. It is 
difficult to provide clear guidance to cover all cases, but broadly, local effects can be ignored where the 
overall load does not exceed 80% of the allowable capacity, or where the local load does not represent 
more than 20% of the total load.

BS EN 1992-1-1 [7.8] clearly defines in Clauses 6.5.4(5) & (6) the geometric and confinement condi-
tions that permit such enhancement, but provide no exemption from design calculation.

Localised stresses may also result from the rotations of flexural members at simple bearings. Where 
rotations exceeding 0.01 radians are anticipated, suitable soft bearing membranes should be used to 
accommodate the rotation. A suitable material for 0.02 radians of rotation is 10 mm thick × 150 mm 
square neoprene pad. Otherwise, rotations will shift the line of action of loading onto a knife edge 
near to the end of the spalling zone.

Finally, the combination of vertical load V and a significant horizontal load H can reduce the verti-
cal bearing capacity by causing splitting or shearing in the supporting member. Where H > V tan 20°, 
allowances should be made by providing sliding bearings, lateral reinforcement in the top of the sup-
porting member, or continuity reinforcement to prevent splitting in the supported member.

7.7  Connections

7.7.1  Pinned connections

Pinned connections transfer purely shear forces, both for (dominant) gravity and uplifting forces. 
The connections lend themselves to simple detailing and construction, and may be formed in the 
simplest manner by element-to-element bearing. To increase bearing capacities and reduce the local-
ised spalling, steel inserts are frequently used by anchoring plates (or rolled structural sections) into 
the connecting elements. The connection is completed by surrounding the steel inserts with cementi-
tious grout for fire and durability protection.

7.7.2  Moment-resisting connections

7.7.2.1  Full-strength and rigid moment connections
Fully moment-resisting connections, simulating monolithic ones in cast-in situ frames, are possible 
in many situations, in particular at foundations and between beams and columns. Cast-in situ 
connections are themselves not fully rigid, but have a flexural stiffness in the order of 70–90 kNm  
per mrad (10−3 radian). To place that in context, the flexurally cracked stiffness of a 6.0 m long × 
600 × 300 mm beam (4H25 bottom bars) using E = 30 kN/mm2, K = 3EI/L = 36 kNm/mrad, i.e. the 

Figure 7.41  Concrete compressive stress in bearings with tension tie in one direction (after [7.8]) based on 
Eq. (7.12).

a = axis distance to bar

Edge distance ≥ 2a 

σRd,max 

σRd,2 



414  Multi-storey Precast Concrete Framed Structures

connection has twice the stiffness and same strength as the beam. The reason for this is that the 
column is also flexible, and unless the beam loading and span are exactly symmetrical, will introduce 
some flexibility there.

Moment-resisting foundation design is dealt with in Section 7.14, but the method of casting or 
bolting a steel plate onto the end of one component and then connecting the plate to another com-
ponent through waiting bars may be exploited elsewhere if space permits, such as at upper-floor 
column splices.

If the connection is to be structurally useful, either in relieving sagging moments in beams or in 
increasing the global frame stiffness, moments of resistance of at least 50 kNm to 75 kNm are required 
for this purpose. If the moment is less than this, then it is probably better to design the connection 
as pinned. A lever arm of about 150 to 250 mm is required between the compressive and tensile forces 
that generate the moment; thus the couple will need to generate forces of about 300 kN. That  
is achieved by using an area of concrete of about 20 000 mm2 (minimum grade C32/40 concrete 
assumed), and using two or three 16- to 20 mm-diameter high-tensile reinforcing bars (grade 500 
assumed).

If welding is used to provide the continuity of forces, generous tolerances should be allowed in the 
positioning of the steel in the separate components to give the site operative the opportunity to place 
an intermediate bar if necessary between the bars and place a well-fashioned bead. Underhand 
welding should be avoided if possible, and the weld should be inspected afterwards.

Moment-resisting connections should be proportioned such that ductile failures will occur and 
that the limiting strength of the connection is not governed by shear friction, short lengths of weld, 
plates embedded in thin sections, or other similar details that may lead to brittleness. Many of the 
principles behind these requirements have evolved through years of seismic research and develop-
ment, and the common practice in the US, Japan and New Zealand is to design and construct 
moment-resisting connections in the perimeter of the frame, where there is less size restriction on 
beams and columns [7.12]. Large deep beams with ample space for this purpose are specified as ring 
frames, while the interior frames’ connections are all pinned-jointed shallow beams. Figure 7.42 shows 
details of a 457 mm square precast–in situ concrete beam end connection tested by Stanton et al. [7.1], 
which achieved a moment of resistance of 2100 kip-in (230 kNm). Versions similar to this have been 
studied by Park [7.22] and Pillai and Kirk [7.23].

Moment-resisting connections may be formed between columns and precast walls, or (sufficiently 
thick) cladding panels, because the latter are usually capable of accommodating the transfer moment. 
However, caution must be exercised in assuming that the places where splices are made will attain 
their ultimate design strength, i.e. the receiving element may not be able to carry the connecting 
moment.

Hasan [7.24] has designed and tested precast beam-to-column connections that are discontinuous 
in the construction stage, as shown in Figure 7.43 but, as shown in Figure 7.44, are made continuous 
by site-grouting additional rebars (e.g. 2H20 in this example) into a 100 mm-deep trough in the top 
of the beams. Continuity of the column is achieved by in situ grouting of protruding longitudinal 
bars (4H20 in this example) from the bottom column extending into galvanised steel ducts in the 
upper column and through the beam. The important reinforcement at the ends of the beams is shown 
in Figure 7.45 for two different designs. The cruciform joint is subjected to (i) balanced gravity load, 
producing a negative bending moment in the connection of about 150 kNm, and (ii) sway loads 
producing smaller negative and positive moments in the connection. The literature shows that little 
research has been carried out on this type of connection, the few exceptions being by Stanton [7.1], 
Vinha [7.25], deChefdebien [7.26], and Restrepo [7.27]. However, the connection shown in Figure 
7.44 is much simpler in terms of site work, requires no special mechanical parts, no bolting or welding, 
and is structurally efficient by providing good continuity between the jointed elements.

Three reinforcement cages were designed (T1 to T3). Two are as shown in Figure 7.45, where 
additional horizontal links were provided, and 2H20 additional top bars were added in T3. Negative 
bending moments were applied to the beams to induce relative rotation θ at the face of the column, 
enabling a plot of M/θ to be made as shown in Figure 7.46. A summary of the results is shown in 
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Figure 7.42  Moment resisting connections after Stanton [7.1].

Figure 7.43  (a) Discontinuous pinned jointed beam-to-column connection; (b) close-up view.

(c) (d)
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Table 7.8, where the ratio of the failure moment to the predicted ultimate moment is 1.01 to 1.37, 
although the sudden decrease in strength due to debonding of the top bars raises the question of 
whether this, or the final test moment of 159.4 kNm, should be quoted. The rotational stiffness of the 
connection S, given by the gradient in the M/θ graphs, is measured as the secant value at the intersec-
tion of the beam-line at point E (as defined later in Figure 7.50). The results in Table 7.8 show 
S ≈ 38 kNm/mrad for tests T1 and T2, but S = 83.3 kNm/mrad in test T3, clearly a result of the 
additional continuity bars and extra U-links at the ends of the beam. These values may be compared 
with the flexurally cracked stiffness of beam T3 × (say) 6.0 m long, K = 3EI/L = 8.52 kNm/mrad 
(E = 36.5 kN/mm2, I = 473 × 106 mm4, L = 6000 mm). The mode of failure of this connection is 
under-reinforced, and sufficiently ductile. Applying a factor of safety against the rebars of 1.15, and 
1.5 for concrete, MRd for test T3 may be taken as approximately 130 kNm, i.e. MRd/fcubd2 < 0.45 to BS 

Figure 7.44  Design of precast concrete beam-to-column connection with discontinuous beam and column 
elements [7.28].
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Figure 7.45  The important reinforcement details at the ends of beams required for successful beam-to-column behaviour 
[7.28].
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Figure 7.46  Moment versus rotation data for the cruciform precast beam-to-column connections [7.28].
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Table 7.8  Results of the cruciform precast beam-to-column connections tests [7.28]

Test ref

Predicted 
ultimate 
moment

Test failure 
moment Ratio test/

predicted

Secant 
rotational 
stiffness at E

Precast 
concrete cube 
strength*

Infill
mortar cube 
strength*

kNm kNm kNm/mrad N/mm2 N/mm2

T1 121.3 137.3 1.13 32.4 63.0 65.7
T2 151.1 151.6 1.01 29.4 76.0 55.2
T3 157.8 159.4 1.01 113.6 82.8 59.7

*  measured at date of test
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EN 1992-1-1 for a rotational hinge {≈ 0.05, giving x/d ≈ 0.13 < 0.5 to BS 8110}. Figure 7.47 shows 
extensive flexural cracking extending to the neutral axis at around 60 mm from the compression  
face. Clearly this is a practical type of connection to design and construct, with good mechanical 
properties.

To quantify the rotational stiffness S of the connection, which may be determined by testing or by 
calculation according to Section 7.7.2.2, a fixity factor γ according to Monforton [7.29] is adopted. 
This is a non-dimensional parameter that relates S to beam stiffness 3EI/L (the remote end of the 
beam is considered as pinned-jointed), varying from γ = 0 for pinned to 1 for fully rigid connections, 
respectively, and is given by:

	 γ = +





−

1
3 1EI

SL
	 (7.16)

Thus for the cruciform connection T3, S = 29.4 kNm/mrad and the beam stiffness 3EI/L = 5.9 kNm/
mrad. Then γ = 0.83. For T2, S = 113.6 kNm/mrad and 3EI/L = 8.5 kNm/mrad, so γ = 0.93. It is now 
required to consider the effect of the fixity factors in assessing the behaviour of the connections in 
the beam-to-column structure, as follows.

7.7.2.2  Partial strength and semi-rigid moment connections
Not all precast skeletal structures are designed using pinned-jointed or fully rigid beam-to-column 
connections. The spectrum for the range of connection behaviour is the widest possible in precast 
concrete, more so than in other forms of construction. During the construction stage the beam is 
pinned-jointed to the column face, or seated on a corbel or on the column head. Afterwards, when 
floor units, together with reinforced cast-in situ infill and narrow strips around their ends (and some-
times a cast-in situ topping) are taken into account, the connection will possess appreciable flexural 
strength and rotational stiffness. Connections such as these, which in the past focused largely on the 
proprietary types of mechanical connector described in Section 7.10, were conveniently (and some-
times carelessly) designated ‘notionally pinned’ during construction, offering zero stability to columns 
and no negative moment in the beam. Once completed, the connection must then be classified accord-
ing to its effect on the behaviour of the framed structure – not by its own resistance per se – as 

Figure 7.47  Flexural cracking in the cruciform precast beam-to-column connections [7.28].

Local
elongation
of rebars
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‘semi-rigid’ in terms of stiffness and ‘partial or full strength’, and reinforced appropriately so it is able 
to resist imposed dead and live gravity loads and, in the case of unbraced frames, reversals of sway 
loads. There should be no flexural cracking in the top of the beam in the connection zone, or debond-
ing of rebars at the precast interfaces. In addition, negative (sagging) moment continuity must also 
be provided to counter the effects of relaxation of prestress, thermal movement, creep, and shrinkage, 
particularly in long-span and highly prestressed beams. The detailing of the reinforcement varies 
according to designers’ and contractors’ preferences, but the essential requirements are shown in 
Figure 7.48.

There has been considerable human resistance to the use of semi-rigid connections in skeletal 
structures in spite of the analytical, numerical, experimental and construction evidence. The PRESSS 
research program [7.30] led to the successful execution of a post-tensioned beam-to-column connec-
tor used in a 22-storey frame in the USA. Ozden [7.31] has modelled these connections by adding 
unstressed tendons though the centre of the beams, capable of resisting bending moments over 
200 kNm at rotations up to 0.04 radians. Semi-rigid connections are commonly used in commercial 
and educational buildings of up to 5–10 storeys in South America, as shown in Figure 7.49. Reaction 
forces generated through welded steel plates at the corbel seating, and continuity rebars in the floor 
zone, are coupled to produce sufficient rotational stiffness to brace this structure in two mutually 
perpendicular directions.

This reluctance has not been helped in the past by the lack of information in codes of practice for 
structural concrete, which (unlike structural steelwork) do not cater for such connections. BS EN 
1992-1-1, clause 5.8.3.2(3) allows the relative stiffness at the ends of the columns, expressed as 
k = (EcmIcol/lcol)/(Mcol/θjoint), to be used in the effective length calculations. However, the effective relative 
stiffness of a precast beam to column in BS 8110, Part 2, clause 2.5.4, is 1/10. Unfortunately this 
information is not applicable to semi-rigidity where M/θ is required at beam ends, not in columns, 
and there is no mention of separating local joint rotations from the total rotation. In response to this, 
between 1990 and 2009 there were nearly one hundred full-scale (or reasonably sized model scale) 
tests carried out on precast beam-to-column connections, sub-frames, continuous beams, and so on. 
The leaders in this field have been Stanton et al. [7.1], Priestley et al. [7.30], Lindberg et al. [7.32, 
7.33], Elliott et al. [7.34–7.36], Ferreira et al. [7.37–7.39], and at CERIB [7.40].

Figure 7.48  Site-placed tie bars in both in-plane (parallel to beams) and out-of-plane directions generate 
semi-rigid behaviour with full-strength resistance in a 10-storey skeletal frame.
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Figure 7.49  Semi-rigid and full-strength connectors in medium-rise precast frames (courtesy of T&A 
Prefabricados, Recife, Brazil).

Under the European action COST C1 (1991–1999) for the ‘Control of the Semi-rigid Behaviour of 
Civil Engineering Structural Connections’ in steelwork, precast concrete, timber and polymer sections, 
Mahdi [7.41] and Gorgun [7.42] and later Ferreira [7.43] tested 34 full-scale tests on a wide range of 
beam-to-column connections. Proprietary mechanical connectors, such as the steel T-cleat, welded 
plate or RHS billet (see Section 7.10) provided the initial notional pinned joint and, together with small 
quantities of reinforced in situ concrete in the joints, generated semi-rigid behaviour, as shown in 
Figure 7.49 and as defined by a moment-rotation M-θ diagram shown in Figure 7.50. The negative 
moment M is measured at the face of the column, and the relative (not absolute) beam-to-column 
rotation θ as close to this as possible, within 1.2h (h = beam or beam + slab depth). θ must not include 
rotations due to flexural curvature of the beam or column, otherwise these will be counted twice in 
frame analysis. It is important to recognise that test results cannot always separate these two effects.

The relevant properties of semi-rigid connections are defined in Figure 7.50 as (i) ultimate flexural 
strength MR, (ii) rotational stiffness S, and (iii) ultimate rotational ductility capacity θu. M-θ behaviour 
in precast connections is typically linear up to about 0.3MRd and roughly parabolic afterwards. 
Elliott et al. [7.34] show this in a curve-fitting exercise. The rotational stiffness is required at the point 
where the end moment and rotation in the connection match those in the connecting beams – in 
other words, where the M-θ behaviour of connector and beam-line intersect, given by point E in 
Figure 7.50.

The beam-line represents the characteristic M-θ behaviour of a beam under certain conditions of 
loading. Consider a uniformly distributed imposed load w acting on a beam of span L; the moment 
of resistance of the beam (or composite beam + slab) MRd at point A is equated to the fixed end 
moment wL2/12. The beam is theoretically fully rigid, such that θ = 0. If the beam is pin-ended, then 
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Figure 7.50  Definition of moment versus rotation parameters for connections.
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at point B, M = 0 and θ = wL3/24EcI, where Ec is the short-term value for Young’s modulus, and I is 
the flexurally cracked second moment of area. The gradient of the beam line = −2EcI/L. All points 
along the beam-line define the M-θ relationship of the beam. If M-θ for the connection is plotted on 
the same diagram, the intersection point ‘E’ (E represents beam End) simultaneously defines the end 
moment and rotation of both the beam and the connection. For a connection stiffness to be considered 
in frame design, point E must exist, as shown in Figure 7.50, and the rotational stiffness may be taken 
as SE. If the connection fails prior to reaching the beam-line, it must be classed as pinned (even though 
there may be some small strength and stiffness present).

For very high values of stiffness the behaviour will resemble closely that of a rigid joint, and may be 
assumed to be rigid in frame analysis. Similarly, a connection of very low stiffness may be assumed to 
be pinned. Anything in between will be semi-rigid, but the boundaries between the three classifications 
are somewhat arbitrary. The PCI Design Handbook on connections [7.44] and BS EN 1993 [7.45] 
permit semi-rigid design for steel connections having a rotational stiffness in the range 0.5EI/L ≤ S ≤ 8EI/L 
for braced frames, and 0.5EI/L ≤ S ≤ 25EI/L for unbraced frames. Experimental tests on precast con-
nections show that typically 4.5EI/L ≤ S ≤ 12.8EI/L and the ten tests shown here in Figures 7.46 and 
7.51 gave 6.4EI/L ≤ S ≤ 40EI/L, which by comparison must surely be suitable for semi-rigid design. 
Note that results given are ultimate test capacities, unfactored for design purposes.

The procedure is:

(i)	 First determine the experimental, numerical or analytical moment capacity of the connection, 
ME and its stiffness, SE.

(ii)	 Apply appropriate partial safety factors for materials to ME, if not already applied.
(iii)	 Determine the fixity factor as

	 γ = + −( )1 3 1EI S LE/ 	 (7.17)

(iv)	 Back-calculate maximum uniformly distributed imposed dead and live load w at the end of 
beam as:

	 M
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	 (7.18)

(v)	 Using w, calculate the mid-span beam moment Mspan and deduct the bending moment due to 
self-weight and other dead loads before the connection is completed. If this cannot be achieved, 
reduce w to suit, and accept that the connection will not achieve its potential strength:
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(vi)	 Calculate the beam end rotation using the smaller value of w from above, and use θE to calculate 
deflections due to connection rotation.

	 θ γ
γE
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Referring to Figure 7.50 at point E, where ME = 211 kNm and γ = 0.834: Eq. (7.18), w = 79.6 kN/m 
for L = 6.0 m. The mid-span moment Mspan = 147 kNm. The end rotation θE is based on 
EI = 27 600 kNm2; then Eq. (7.20) θE = 0.117 × 79.6 × 6.02/(24 × 27 600) = 0.003 radian.

Figure 7.52, which is reproduced after Ferreira [7.43], gives a design chart for the above parameters. 
The moments are normalised with respect to the fully rigid condition, and the rotation to the pinned 
condition. Studying this chart, Ferreira identified two important demarcation points:

γ = 0.4 distinguishes low strength from medium strength, because when γ > 0.4 the semi-rigid behav-
iour provides more than 50 per cent of full rigidity.

γ = 0.67 distinguishes medium strength and high strength, because ME > Mspan.

Therefore the proposed classification system after Ferreira [7.43] consists of five distinct zones, as 
indicated in Figure 7.52 as follows:

ZONE I (pinned connections): γ  ≤ 0.14. There is no semi-rigid behaviour, but connections must 
provide adequate rotation capacity in order to guarantee integrity when the beam end rotates.

ZONE II (semi-rigid with low strength): 0.14 < γ  ≤ 0.40. Connections are not able to act as moment-
resisting. However, numerical simulations under lateral loading show that for γ  > 0.14 the lateral 
stiffness of the frame increases significantly, most significantly for taller frames.

Figure 7.51  Moment versus rotation data for double-sided beam to continuous column connections using 
steel billet and welded plate ( symbols) connectors [7.41, 7.42].
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ZONE III (semi-rigid with medium strength): 0.40 < γ  ≤ 0.67. Connections are suitable to act as 
moment-resisting connections, but still cannot provide semi-continuity to the adjoining beams. 
Since the connection resistance follows the beam capacity, rotations occurring in the connection 
zone will be mainly due to the beam end deformation, wherein the plastic hinge is developed, so 
that in this case there is no need to specify a rotation requirement.

ZONE IV (semi-rigid with high strength): 0.67 < γ  ≤ 0.90. Connections are fully connected and 
provide semi-continuity to the adjoining beams. Confirming this indication, according to BS EN 
1993, there is no need for semi-rigid analysis in braced frames when γ  > 0.75.

ZONE V (rigid connections): γ  > 0.9. There is no need to consider the semi-rigid behaviour. However, 
even rigid connections should be assessed in terms of ductility.

7.7.2.3  Theoretical derivations for the connection f﻿lexural strength and stiffness
Ultimate flexural strength may be calculated according to the same principles as for reinforced con-
crete sections. The small quantity of infill grout or mortar will generally have about the same com-
pressive strength as the precast, say C40/50, as an early strength of about 30 N/mm2 is required on 
site after 1–2 days. Thus, providing the continuity bars are fully anchored and wrapped by links or 
other rebars crossing the bending plane, the steel should attain yield strength. Thus Fs = 0.87 fyk As 
(0.87 fy As), Fc = 0.567 fck b 0.8X{0.45 fcu b 0.9X}, and the lever arm becomes

	 z d f A f b d f A f by s ck y s cu= − −2 5 4 80 2 22 4 77. . { . . }/ / 	 (7.21)

and

	 M f A z M f A zRd yk s R y s= =0 87 0 87. { . } 	 (7.22)

Ferreira found that the top reinforcement lever arm, z = 0.85d to 0.95d.
Note that according to BS EN 1992-1-1, clause 5.6.3 limits x/d ≤ 0.45 for continuous beams based 

on a connection’s rotation capacity over a length of 0.6 × depth of section each side. This automati-
cally allows 15 per cent moment redistribution at the connection, if required, providing the ductility 
of the connection is proven. There is no such restriction in BS 8110.

Figure 7.52  Classification system for pinned, semi-rigid and fully rigid beam-to-column connections. The 
text explains what must be checked in each category. After Ferreira [7.43] (courtesy fédération internationale 
du béton (fib), www.fib-international.org).
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The total end relative rotation θE arises from two primary deformations. These are:

(i)	 Beam-to-column rotation due to joint opening at the interface
(ii)	 beam end curvature along a plastic hinge length lp.

Joint opening at the interface: This is due to the elongation of the top reinforcing bars, as shown 
in Figure 7.47. The local rotation ϕc = δ/d, where d = effective depth to top bars in the beam or com-
posite beam + slab. The deformation is equal to the yield strain in the bars times embedment length, 
δ = le fy/Es, where le is taken as the lesser of either a length over which the stress distribution along the 
bar is uniform or the length available, as defined in Figure 7.53. If the bar is stressed on both sides of 
the joint, the maximum embedment length is equal to half the depth of the column. Then:

	 φc
y e

s

f l

E d
= 	 (7.23)

Beam end rotational deformation: This is caused by curvature of the beam in the region where the 
curvature of the beam, and hence also the tensile stress in the top bars, are constant; see Figure 7.54. 
Cracking patterns obtained from experimental results [7.34] show that curvature is constant for 
approximately 0.5 times the anchorage bond length. There is a concentration of cracks causing the 
curvature that is constant within the plastic hinge length lp. For rc beams lp = hbeam. In precast con-
nections lp depends on the load path from the centre of rotation and the type of connector bearing, 
e.g. corbel, billet insert, or cleat, and whether the force is transferred to the beam by a cast-in steel 
plate or by suspension bars (Figure 7.53). Then:
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	 (7.24)

where (1/r)cr is the curvature of the beam (or beam plus slab) based on the flexurally cracked section.

Figure 7.53  Embedment length of reinforcement across columns.
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The required moment capacity MER and the allowable design moment MEd for the connector at the 
ultimate limit state can be obtained from the intersection of S = MR/ϕc with the beam-line (from 
MER/MR = S/S + 2EI/L) as:
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Letting (7.22) MR = fy As z and ϕc = (fy le/Es d) + (MR lp/Ec Icr), Eq. (7.25) is rewritten as:
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For example, using the 300 × 300 mm beam and composite 200 mm-deep hollow-core floor slab 
identified in Figure 7.50, use the above equations to compare with the test values ME = 210 kNm and 
ϕE = 0.003. In this test by Gorgun [7.42], column depth hcol =, section depth h = 300 + 200 = 500 mm, 
d = 500 − 50 cover = 450 mm, As = 2 no. H25 bars = 982 mm2, fy = (measured) 518 N/mm2, 
fcu(i) = (measured) 45.0 N/mm2, Ec Icr = 27.6 × 1012 Nmm2. The bond lengths, from Figures 7.52 and 
7.53, are le = hcol/2 = 150 mm, lp = 150 + 60 + 200 = 410 mm, where the bearing surface of the 60 mm 
projecting steel billet was at 150 mm from the top of the beam, the half bearing length = 80/2 = 40 mm, 
plus the 200 mm slab. The beam length is once more taken as 6.0 m.

Then, applying no material partial safety factors for a comparison with test data:

Fs = 518 × 982 = 508 676 N
X = 508 676/0.67 × 45 × 300 = 56 mm < 0.45d
z = 450 − 0.45 × 56 = 425 mm
MR = 508 676 × 425 = 216.2 kNm. Test result = 238 kNm, but ultimate strength of bars exceeded the 

design value.
ϕc = (518 × 150/200 000 × 450) + (216.2 × 106 × 410/27.6 × 1012) = 0.004 rad. Test result = 0.003 rad.
MER/MR = (1 + (2 × 27.6 × 1012 × 0.004/6000 × 216.2 × 106))−1 = (1 + 0.172)−1 = 0.854.
MER = 0.854 × 216.2 = 185 kNm. Test result = 210 kNm. The theoretical value is less than the experi-

mental because the ultimate tensile strength, approximately 560 N/mm2, was available in the test.

7.8  Design of Specific Connections in Skeletal Frames

7.8.1  Floor slab to beam connections

Floor connections can be divided into two main categories:

	 connections at supporting joints
	 connections at non-supporting longitudinal joints.

In the latter, beams or walls spanning parallel with the floor slab are essential to the integrity of 
the precast frame, and as such these joints are of equal importance to the main supporting joints.

Slab-to-beam connections using hollow-core and double-tee floors are designed as simple supports, 
despite the presence of reinforced in situ concrete strips cast in the ends of the units. Hollow-core 
floors are usually laid dry directly onto the shelf provided by the boot of the beam, but neoprene 
bearing pads or (less frequently) wet bedding onto grout can also be used in certain circumstances, 
e.g. double-tee floor slabs. Wet-bedded bearings are sometimes used on refurbished beams with 
uneven surfaces.
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7.8.2  Connections at supports

Although floor slab connections at supporting joints are normally designed as simply supported, a 
degree of end restraint may be present owing to the couple generated between the contact plane and 
tie back (rc or weld), as shown in Figure 7.55. Moments of resistance of up to 25 kNm per metre run 
have been measured by Mahdi [7.41] using only two H12 bars site-placed into the opened cores in 
the tops of the slabs. The magnitude of the restraint does not usually affect the flexural behaviour of 
the slab [7.46], because cracking in the top of the floor slab is often found only at the in situ-to-precast 
interface, and not in the slab itself. Longitudinal shrinkage of the floor slabs may also lead to cracking 
over the support, thus rendering the connection pinned in any case.

The objectives of design are to ensure transfer of vertical loading from the slab to the beam in both 
normal and abnormal (fire, accident, etc.) loading conditions. The connection has therefore to satisfy 
the requirements of load transfer, structural integrity, and ductility. Some of the means of achieving 
this are shown in Figure 7.56.

In hollow-core construction, Figure 7.56(a), openings are made in the top flanges of the units 
(during manufacture) to permit the placement of structural concrete (grade C20/25 minimum) on 
site. Continuity of reinforcement is achieved either by direct anchorage between the precast beam 
and in situ strips, or by dowel action between loops, or between loops and other bars. The bars may 
be placed in the longitudinal gaps between the slabs providing that the geometry of the gap corre-
sponds to the details in Figure 5.11. Structural continuity, but not moment transfer, over internal 
beams is easily achieved, as shown in Figure 7.57(a)–(c). See FIP Manual [7.46] and the BCA Guide 
[7.47] for other possible details.

The length of embedment is taken as the greater of one anchorage bond length or the equivalent 
of the transfer length of the prestressing force in the precast unit. End hooks may be used to obtain 

Figure 7.55  Spurious moment restraint at slab-to-beam connection.
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Figure 7.56  Floor slab to external beam connections [7.47]. (a) At hollow-core slabs connections and (b) at 
double-tee slab connections.
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Figure 7.57  Floor slab to internal beam connections [7.22]. (a) Rectangular beams; (b) asymmetric beam; (c) inverted-tee 
beams.
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Figure 7.58  Shear friction hypothesis used to analyse edge bearings.

the required length. The openings are wide enough to ensure good compaction using a small-diameter 
poker vibrator. The infill usually penetrates the end of the opening to a distance greater than is struc-
turally required.

Hollow-core units are laid directly onto dry precast beam seatings. The design ultimate bearing 
stress, 0.4 fcd = 0.267 fck {0.4 fcu} is rarely critical. A nominal bearing length of 75 mm, resulting in a 
net length of 60 mm after spalling allowances have been deducted, gives rise to a bearing capacity in 
the region of 800 kN/m run. Rigid neoprene strips or wet mortar bedding, which have been used in 
special circumstances, e.g. in refurbished buildings or on masonry bearings, ensure that a uniform 
bearing is made between them.

In double-tee floors a welded connection is made, Figure 7.56(b). Double-tee slab bearings require 
greater consideration, because it is vital that the loads should be equally shared between all four 
bearing points. A nominal bearing length of 150 mm minimum is recommended and the units  
should always be seated on rigid 100 × 100 mm neoprene (or similar) pads of about 8 mm to 10 mm 
thickness.

Design equations given in PCI Manuals [7.48] for ultimate bearing capacity take into consideration 
the dimensions s, w and the coefficient of friction μ = Tu/Vu defined in Figure 7.58. Using a static value 
for μ between dry elastomeric and concrete surfaces of 0.7, the analysis considers a potential shear 
failure crack inclined at 20° to 25° to the vertical free edge of the bearing. For typical double-tee 
geometry, the minimum bearing capacity (based on a design stress of 7 N/mm2 for neoprene) is in 
the order of 170 kN/m. Again this is rarely critical. Bearing lengths of less than 100 mm are not rec-
ommended for double-tee units, because there is a chance that misalignment of the pads could easily 
reduce the actual bearing length to as little as 70 mm (Figure 7.59).

It is not advisable to attempt a flexural connection between double-tee units and support beams 
unless full anchorage of the force mechanisms providing the couple is guaranteed, both at the slab-
to-beam and beam-to-column connections. The transfer moment is concentrated at the seating of 
the webs (usually at 1.2 m centres). Problems due to the combined effects of vertical and horizontal 
forces at the seating are difficult to avoid in such confined areas without the use of special anchorage 
devices.

Connections between flat plank flooring and supporting members present few problems, providing 
a soft sand/cement mortar is used to bed 2.4 m wide units onto precast (particularly prestressed, or 
with camber) beams. A 75 mm nominal bearing is used. Continuity of reinforcement is provided by 
the mesh lapping with projecting reinforcement in the beams or walls.
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7.8.3  Connections at longitudinal joints

Longitudinal joint connections are provided between the edges of precast floor units and beams (or 
walls) running parallel with the floor. Their main function is to transfer horizontal shears, generated 
in the floor plate by diaphragm action (see Section 8.3), between floor slab and beam while allowing 
for the differential movement between adjacent precast components. Details of this joint are shown 
in Figure 7.60(a)–(c).

In hollow-core construction, recesses may be formed by removing part of the top flange. An in situ 
rc joint is formed at intervals, usually at 2.4 m centres, along the edge of the slab. Full-depth in situ 
concrete strips may be preferred, to ensure a positive shear key. The slab is sufficiently flexible to 
accommodate differential vertical movements due mainly to temperature and loading effects.

Typical longitudinal joints between double-tee and edge units are also shown in Figure 7.60, where 
a welded connection (at 2.4 m intervals) is made between the units immediately after fixing. The 
strength of the weld is sufficient to maintain the position of the double-tee unit while the in situ 
concrete topping is hardening. The welded connection is designed to prevent separation of the rein-
forced topping (which is tied to the edge beam) from the flanges of the precast slab. The flanges of 
the slab are, in turn, reinforced (with mesh) to cater for flexural forces generated by the shear restraint 
provided by the weld to prevent differential movement. Longitudinal cracking in double-tee units is 
very rare indeed.

It is not always necessary to use parallel edge beams with solid precast plank floorings, because of 
the semi-monolithic form of the construction. However, if beams are used (to carry wall loads, for 
example), an in situ connection between the beam and structural topping is made by lapping site-
placed mesh to projecting bars from the edge beam.

Figure 7.59  Misplacement of bearing pads to double-tee units.
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7.8.4  Floor connections at load-bearing walls – load-bearing components

Horizontal joints in load-bearing walls occur at floor and foundation levels. Primary forces in the 
joint are due to vertical compression from upper-storey panels and horizontal shears from floor plate 
diaphragm effects. Secondary forces due to temperature, long-term shrinkage, and creep, or spurious 
bending moments induced by end restraints, are by comparison of minor importance. Connections 
at wall supports require careful detailing, particularly if the floor units are supported within the 
breadth of the walls, and large wall loads are imposed: see Figure 7.61. Some hollow-core units (e.g. 
300 mm deep) may require strengthening to prevent web buckling by filling the voids to a depth 
coincident with the edges of the walls. Double-tee units may require rib end closure pieces to form a 
diaphragm.

Figure 7.60  Floor slab to beam connections at longitudinal positions [7.47]. (a) Intermittent tie; 
(b) continuous in situ edge strip; (c) welded tie to double-tie.
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There is a wide range of solutions available for forming these joints, varying from an extensive use 
of in situ concrete and tie steel, Figure 7.62(a), to welded connections made between fully anchored 
plates, Figure 7.62(b). The former offers excellent structural integrity and ductility, whereas the latter 
offers immediate stability to the precast frame. For these reasons a combination of both is sometimes 
used, such that the bolt or weld design need only satisfy temporary stability conditions.

A general distinction is made between continuous joints (e.g. using hollow-core flooring) and 
isolated joints (e.g. using double-tee flooring where a connection is made at 1.2 m intervals). Typical 
details for continuous construction are shown in Figures 7.63 and 7.64(a) and (b) for internal  
and external use, respectively. It is important for the designer to allow easy access to make these  
joints, which is why the detail in Figure 7.64(a) using loose, U-shaped site bars is preferred to  
Figure 7.64(b), where the projecting L-shaped bars must be cast into the wall with an accuracy within 
about 50 mm.

Strength-controlling factors for the correct transfer of vertical load are:

	 the extent and compressive strength of confined in situ concrete
	 the ‘effective’ width of shims and the use of steel levelling shims in the upper-storey panel bearing
	 the vertical splitting strength of the panel ends
	 the strength of any mechanical connection.

A further subdivision of joints is where, for reasons of restricted access or bearing width, an 
extended bearing is formed, as shown in Figure 7.65. This is often referred to as an open joint, as 
opposed to the more frequently used closed joint. Differences in failure modes are due to the different 
stress-deformation characteristics of the in situ and precast concretes. Although crushing failure is 
theoretically possible, tensile splitting occurs first because transverse reinforcement is not present in 
most cores in hollow-core slabs. Furthermore, to restrict the penetration of in situ concrete to the 
width of the wall bearing reduces the risk of introducing hogging restraint moments to floor slabs 
that are not suitably reinforced.

Figure 7.61  Floor slab to wall joints [7.47].
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Figure 7.62  Load bearing wall-to-wall connections. (a) Using reinforced in situ joints, and (b) using welded 
joints.
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Figure 7.63  Continuous connections in floor slab to wall joints.

Figure 7.64  Continuous connections in floor slab to external wall joints: (a) using U-shape site bars and 
(b) using projecting L-shape bars.

(a) (b)
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7.9  Beam-to-Column and Beam-to-Wall Connections

7.9.1  Definitions for different assemblies

The most fundamental feature in the design of multi-storey precast frames is the connection between 
vertical and horizontal components. There is a broad subdivision in that either the vertical member is 
continuous (both in design and construction terms) and horizontal components are framed into it at 
various levels, or the vertical member is discontinuous (only in construction terms) and the horizontal 
components are either structurally continuous or separate across the junction. Although the former 
usually refers to skeletal column and beam construction and the latter to wall frames, there is an alterna-
tive approach, particularly in low-rise unbraced buildings, for single-storey columns to be erected floor 
by floor, and an important in situ concrete connection to be then made between precast components.

The fib Manual [7.3] on structural connections highlights some fundamental principles, which 
make a good starting point for this discussion:

Figure 7.66 shows a compression-loaded mortar joint for the columns and a half-joint for the beams. 
Solution A will give an excellent performance – the joints are easily accessible to workers and the large 
forces in the columns are readily transferred from one column to another. Solution B, with a beam passing 
over the column and one half-beam joint, say at one-fifth of the span, will give better moment distribution 
over the beams, but most probably a poorer performance at the column connection. The column connec-
tion, which now consists of two mortar joints, will have to overcome the following two handicaps:
	 As the beam passes over the column and has a certain negative moment, its top filaments will elon-

gate. This elongation transferred through the mortar joint to the underside of the upper column will 
negatively influence the bearing capacity of this column, as it will tend to undergo the same defor-
mation and split.

	 The joint at the underside of the beam is in turn difficult to reach. Placing of the mortar is difficult, 
resulting (most probably) in bad quality and subsequent poor force transfer.

Fogarasi [7.49] gives a summary of many of the types of connection used in Europe, Asia and North 
America. Of the 20 or so types of connector cited, there is an even split between the use of concrete 
corbels with twin-rib or rectangular beams, and cast-in steel inserts forming what many people refer 
to as the ‘invisible corbel’.

Figure 7.65  Intermittent connectons and extended bearings in an ‘open’ floor slab to wall joint.
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7.9.2  Connections to continuous columns using hidden steel inserts

Steel insert joints are one of the commonest forms of beam-to-column connection. The structural 
mechanism, which is described in Figure 7.67, is based on static strength, stiffness, load transfer into 
the connecting components, temporary stability and structural integrity. A wide range of joints, some 
of which are shown in Figure 7.68(a)–(f), have evolved to satisfy these requirements. The basis of 
joint design is as follows (Figure 7.67):

(1)	 At A – to transfer the shear force carried by the reinforced (or uncracked prestressed) concrete 
at the ends of the beams into the connection. This usually takes the form of shear transfer from 
a combination of vertical shear links and/or bent-up bars into a prefabricated steel section, called 
a ‘shear box’. The end of the beam is pocketed or recessed.

(2)	 At B – to ensure adequate shear capacity in the plane of the physical discontinuity between beam 
and column (or other supporting member), taking into consideration ultimate and working 
values of static strength, cracking, durability and fire resistance. This usually takes the form  
of either a projecting (solid or hollow) steel section, or a gusseted angle or T-cleat bolted into 
anchored sockets.

(3)	 At C – to transfer the compressive loads into the rc column. The effects of horizontal bursting 
forces, both above and below the connection in the case of eccentrically loaded columns, are 
controlled using closely spaced links. Column anchorages are generally either fully anchored 
cast-in-sockets, or steel box or H-section cast-in inserts.

7.9.3  Beam-to-column inserts

The options for beam-to-column inserts are as follows:

(1)	 Direct frictional bearing between beam and column inserts with no positive mechanical action 
between the essential precast components: a non-structural top fixing, comprising either a bolted 
or welded cleat or plate, or an arrangement of reinforcement to provide torsional stability to the 
connection (Figure 7.68(a)). Shear capacity is based on the net shear section of the projecting 
inserts.

(2)	 As (1), with the addition of a ‘drop bolt’ located between the top fixing and column insert and 
used to give immediate temporary stability to the connection and a positive mechanical tie 
between the precast components (Figure 7.68(b)).

Figure 7.66  Alternative solutions for a beam-to-column connection, from [7.3] (Courtesy of fédération 
internationale du béton (fib), www.fib-international.org.)

(a) (b)

http://www.fib-international.org
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(3)	 A welded connection in which discrete weld preparations have been made to the adjoining beam 
and column inserts. Top fixings may be excluded because of the torsional stability provided by 
the weld (Figure 7.68(c)). The vertical shear capacity is as (1) and excludes the contribution of 
the weld.

(4)	 A sliding plate fitted into a rectangular slot in the beam. A notch at the end of the plate fits over 
a lip at the bottom of a steel box cast into the column (Figures 7.68(d) and 7.69).

(5)	 A separate intermediate cleat. Typically these are a rolled structural tee, rolled angle, fabricated 
plate angle, or fabricated box gusseted for strength and drilled to receive a bolted connection to 
both beam and column components. Top fixings may be excluded because of the stability pro-
vided by the bolt group (of at least two) (Figures 7.68(e) and 7.43). The shear capacity is based 
on the lesser of:
a)	 the single shear capacity of the bolt group (at least 2) to the column
b)	 the capacity of the gusseted cleat (or box) designed as a solid ‘strut-and-tie’.

Side connections, shown in Figure 7.68(f), are also possible providing that the torsion moments 
are catered for in the beam.

The connection is designed for the least favourable position between contact surfaces, taking into 
account the accumulation of frame and component tolerances. The gap between the precast compo-
nents is concreted using a sand/cement (or cement only) grout containing a proprietary expanding 
agent. In some instances, particularly where the cover to the surface of the nearest steel insert exceeds 
about 50 mm, small-diameter links are spot-welded or otherwise attached to the inserts to form a 
small cage. The grout, which has a minimum compressive design strength of 25 {30} N/mm2 (but 
frequently exceeds 40 {50} N/mm2 at 7 days), provides up to a 2-hour fire protection and total dura-
bility protection to the connection.

Figure 7.67  Basic principle for the design of beam-to-column connections using halving joints and cast-in 
steel inserts.
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(a)

(b)

Figure 7.68  Types of cast-in steel inserts at beam-to-column connections.
(a)	 Using solid or hollow billet with top steel reinforcing bars
(b)	 Using solid or hollow sections with threaded dowel and top angle fixing
(c)	 Using solid billet with welded plate in beam
(d)	 Using open box and notched plate in beam
(e)	 Using rolled H-section and bolted on cleat
(f)	 Side billet connection (courtesy of Trent Concrete Ltd).

7.10  Column Insert Design

7.10.1  General considerations

A ‘column insert’ is the name used to describe a steel section that is embedded into precast columns 
in order to transfer shear and axial forces, and sometimes bending and torsion moments to the 
column. There are many types of insert, including:
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(c)

(d)

(e)

Figure 7.68  (Continued)
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	 Universal column or beam (UC, UB)
	 rolled channel, angle, or bent plate
	 rolled rectangular or square hollow section (RHS, SHS)
	 narrow plate
	 threaded dowels or bolts in steel or plastic tubes
	 bolts in cast-in steel sockets.

Column insert design may be conveniently subdivided into the following:

	 insert type
	 breadth of insert to column width ratio, bp/h
	 beam topography, i.e. number and orientation of beams at each column.

(f)

Figure 7.68  (Continued)
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Insert type may be either the solid or tubular (Figure 7.68(a)–(c)) or cast-in sections (Figure 7.68(d) 
and (e)). Inserts are classified as:

	 ‘wide sections’, i.e. when the breadth of the bearing surface bp is in the range 75 mm < bp < 0.4h
	 ‘narrow plates’, which includes thin-walled rolled sections with wall thickness less than 0.1h, or 

50 mm. In general additional bearing surfaces are required in thin section connectors (see Section 
7.10.5)

	 ‘broad sections’, where the cover distance to the sides of the insert is small enough to cause concern 
over shear cracking, and as a consequence the permissible stresses in the joint are reduced.

This part of the beam-to-column connection has been the subject of considerable research and 
analysis (e.g. [7.17, 7.34–7.37, 7.50–7.54]) and is therefore designed with a greater degree of confi-
dence than many other joints in the precast frame.

There are several aspects to embedded steel connections that require special attention, such as the 
need to minimise voids (and in particular lifting holes within 400 mm of the insert) under the embed-
ded section; the need for fire protection; and the need to ensure that the concrete surrounding the 
embedded section is adequately confined by links. The most popular shape for the insert is the SHS 
or RHS, because they have the following beneficial characteristics:

	 high shear to flexural capacity (greater than UBs)
	 uniform shape (making it easy to weld additional plates and rebars to it)
	 favourable torsional properties (in non-symmetrical situations)
	 range of sizes and thicknesses available (100 × 50 mm to 250 × 150 mm being the usual range).

The shear span for any section is given by a = Mu/Vu, where Mu = py Sxx, and Vu = 0.6 py 2 d t. 
For SHSs and RHSs, a = 90 mm to 120 mm, which is a convenient shear span for the majority of 

Figure 7.69  (a) Sliding plate connector steel plate is expressed from the beam after casting, and (b) is received into the steel 
box slots in the column.

(a) (b)
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beam-to-column connectors (see Exercise 7.1, where the shear span is 114 mm). On the other hand, 
for UBs, a = 150 mm to 190 mm, making it uneconomical.

The most economical option in terms of minimising the size of the recesses in the beams is clearly 
the smaller, thicker sections. The minimum breadth of insert is taken as 75 mm. The minimum thick-
ness for the steelwork is taken as 6 mm for rolled sections and 4 mm for box sections, providing that 
the insert is sealed to the passage of air and moisture when the joint is complete.

There are two ways of setting the insert in the column – either by casting directly into the column, 
or by forming a hole in the column and placing the insert into the hole using either grout or resin-
mortar. In the former, the insert must penetrate the sides of the mould, which is made good by plating 
afterwards. Unless this operation is done well it may cause uneven surfaces in subsequent columns 
that are cast against the repaired mould. The latter option avoids damage to the mould. However, the 
main problem in this case is that cracking may propagate around the corners of the hole while the 
column is being lifted from the mould, particularly if the breadth of the hole is more than one-third 
of the breadth of the column. For heavily loaded connections, in which the working stress underneath 
the insert is greater than 0 567 0 4. { . }′ ′f fck cu  of the grout (calculated using a linear elastic analysis), an 
epoxy mortar should be considered. Apart from the obvious advantages in using a quick-setting 
material of considerable compressive and tensile strength, epoxy-based materials may be poured into 
a much smaller annulus than is possible with cementitious grout. This allows the hole in the column 
to be smaller, with its attendant benefits in detailing and crack resistance. A note of caution should 
be included here, and the specialist supplier of epoxies should be consulted about the long-term 
durability of certain epoxy mortars. The manufacturer’s details should be strictly followed with regard 
to mix proportions, ambient conditions and cleanliness.

At ultimate, the confined localised stresses are often in excess of the cylinder {cube} strength of the 
concrete. Nonetheless, in the wide sections, design ultimate bearing stresses of only 0.567 fck × confine-
ment factor Sq {0.8 fcu} are used. For concentric loading, the ultimate bearing capacity is in the order 
of 800 kN (for a 300 mm-square column with a 100 mm-wide insert, allowing for 25 mm spalling in 
the cover concrete each side) and is rarely critical. The column connector is rated with respect to the 
design and ultimate load testing under eccentric loading. The IStructE Manual [7.21] proposes a 
method for determining the load and moment capacity of prismatic sections, which has found favour 
with many design engineers.

The design methods are adopted from the PCI Manuals using the design data given in BS EN 1992-
1-1 [7.8] or BS 8110, Part 1, clause 5.3.5 [7.9] to replace those in the American standards. The method 
gives good agreement with the original PCI method and other, more rigorous analyses. The equilib-
rium of forces and moments at the ultimate limit state is achieved by reinforcing (or otherwise 
guarding) against bursting, spalling and splitting, etc. Figure 7.70 shows typical details of a multi-sided 
connection. The general practice is to guarantee the confinement of concrete directly above and below 
the column insert using closely spaced links and to ensure the main longitudinal reinforcement is not 
interrupted by the insert.

The centre line of the insert should not be less than 3bp/2 from the edge of the column. The insert 
must lie within the column reinforcement cage.

The beam’s reactions due to patch loading give rise to non-symmetrically loaded connections. It is 
impossible for a column insert to be symmetrically loaded, and therefore the beam topography will 
always produce bending moments in the column. These may be as large as 150 kNm in extreme cases, 
but in general are in the order of 20 to 60 kNm. Corner columns are subjected to biaxial bending, 
although it is usual for one of the beams at a corner to be lightly loaded owing to the one-way span-
ning floor slabs. The most onerous design situation occurs in a single-sided insert.

7.10.2  Single-sided wide-section insert connections

The ultimate bearing capacity of the insert and the column into which it is cast is calculated as follows. 
Referring to Figure 7.71(a), the bearing stress is assumed to be uniform over limited areas of the 
insert.
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Figure 7.70  Multi-sided beam-to-column connection (courtesy of Trent Concrete Ltd).
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Figure 7.71  Column insert design and testing. (a) General design of column insert. (b) Hollow steel section 
in deep column.

(a)

(b)

To BS EN 1992-1-1 [7.8]. The ultimate 
bearing capacity of the insert is 
limited to αcc fcd (αcc = 0.85 where 
there are transverse tension 
forces) = 0.567 fck. Clause 6.7(2) 
permits the zones beyond the areas 
of pressure to be treated as 
compressive struts underlying a 
partially loaded area, thereby taking 
advantage of enhanced pressures due 
to the confinement within the 
strut-and-tie system. The bearing 
stress used to calculate the strut force 
FRdu is enhanced by a factor Sq ≤ 3.0: 
see Eq. (7.15).

To BS 8110 [7.9]. The ultimate bearing 
capacity of the insert is limited to  
0.8 fcu or fb according to Eq. (7.13).
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The line pressure consists of two components – one part to react the vertical load V, and a second 
part to produce a couple to react the bending moment. In reality the pressure distribution will  
be non-uniform [7.50], but because the columns are significantly less stiff than the beams, they  
will rotate to equalise the pressure. For the purpose of design it may be taken as shown in Figure  
7.71(a).

The following design method is adapted from the IStructE Manual on joints [7.21] and is 
similar to the design of shear boxes in beams outlined in Section 4.3.11. The main differences here 
are that:

	 column insert lengths are restricted by the width of the column, typically 300 mm, and so additional 
constraints arise

	 punching shear beneath the insert is not a problem in columns
	 cover concrete is ignored at the ultimate load other than to assist in pressure distribution. Full-scale 

testing by Elliott found that surface spalling up to 15 mm from the face of the column frequently 
occurs directly beneath steel inserts where bp/b < 0.5.

The shear span L1 must be obtained assuming that the load V acts at the centreline of the bearing 
area, plus an allowance for tolerances. Use the ultimate bearing pressure against the insert to find the 
contact length in compression, L2 from the relationship:

Figure 7.72  Web buckling in RHS column insert.
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Zero shear occurs at the end of the stress zone L2 and so the maximum bending moment at plane 
z–z is given by:

	 M V L Lzz = +( . )1 20 5 	 (7.28)

Since the moment inside the column at z–z is:

MZZ = 0.8fcubpL3(L4 − L2 − L3) (7.29) MZZ = 0.567fckSq23bpL3(L4 − L2 − L3) (7.29)

Then

	 L L L L L L L3 4 2 3 2 1 20 5( ) ( . )− − = + 	 (7.30)

Note that L4 is exclusive of the cover concrete to the links; L4 = h − 2 × cover. L3 can be found by solving 
a quadratic equation. For real roots in the solution of L3, the expression ( ) . ( )L L L L L1 2

2
1
2

4 2
20 5+ − ≤ −  

must be satisfied. Check that the total depth of the rectangular stress blocks (L2 + 2L3) ≤ 0.9L4 so that the 
bearing surfaces do not overlap. If this relationship is not satisfied, either increase bp or provide addi-
tional reinforcement or steel plates, etc. welded to the insert (see Section 7.10.3).
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L3 can be found by solving a quadratic or 
higher-order equation, depending on 
whether Sq23 takes a limiting value or is 
itself a function of L2 and L3. Because 
derivation of L2 and L3 is interrelated by 
Sq23, it is most suited to a computer-based 
iterative solution.

In most practical cases the shear span L1 for 300 mm-wide columns is between 60 and 120 mm. 
The position of the ‘neutral axis’ from the loaded face, X, is given by:

	 X L c L Lov= + − −4 4 20 5. ( ) 	 (7.31)
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This works out at approximately X = 0.7L4 from the face of the column. This is in good agreement 
with the experimental strain distribution results obtained by Marcakis and Mitchell [7.52] and shown 
in Figure 7.73 where, for values of L1 = 102 mm, b = h = 203 mm, L4 = 184 mm, the neutral axis is 
found to be at X = 0.77L4 from the face of the column.

Column reinforcement must not be cut or reduced at the position of the steel insert unless tests 
have shown that such reductions do not affect the capacity of the column. Displaced column links, 
called confinement links, should be grouped and placed at close centres (typically 50 mm) immedi-
ately above and below the insert (see Figures 7.74 and 7.75). The maximum compressive force occurs 
below the insert and is given by:

F = 0.567fckSq23bp(L3 + L2) (7.32) F = 0.8fcubp(L3 + L2) (7.32)

The horizontal bursting force is calculated from end block theory to give:

	 F Fbst = ς 	 (7.33)

Figure 7.73  Strain distributions under steel billet in single-sided connector [7.52].
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Figure 7.74  Confinement links near to cast-in rolled H-section.

Figure 7.75  Design of confinement links around column connector.
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where ς is the bursting force coefficient referred to in Section 4.3.10. Thus the area of confinement 
steel Abst is given by:

	 A
F

f
bst

bst

yv

=
0 87.

	 (7.34)

If the zone of pressure underneath the insert (i.e. L2 + L3) is small and located near the front end 
of the insert (i.e. nearest the load), the area Abst should be only one leg of each of the confinement 
links. The links should be of the ‘closed’ variety, with proper anchorage. This is because the bursting 
forces will be present only in the front face of the column. Bursting forces will not affect the rear of 
the column until the pressure zone extends sufficiently far along the insert. Although there is a gradual 
increase in bursting forces in the column faces, the following is recommended from tests carried out 
by Elliott on asymmetrically loaded bearing plates:

If L2 + L3 + cov < h/3, all Abst to be provided by one leg of the links.
If h/3 < L2 + L3 + cov < h/2, ⅔ of Abst to be provided by one leg of the links.
If L2 + L3 + cov > h/2, ½ of Abst to be provided by one leg of the links.

Short length billets (Figure 7.71(b)) may fail by diagonal cracking above the billet and so confine-
ment steel is placed above the insert, based on the compression zone defined by L3 as:

Fbst = ς0.567fckSq23bρL3 (7.35) Fbst = ς0.8fcubρL3 (7.35)

using Eq. (7.34) to design the steel.
The maximum bending moment in the steel insert occurs at zero shear, when

L2 = V/(0.567 fck Sq23 bp) L2 = V/(0.8 fcu bp)

from the end of the stress block. The eccentricity e′ is given by:

	 ′ = + +e L( / )2 2 cover distance from face of column to reaction pooint. 	 (7.36)

Thus

	 M Ve V L Lzz = ′ = +( . )1 20 5 	 (7.37)

Then the plastic modulus Sxx > Mzz/py, and the web area > V/0.6 py.
In the case of rectangular hollow sections, web buckling and bearing are avoided by filling the 

hollow section with concrete or grout, either in the factory or during the grouting operation on site. 
Expanding agents may be used for the infill. In tests by Elliott, web buckling occurred at around 
525 kN (see Figure 7.72) in joints designed for 400 kN ultimate load according to Figure 7.71(b). Any 
projecting parts must be checked to ensure that they will not distort excessively or buckle under the 
applied joint loads and rotations. Local spalling may result at the face of the columns under uneven 
loading created by distorted sections.

The foregoing analysis is highly simplified for the purpose of design, and conservative with respect 
to the real behaviour of the connection after construction. It is known that there are several incon-
sistencies in the assumptions used in the design manuals, some of which are explained in various 
papers on the strength of column inserts (e.g. [7.50, 7.53, 7.54]). For example, in Figure 7.71 the 
position of the neutral axis depth is assumed constant, when in reality it varies with the eccentricity 
and magnitude of loading, and is also dependent on the relative confinement of concrete above and 
below the steel insert. It is also supposed that in the fully grouted assembly the beam has a restraining 
effect on bending of the insert, and that the insert is actually behaving not as a short cantilever but 
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as a stiff web. Holmes and Posner [7.50] also suggest that the calculation of bursting forces beneath 
inserts is more complicated than using a simple geometric relationship, and that the real effects of 
concrete shrinkage and compaction beneath the insert, and the presence of main longitudinal bars, 
should all be considered.

A full-scale demonstration test was carried out by Elliott on 150 kN ultimate capacity steel billets cast 
into 300 × 300 mm columns of compressive cube strength fc = 61 N/mm2 and indirect axial tension 
ft = 5.4 N/mm2 (both the mean of 3 specimens). Figure 7.76 shows the importance of providing rein-
forcement close to the corners of the steel billet, where strain and stress contours pack together. This 
example shows that the principal tension is parallel to the side of the billet and is across the corner of 
the billet, both places requiring reinforcement. While a close-fitting diagonal rebar would satisfy the 
latter, high-tensile links are provided in combination with the main rebars in the column. The predicted 
cracking load was 110 kN, based on a local shear stress at the bottom corner of the billet resulting in 45° 
principal tension of 5 N/mm2, whereas the 55° crack was first observed at 140 kN. The ultimate capacity 
was about 220 kN, as a complete failure was unsafe (roller dislodging), giving a factor over design of 
1.47. The stiffness up to the point of the design capacity was approximately 1130 kN/mm.

The effects of axial precompression, load eccentricity, shape and width of the insert and of addi-
tional reinforcement welded to the sides of the insert have also been studied [7.52]. The most impor-
tant results showed that for bp < b/2 the effective width of the insert extended to the width of the 
confined column region as bounded by the links. Closely spaced links, i.e. at less than 75 mm spacing, 
were necessary to ensure the connection failed in a ductile manner. Very high axial loads, e.g. 0.75 of 
the squash load, resulted in a decrease in ductility at failure. The insert is therefore underdesigned 
with respect to the biaxial failure strength of concrete. Design practice in the Eurocode has responded 
to many of these findings.

Figure 7.76(a)  Steel billet column connector test incorporating concrete-filled steel RHS shows where the 
principal tension needs to be reinforced. The black box beneath the insert is a displacement gauge with a 
sensitivity of 0.001 mm.

(a)
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Figure 7.76(b)  Steel billet column connector test: applied shear force versus displacement beneath the 
billet.
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Exercise 7.2  Billet type single-sided column connector

Figure 7.77 shows the detail of a square, hollow, box-type billet column connector used to support a rectangular 
precast beam. The maximum distance from the face of the column to the centre of the beam bearing is 60 mm. 
Given that the ultimate beam reaction is 142.5 kN {equivalent to 150 kN to allow for increased partial load factors 
in BS 8110}, calculate the confinement reinforcement required below and above the billet.

Use concrete grade C40/50, fyv = 500 N/mm2, cover to reinforcement = 35 mm, and grade S275 {43} steel.

Figure 7.77  Details for Exercise 7.2.

(Continued)
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Solution

Step 1: Column reinforcement
Assume bp = 100 mm

Calculate maximum pressure under billet as the lesser of:

Sq23 is an iterative function of the line 
pressure lengths L2 + L3 and is shown 
later = 2.021

fb = 0.567 × 40 × 2.021
Line pressure under billet = 45.81 × 100

L2

3142 5 10

4581
=

×.

Mzz = 142.5 × (95 + 31.1/2)
Maximum length of billet = 300 − 35
Distance between end of billet and  

start of pressure at L2

= 265 − 35 − L2 = 198.9 mm
Mzz = 4581L3 × (198.9 − L3)
Solving gives L3

L2 + 2L3 = 69.4 < 0.9L4 = 207 mm

Check Sq23

170 50 2 70

100 50 2
2 021=

× +
×

=
( . )

.
.

Total vertical force below connector
= 4581 (19.1 + 31.1) × 10−3

Total force above connector
(with Sq5 = 3.0 and L5 = 12.65 mm)
Bursting force coefficient

ς = −



 =0 25 1

100

300
0 1667. .

Fbst = 0.1667 × 230.1 below insert
Fbst = 0.1667 × 87.6 above insert
L2 + L3 + cover
so all Abst to be in one leg of confinement 

link

Abst =
×
×

38 4 10

0 87 500

3.

.
 below the insert

Abst =
×
×

14 6 10

0 87 500

3.

.
 above the insert

= 45.81N/mm2

= 4581 N/mm

= 31.1 mm

= 15753kNmm
= 265 mm

= 19.1 mm

= 230.1 kN
= 87.6 kN

= 38.4 kN
= 14.6 kN
= 85.2 mm

= 89 mm2

= 34 mm2

f
f

b h
b

cu

p

=
+

=
×

+ ×
1 5

1 2

1 5 50

1 2 100 300

.

( )

.

( )
or fb = 0.8fcu

Line pressure under billet = 40 × 100

L2

3150 10

4000
=

×

Mzz = 150 × (95 + 37.5/2)
Maximum length of billet = 300 − 35
Distance between end of billet and  

start of pressure at L2

= 265 − 35 − L2 = 192.5 mm
Mzz = 4000L3 × (192.5 − L3)
Solving gives L3

L2 + 2L3 = 88.7 < 0.9L4 = 207 mm
Total vertical force below connector
= 4000 (25.6 + 37.5) × 10−3

Total force above connector
(Table 4.11a) Bursting force coefficient 

for bp/b = 0.33, ς = 0.21
Fbst = 0.21 × 2524 below insert
Fbst = 0.21 × 1024 above insert
L2 + L3 + cover
so all Abst to be in one leg of confinement 

link

Abst =
×
×

 
52 5 10

0 87 500

3.

.
 below the insert

Abst =
×
×

21 3 10

0 87 500

3.

.
 above the insert

= 45 N/mm2

= 40 N/mm2

= 4000 N/mm

= 37.5 mm

= 17062 kNmm
= 265 mm

= 25.6 mm

= 252.4 kN
= 102.4 kN

= 52.5 kN
= 21.3 kN
= 98.1 mm

= 121 mm2

= 49 mm2

Use two H10 (157 mm2) closed links below connector.
Use one H10 (78 mm2) closed link below connector.

Step 2: Insert design
The maximum moment in the steel insert occurs at zero shear, which is at

L2 = 31.1 mm
from end of stress block
Sxx > 15 753/275
2dt > 142 500/165

= 57.29 cm3

= 863.6 mm2

L2 = 150 000/4000 = 37.5 mm
from end of stress block
Sxx > 17 062/275
2dt > 150 000/165

= 62.05 cm3

= 909.1 mm2

Use 100 × 100 × 5 SHS (Sxx = 66.4 cm3 and 2dt = 1000 mm2).
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7.10.3  Addition of welded reinforcement to wide-section inserts

Where the insert lies close to the top of the column such that the restraining force cannot develop 
above its end, reinforcement should be welded to the sides of the remote end of the insert and 
anchored by full bond development, as shown in Figure 7.78. The decision as to whether the top cover 
is adequate is made on practical grounds as well as assessing punching shear at the critical section. 
Generally, if the cover to the top of the insert is less than 150 mm, then it is certain that a designer 
will not allow the insert to rely on holding down pressure 0.567 fck Sq23 bp {0.8 fcu bp}. These stresses 
must ultimately be transferred back below the insert by the column’s main reinforcement after devel-
opment of bond stresses some distance from the stressed area.

Alternatively, the stress may be transferred directly down the column by bars welded to the insert. 
Referring to Figure 7.78:

Figure 7.78  Additional tie-back reinforcement welded to insert.

MZZ = 0.567fckSq23bpL2(L1 + 0.5L2)
MZZ = 0.567fckSq23bpL3(d − cov − L2 − 0.5L3)

(7.38)
(7.39)

MZZ = 0.8fcubpL2(L1 + 0.5L2)
MZZ = 0.8fcubpL3(d − cov − L2 − 0.5L3)

(7.38)
(7.39)

hence L3 may be determined.

Check L2 + L3 < L4 so that a couple 
may be generated.

Check L2 + L3 < 0.7 L4 so that a couple 
may be generated.

The steel required to replace the upthrust is:

A
f S b L

f
s

ck q p

yk

=
0 567

0 87

.

.
23 3 (7.40) A

f b L

f
s

cu p

y

=
0 8

0 87

.

.
3 (7.40)

Where the top cover to the insert is greater than 200 mm, at least three closed links may be provided 
and the concrete well compacted, thus allowing the bearing pressures to develop.

If the strength capacity of an insert is less than required owing to overlapping pressure around the 
insert, one remedy is to add extra bars to both the front and rear of the insert. In calculating the 
strength it is then assumed that the bars can act in tension or compression both above and below  
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the insert, and can develop their ultimate yield strength by the action of bond alone. The bars are 
placed projecting an equal distance either side of the insert, as shown in Figure 7.79. Although 
deformed bar is used in order to keep the anchorage bond lengths to a minimum, the bar is welded, 
so ultimate stress in the bar is taken as the value for mild steel reinforcement, i.e. 250 N/mm2. In order 
to develop a full bond strength the bars should be positioned with a centroidal cover distance of at 
least 50 mm, and be enclosed within confining links of area not less than 0.5 × As, i.e. the bursting 
coefficient for rebars close to the edge of concrete is taken as 0.5. The weld can be deposited on both 
sides of the bar, i.e. effective thickness = 2 × throat thickness = 1.4 × weld leg. The weld design should 
be according to BS EN 1993-1-1 [7.55] {BS 5950, Part 1: 1985 [7.56] clause 6.6}.

The moment of resistance using this reinforcement increases from M, in the unreinforced case, to 
Mr. The corresponding vertical shear increases from V to Vr. The equilibrium conditions are obtained 
by reference to Figure 7.78, resolving vertically before the introduction of the bars and then taking 
moments:

Figure 7.79  Additional reinforcement welded to insert.

V = 0.567fckSq23bL2

V L L f A d dyk s( . ) . ( )1 2+ = ′ − ′0 5 0 87 (7.41)
V = 0.8fcubL2

V L L f A d dy s( . ) . ( )1 2+ = ′ − ′0 5 0 87 (7.41)

A As s= ′, because the vertical force V is resisted by the concrete alone. When V is increased to Vr, 
then:

V f S bL f A Ar ck q yk s s= + − ′0 567 0 87. . ( )23 2

and

Vr − V (d + L1 − cov) = 0.87 fyk As (d − d′)

(7.42)

(7.43)

V f bL f A Ar cu y s s= + − ′0 8 0 87. . ( )2

and

Vr − V (d + L1 − cov) = 0.87 fy As (d − d′)

(7.42)

(7.43)

where A As s> ′ and L2 is assumed to remain unchanged from the previous case. This may not be strictly 
true because of the influence of the welded reinforcement on the strain distribution in the cast-in 
section, but the assumption is sufficiently accurate not to warrant further detailed analysis. To ensure 
that the lever arm between the pressure zone beneath the insert and the bars welded to the rear end 
is sufficient, it is necessary to restrict L2 < 0.7 L4. See the experimental results in Figure 7.73 [7.52].



Design of Connections and Joints  455

Exercise 7.3  Inserts close to the top of the column

A 300 × 300 mm column carries a single-sided asymmetrical ultimate load of 209 kN {220 kN owing to higher 
partial factors} at a maximum distance from the face of the column of 60 mm. The top of the insert is located at 
only 100 mm from the top of the column. Design a suitable rectangular hollow section to be cast into the column 
and suitable steel bars to be welded to the rear end of the insert.

Use concrete grade C40/50, fywk {fyv} = 500 N/mm2, fykw {fyw} = 250 N/mm2 if bar is welded, cover to reinforce-
ment = 35 mm, and grade S275 {43} steel.

Solution
Step 1: Insert design
Assume bp = 100 mm

Sq23 is shown later = 1.656
Line pressure = 0.567 × 40 × 100 × 1.656 

= 3754 N/mm

L2

3209 10

3754
=

×

Mzz = +



209 95

55 7

2

.

Sxx =
25674

275

2
209 10

165

3

dt =
×

= 55.7 mm

= 25674 kNmm

= 93.4 cm3

= 1267 mm2

Line pressure = 0.8 × 50 × 100 
= 4000 N/mm

L2

3220 10

4000
=

×

Mzz = +



220 95

55

2

Sxx =
×26 95 10

275

3.

2
220 10

165

3

dt =
×

= 55.0 mm

= 26950 kNmm

= 98 cm3

= 1333 mm2

Use 150 × 100 × 5 RHS (Sxx = 119 cm3 and 2dt = 1500 mm2).

Step 2: Tie-bar design
Maximum length of billet = 300 − 35 = 265 mm
Assume 12 mm dia. links and 32 mm dia. tie-down bars.
Edge distance to tie-down bars = 35 + 12 +16 = 63 mm
d = 237 mm

MZZ = 0.567fcuSq23bpL3(d − cov − L2 + 0.5L3)
MZZ = 3754L3(147 − L3)
Solving gives L3

Sq23

170 114 7 70

100 114 7
1 656=

× +
×

=
( . )

.
.

Total force in steel = 3754 × 100 × 58.4

As =
×

×
219 2 10

0 87 250

3.

.

= 58.4 mm

= 219.2 kN

= 1007 mm2

MZZ = 0.8fcubpL3(d − cov − L2 + 0.5L3)
MZZ = 4000L3(147 − L3)
Solution of this quadratic gives L3

Total force in steel = 4000 × 100 × 56.8

As =
×

×
227 2 10

0 87 250

3.

.

= 56.8 mm

= 227.2 kN

= 1045 mm2

Use two H32 bars (1608 mm2) at 47 mm cover welded to side of insert.

(Continued)
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Step 3: Weld design
Weld length required, assuming 8 mm continuous fillet weld to both sides of the bar (CFW)

(See Table 7.12) fwd = 275/1.25 
= 220 N/mm2

Lw =
×

× × ×
219 2 10

2 1 4 8 220

3.

.
Plus 16 mm run-outs, makes Lw

= 44.5 mm

= 60.5 mm

fw = 215 N/mm2

Lw =
×

× × ×
227 2 10

2 1 4 8 215

3.

.
Plus 16 mm run-outs, makes Lw

= 47.2 mm

= 63.2 mm

Provide 8 mm CFW 150 mm long to both sides of bar.

Step 4: Link design

Total force below connector
Bursting force coefficient

ς = −



 =0 25 1

100

300
0 1667. .

Fbst = 0.1667 × 4282 below insert
L2 + L3 + cover
so ⅔ Abst to be in one leg of link

Abst =
×
×

×
71 4 10

0 87 500

2

3

3.

.
below the insert

= 428.2 kN

= 71.4 kN
= 149.1 mm

= 110 mm2

Total force below connector
(Table 4.10a) Bursting force coefficient 

for bp/b = 0.33, ς = 0.22

Fbst = 0.22 × 447.2 below insert
L2 + L3 + cover
so ⅔ Abst to be in one leg of link

Abst =
×
×

×
98 4 10

0 87 500

2

3

3.

.
below the insert

= 447.2 kN

= 98.4 kN
= 146.8 mm

= 151 mm2

Use two H10 closed links below connector (157 mm2).

Exercise 7.4  Billet with additional reinforcement

Repeat Exercise 7.3 for a beam end reaction of 285 kN {300 kN due to higher partial factors}. Check the adequacy 
of the insert and provide additional reinforcement to the insert if necessary.

Solution

Step 1: Insert design
Assume bp = 100 mm

Sq2 is shown later = 1.860
Line pressure = 0.567 × 40 × 100 × 1.860 

= 4216 N/mm

L2

3285 10

4216
=

×

Sq23

170 67 6 70

100 67 6
1 860=

× +
×

=
( . )

.
.

Mzz = +



285 95

67 6

2

.

Sxx =
36707

275

2
285 10

165

3

dt =
×

= 67.6 mm

= 36 707 kNmm

= 133.5 cm3

= 1727.3 mm2

Line pressure remains 4000 N/mm

L2

3300 10

4000
=

×

Mzz = +



300 95

75

2

Sxx =
39750

275

2
300 10

165

3

dt =
×

= 75 mm

= 39 750 kNmm

= 144.6 cm3

= 1818.2 mm2

Use 150 × 100 × 5 RHS (Sxx = 147 cm3 and 2dt = 1890 mm2).
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Step 2: Tie-bar design
Retain length L2.
Maximum length of insert = 300 − 35 = 265 mm
Assume 10 mm dia. links and 32 mm dia. tie-down bars.
Edge distance to tie-down bars = 35 + 10 + 16 = 61 mm
d d− ′ = 178 mm

MZZ = 0.87fykAs(d − d′), gives

As =
×

× ×
36707 10

0 87 250 178

3

( . )
= 949 mm2

MZZ = 0.87fyAs(d − d′), gives

As =
×

× ×
39750 10

0 87 250 178

3

( . )
= 1027 mm2

Use two H32 bars (1608 mm2) at 45 mm cover welded to side of insert.

Step 3: Weld design
Weld length required, assuming 8 mm continuous fillet weld to both sides of the bar (CFW)

Force in each bar 
36707

2 178×

Lw =
×

× ×
103 1 10

1 4 8 220

3.

.
Plus 16 mm run-outs, makes Lw

= 103.1 kN

= 41.8 mm

= 57.8 mm

Force in each bar 
39750

2 178×

Lw =
×

× ×
111 7 10

1 4 8 215

3.

.
Plus 16 mm run-outs, makes Lw

= 111.7 kN

= 46.4 mm

= 62.4 mm

Provide 8 mm CFW 150 mm long to both sides of bar.

Step 4: Link design

Total force below connector
Bursting force coefficient

ς = −



 =0 25 1

100

300
0 1667. .

Fbst = 0.1667 × 2850 below insert
L2 + cover
so ⅔ Abst to be in one leg of link

Abst =
×
×

×
47 5 10

0 87 500

2

3

3.

.
below the insert

= 285.0 kN

= 47.5 kN
= 102.6 mm

= 73 mm2

Total force below connector
Bursting force coefficient for bp/b = 0.33, 

ς = 0.21

Fbst = 0.21 × 3000 below insert
L2 + cover
so ⅔ Abst to be in one leg of link

Abst =
×
×

×
63 0 10

0 87 500

2

3

3.

.
below the insert

= 300.0 kN

= 63.0 kN
= 110 mm

= 97 mm2

Use two H10 closed links below connector (157 mm2).

7.10.4  Double-sided wide-section inserts

Internal column connectors supporting a symmetrical arrangement of beams may be designed along 
similar lines to the single-sided connector in Section 7.10.1, by finding the equivalent point load. 
Patch loading is used where the maximum and minimum beam reactions are:

Vmax = 1.35 × permanent + 1.5 × imposed
Vmin = 1.0 × permanent

Vmax = 1.4 × permanent + 1.6 × imposed
Vmin = 1.0 × permanent
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Figure 7.80  Double-sided billet design.

The net overturning moment is obtained from the worst possible scenario when the construction 
tolerance Δ is added to the eccentricity of the greater load and deducted from the eccentricity of the 
smaller. Thus if the distance from the centroid of the column to the centre of the beam reaction is e, 
the net moment on the connector is:

	 M M M V e V enet max min max min= − = + − −( ) ( )∆ ∆ 	 (7.44)

The net eccentricity is given by:

	 e M V Vnet net max min= +/ 	 (7.45)

The analysis may now proceed in the same manner as for the single-sided connection above. Note 
that L1 may be negative if e < h/2 − cover, and that the equation for overturning Mzz = V (L1 + L2/2) 
is as follows:

	 M V e h c Lzz ov= − − + +( ( ) )/ /2 22 	 (7.46)

Only where the eccentricity e is greater than a certain value do we need to consider the effects of 
bending. Referring to Figure 7.80, we can adapt a kind of ‘middle-third’ rule used in combined stress 
analysis in prismatic sections to find a limiting value for the eccentricity. Bending stresses occur where 
e is given by:

	 e
L L

net = −4 2

2
	 (7.47)

or

M M M

V V
h V V

f S b
c

ck q p
ov

> −

= + − +
×

−




max min

max min
max min( )
.2 2 0 567 2 

(7.48)

M M M

V V
h V V

f b
c

cu p
ov

> −

= + − + −






max min

max min
max min( )

.2 1 6
(7.48)

where the maximum and minimum moments on either side of the connection are given by Eq. (7.44).
In these situations the pressure above the insert is very small (if not zero) and therefore no bursting 

steel is required. However, many precasters will always include at least one closed link, or even provide 
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the same links above and below the insert to avoid the risk of the steel being misplaced or transposed. 
Sometimes when casting a very long column it is easy to lose sight of which is the top of the column 
and which is the bottom!

A more realistic approach is to consider the steel billet supported by a deformable foundation, i.e. 
the concrete in the column. The distribution of the bearing pressure between the billet and the con-
crete depends on the relative stiffness of the two components and the position (or eccentricity) at 
which the load is applied to the billet. The analysis is akin to beams on elastic foundations subjected 
to end shear and end bending moment. For different permutations of M, V and the relative stiffness 
between billet and concrete it is, in theory, possible for the billet to rise clear of the concrete below 
its middle (see Figure 7.81). Thus in service (at which most of these connectors perform because  
of the large factors of safety used in the industry) the bearing pressure distribution is as shown in 
Figure 7.81.

Figure 7.81  Pressure distributions under cast-in steel inserts.

Exercise 7.5  Double-sided steel billet design

A 300 × 300 mm column carries a double-sided symmetrical connector subjected to characteristic permanent 
and imposed loads of 99 and 81 kN {equivalent to 100 and 85 kN to allow for increased partial load factors in  
BS 8110}, respectively, at a distance from the face of the column of 55 mm. Using the appropriate loading com-
binations, design a suitable rectangular hollow section to be cast into the column. Design the confinement rein-
forcement in the form of high-tensile links in the vicinity of the connector.

Use grade S275 {43} steel for the insert and grade C40/50 concrete. Cover to all reinforcement is 25 mm. The 
construction allowance for the position of the beams is 6 mm.

(Continued)
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Solution

Step 1, Load Case 1: Patch load design

BS EN 1992-1-1 BS 8110

Maximum beam reaction = (1.35 × 99) + (1.5 × 81) = 255.2 kN = (1.4 × 100) + (1.6 × 85) = 276 kN
Maximum eccentricity = (55 + 6) = 61 mm = (55 + 6) = 61 mm
Minimum beam reaction = (1.0 × 99) = 99 kN = (1.0 × 100) = 100 kN
Minimum eccentricity = (55 − 6) = 49 mm = (55 − 6) = 49 mm
Net maximum 

overturning moment
= 255.2(150 + 61) 

− 99(150 + 49)
= 34135 kNmm = 276(150 + 61) 

− 100(150 + 49)
= 38336 kNmm

Net eccentricity = 34135/(255.2 + 99) = 96.4 mm = 38336/(276 + 100) = 102.0 mm
Net eccentricity from the start of the pressure zone = 28.6 mm = 23 mm

The effective reaction line is therefore within the column.
Assume breadth of insert bp = 100 mm.
Maximum length of insert = 300 − 2 × 25 cover = 250 mm

Sq23 is shown later = 1.440
Line pressure = 0.567 × 40 × 100 × 1.440 

= 3266 N/mm

L2

3255 2 99 10

3266
=

+ ×( . )

Mzz = −



354 2

108 5

2
28 6.

.
.

Distance from far end of billet and 
pressure at L2 = 250 − 108.5

Mzz = 3266L3(141.5 − L3)
Solving gives L3

Sq23 = × +
×

=150 132 1 50

100 132 1
1 440

( . )

.
.

L2 + 2L3 = 155.7 < 0.9L4 = 225 mm
Total force below connector
= 3266 (108.5 + 23.6) × 10−3

Total force above connector
L2 + L3 + cover

so ½ Abst to be in one leg of link

= 108.5 mm

= 9081 kNmm

= 141.5 mm

= 23.6 mm

= 431.2 kN
= 77.0 kN
= 157.1 mm
> 150 mm

Bearing pressure under insert
= 0.8fcubp = 0.8 × 50 × 100

L2 = + ×( )276 100 10

4000

3

Mzz = −



376

94

2
23

Distance from far end of billet and 
pressure at L2 = 250 − 94

Mzz = 4000L3(156 − L3)
Solving this quadratic equation, L3

L2 + 2L3 = 126.2 < 0.9L4 = 225 mm
Total force below connector
= 4000 (94 + 16.1) × 10−3

Total force above connector
L2 + L3 + cover

so ⅔ Abst to be in one leg of link

= 4000 N/mm

= 94 mm

= 9024 kNmm

= 156 mm

= 16.1 mm

= 440.4 kN
= 64.4 kN
= 135.1 mm

Step 2, Load Case 2: Maximum axial load design

Sq23 is shown later = 1.354
Maximum beam reaction
= 2 × 255.2

L2

3510 4 10

3069
=

×.

Sq23

150 166 3 50

100 166 3
1 354=

× +
×

=
( . )

.
.

Total force below connector
Total force above connector
L2 + L3 + cover
so ½ Abst to be in one leg of link

= 510.4 kN

= 166.3 mm

= 510.4 kN
= 0 kN
= 216 mm

Maximum beam reaction
= 2 × 276

L2 = ×552 10

4000

3

Total force below connector
Total force above connector
L2 + cover
so ½ Abst to be in one leg of link

= 552 kN

= 138 mm

= 552 kN
= 0 kN
= 163 mm
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Step 3, Load Case 3: Maximum axial load design with inaccuracies

e = 6 mm
This is less than enet from Eq. (7.47)
enet = (L4 − L2)/2
= (300 − 2 × 25 − 160.5)/2 = 44.8 mm

e = 6 mm
This is less than enet from Eq. (7.47)
enet = (L4 − L2)/2
= (300 − 2 × 25 − 138)/2 = 56 mm

Hence no positive design bending stresses need be checked. Total vertical force above and below insert will not 
exceed those already calculated for Case 2.

Step 4: Reinforcement design

Bursting force coefficient

ς = −



 =0 25 1

100

300
0 1667. .

Fbst = 0.1667 × 510.4 max. below insert
Fbst = 0.1667 × 72.8 max. above insert

Abst =
×
×

×
85 1 10

0 87 500

1

2

3.

.
 below insert

Abst =
×
×

12 8 10

0 87 500

3.

.
 above insert

= 85.1 kN
= 12.8 kN

= 98 mm2

= 30 mm2

Bursting force coefficient for bp/b = 0.33, 
ς = 0.21

Fbst = 0.21 × 552 max. below insert
Fbst = 0.21 × 64.4 max. above insert

Abst =
×

×
×

115 0 10

0 87 500

1

2

3.

.

 
 below insert

Abst =
×
×

13 4 10

0 87 500

3.

.

 
 above insert

= 115.0 kN
= 13.4 kN

= 133 mm2

= 31 mm2

Use two H12 (226 mm2) closed links below the insert and one H12 (113 mm2) closed link above the insert.

Step 5: Insert design

The maximum moment in the steel 
insert occurs 166.3/2 = 83.2 mm from 
end of stress block

e′ = 83.2/2 + 25 cover + 61
Mzz = Ve′ = 255.2 × 127.6

Sxx =
32549

275

2
255 2 10

165

3

dt =
×.

= 127.6 mm
= 32 549 kNmm

= 118 cm3

= 1546 mm2

The maximum moment in the steel 
insert occurs 138/2 = 69 mm from end 
of stress block

e′ = 69/2 + 25 cover + 61
Mzz = Ve′= 276 × 120.5

Sxx =
33258

275

2
276 10

165

3

dt =
×

= 120.5 mm
= 33 258 kNmm

= 121 cm3

= 1673 mm2

Use 150 × 100 × 6 RHS (Sxx = 141 cm3 and 2dt = 1800 mm2).
The final arrangement of reinforcement is shown in Figure 7.82.

Figure 7.82  Details for Exercise 7.5.
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7.10.5  Three- and four-way wide-section connections

Three-way and four-way connections refer to the number of sides on which a column is loaded. 
Four-way connections are uncommon in precast structures (unlike steel structures where tertiary 
systems are used), but even where they are used, two of the reactions on opposite sides of the column 
are usually small and the connection may be conservatively designed as double-sided with a small 
eccentricity. In a multi-directional connection each leg may be designed as above, the welding between 
legs being carefully designed to transfer the loads. The problem is compounded if the inserts are not 
at right angles to one another.

The design of the welded joint between the two parts of the insert should be based on bending and 
shear, and torsion if the inserts are not at right angles. It is recommended that the major load(s) be 
carried on the primary continuous insert, and the secondary load(s) on inserts welded to the primary 
insert (see Figure 7.83). If the designer has a choice in the matter, it is better that the primary insert 
is slightly deeper than the secondary insert so that a fillet weld may be deposited around the full 
perimeter. If the inserts are equal depth, a butt weld must be used across the top and bottom and the 
end of the secondary insert must first be bevelled.

Three-way connections are more difficult to analyse because of the torsional behaviour caused by 
biaxial loading. Little analytical or experimental work has been carried out on this type of connection. 
It is quite common for all three reactions to be large and therefore a conservative design approach 
would be to consider the single-sided part of the insert first and to transfer the uplift reaction into 
the double-sided insert. The design of the steel insert itself would be based on bending and shear, as 
in the cases considered above.

Figure 7.83  Main and secondary billets in a three- or four-way beam-to-column connector.
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Exercise 7.6  Three-way billet connector design

A 300 × 400 mm column carries a three-sided connector, as shown in Figure 7.84(a). The inserts are at right 
angles to each other. The distance from the face of the column to the centre line of the bearing is 60 mm in all 
cases, exclusive of a construction tolerance of 6 mm. Assume that the level of the top of the column connector is 
the same on all three sides.

Choose the most appropriate loading patterns and design suitable rectangular or square rolled hollow sections 
to be cast in to the column. The size of the single arm insert may be smaller than the through insert.

Design the confinement reinforcement in the column in the form of high-tensile steel links in the vicinity of 
the connector.

Use concrete grade C40/50, fywk {fyv} = 500 N/mm2, cover to reinforcement = 35 mm, and grade S275 {43} steel 
and weld.

The comparable characteristic beam end reactions to the three sides of the column are as follows:

BS EN 1992-1-1 BS 8110

Characteristic loading Position A Position B Position C Position A Position B Position C

Permanent actions: 70 40 85 70 40 85
Superimposed actions: 42 14 42 45 15 45

Solution

Step 1, Load Case 1: Maximum axial at Point B
Refer to Figure 7.84(b).
Assume bp = 100 mm throughout.
Consider first the load at point B.  
Breadth of column = 300 mm

Figure 7.84  Details for Exercise 7.6. (a) Plan view of three-way connector, and (b) section through primary insert.

(a)

(b)

(Continued)
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Sq23 is shown later = 2.876
Line pressure = 0.567 × 40 × 100 

× 2.876 = 6519 N/mm

Maximum beam reaction
VB = (1.35 × 40) + (1.5 × 15)

L2 = ×76 5 10

6519

3.

Mzz = + +76 5 35 66 11 7 2. ( . )/

Sxx =
8175

275

2
76 5 10

165

3

dt =
×.

= 76.5 kN

= 11.7 mm

= 8175 kNmm

= 29.7 cm3

= 464 mm2

Calculate maximum pressure under billet 
as the lesser of:

f
f

b h
b

cu

p

=
+

=
×

+ ×
1 5

1 2

1 5 50

1 2 100 300

.

( )

.

( )
or fb = 0.8fcu

Line pressure = 40 × 100
Maximum beam reaction
VB = (1.4 × 40) + (1.6 × 15)

L2 = ×80 10

4000

3

Mzz = + +80 35 66 20 2( )/

Sxx =
8880

275

2
80 10

165

3

dt =
×

= 45 N/mm2

= 40 N/mm2

= 4000 N/mm

= 80 kN

= 20 mm

= 8880 kNmm

= 32.3 cm3

= 485 mm2

Use 100 × 100 × 4 SHS (Sxx = 54.9 cm3 and 2dt = 800 mm2).

Maximum length of billet = 300 − 35 = 265 mm

Distance from end of insert to pressure 
zone = 250 − 35 − 11.7 
Mxx = 6519L3(203.3 − L3)

Solving gives L3

Sq23 = × +
×

=170 18 1 70

100 18 1
2 876

( . )

.
.

Total vertical force below connector
= 6519 (11.7 + 6.4) × 10−3

Total force above connector

= 203.3 mm

= 6.4 mm

= 118.0 kN
= 41.5 kN

Distance from end of insert to  
pressure zone = 250 − 35 − 20

Mxx = 4000L3(195 − L3)
Solving this quadratic gives L3

Total vertical force below connector
= 4000 (20 + 12.1) × 10−3

Total force above connector

= 195 mm

= 12.1 mm

= 128.6 kN
= 48.6 kN

Step 2, Load Case 1: Maximum axial at Points A and C combined with Step 1

Maximum beam reactions
VA = (1.35 × 70) + (1.5 × 45)
VB = −41.5 kN from Step 1
VC = (135 × 85) + (1.5 × 45)
Force beneath insert  

= 162 + 182.3 − 41.5

L2 = ×
×

302 8 10

2267 1 823

3.

.

Sq23 = × +
×

=170 73 3 70

100 73 3
1 823

( . )

.
.

Eccentricities
eA = 150 + 60 − 6 = 204 mm
eB = 0 mm
eC = 150 + 60 + 6 = 216 mm
Mnet = (1823 × 216) − (162 × 204)

enet =
6318

302 8.

enet <
−

=
( . )

.
230 73 3

2
78 4

so ignore eccentricity effects.
Total force below insert
= 302.8 + 118.0
Total force above insert = 0 kN

= 162 kN

= 182.3 kN

= 302.8kN

= 73.3 mm

= 6318 kNmm

= 20.9 mm

= 420.8 kN

Maximum beam reactions
VA = (1.4 × 70) + (1.6 × 45)
VB = −48.6 kN from Step 1
VC = (1.4 × 85) + (1.6 × 45)
Force beneath insert  

= 170 + 191 − 48.6

L2

3312 4 10

4000
=

×.

Eccentricities
eA = 150 + 60 − 6 = 204 mm
eB = 0 mm
eC = 150 + 60 + 6 = 216 mm
Mnet = (191 × 216) − (170 × 204)

enet =
6576

312 4.

enet <
−

=
( . )

.
230 78 1

2
76 0

so ignore eccentricity effects.
Total force below insert
= 312.4 + 128.6
Total force above insert = 0 kN

= 170 kN

= 191 kN

= 312.4 kN

= 78.1 mm

= 6576 kNmm

= 21.0 mm

= 441 kN
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Step 3, Load Case 2: Minimum axial at point B
Consider first the minimum reaction at point B.

VB = (1.0 × 40)
Sq23 is shown later = 3.0

L2 = ×40 10

6800

3

Mzz = 40(35 + 60 − 6 + 5.9/2)
Distance from end of insert to pressure 

zone = 250 − 35 − 5.9
Mxx = 6800L3(209.1 − L3)
Solving gives L3

Sq23 = × +
×

=170 8 5 70

100 8 5
3 962

( . )

.
.

Sq23 = max 3.0
Total vertical force below connector
= 6800 × (5.8 + 2.6) × 10−3

Total force above connector

= 40 kN

= 5.9 mm

= 3678 kNmm

= 209.1 mm

= 2.6 mm

= 57.8 kN
= 17.8 kN

VB = (1.0 × 40)

L2 = ×40 10

4000

3

Mzz = 40(35 + 54 + 10/2)
Distance from end of insert to pressure 

zone = 250 − 35 − 10
Mxx = 4000L3(205 − L3)
Solving this quadratic gives L3

Total vertical force below connector
= 4000 (10 + 4.7) × 10−3

Total force above connector

= 40 kN

= 10 mm

= 3760 kNmm

= 205 mm

= 4.7 mm

= 58.8 kN
= 18.8 kN

Step 4, Load Case 2: Minimum axial at point A and maximum axial at Point C combined with Step 3

VA = (1.0 × 70)
VB = −17.8 kN from Step 1
VC = (1.35 × 85) + (1.5 × 45)
Force beneath insert = 70 + 182.3 − 17.8
Sq23 is shown later = 1.858

L2 = ×234 4 10

4211

3.

Eccentricities, as before
eA = 150 + 60 − 6 = 204 mm
eB = 0 mm
eC = 150 + 60 + 6 = 216 mm
Mnet = (1823 × 216) − (70 × 204)

enet =
25086

234 4.

enet >
−

=
( . )

.
230 55 6

2
87 2 mm

so include eccentricity effects.
Mzz = 234.4(−(107 − 150 + 35) + 55.7/2)
Distance from end of insert to pressure 

zone = 230 − 55.7
Mzz = 2267Sq23L3(174.3 − L3)
Solving gives L3

Sq23 = × +
×

=170 67 9 70

100 67 9
1 858

( . )

.
.

Vertical force below insert
= 4211 × (55.7 + 12.3) × 10−3

Total vertical force below insert
= 286.3 + 57.8 from Step 3
Total force above insert

= 70 kN

= 182.3 kN
= 234.4 kN

= 55.7 mm

= 25086 kNmm

= 107.0 mm

= 8400 kNmm

= 174.3 mm

= 12.3 mm

= 286.3 kN

= 344.1 kN
= 51.8 kN

VA = (1.0 × 70)
VB = −18.8 kN from Step 1
VC = (1.4 × 85) + (1.6 × 45)
Force beneath insert = 70 + 191 − 18.8

L2 = ×242 2 10

4000

3.

Eccentricities, as before
eA = 150 + 60 − 6 = 204 mm
eB = 0 mm
eC = 150 + 60 + 6 = 216 mm
Mnet = (191 × 216) − (70 × 204)

enet =
26976

242 2.

enet >
−

=
( . )

.
230 60 6

2
76 0 mm

so include eccentricity effects.
Mzz = 242.2(−(111.4 − 150 + 35) 

+ 60.6/2)
Distance from end of insert to pressure 

zone = 230 − 60.6
Mzz = 4000L3(169.4 − L3)
Solving this quadratic gives L3

Vertical force below insert
= 4000 (60.6 + 13.1) × 10−3

Total vertical force below insert
= 294.8 + 58.8 from Step 3
Total force above insert

= 70 kN

= 191 kN
= 242.2 kN

= 60.6 mm

= 26976 kNmm

= 111.4 mm

= 8214.7 kNmm

= 169.4 mm

= 13.1 mm

= 294.8 kN

= 353.6 kN
= 52.6 kN

(Continued)
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Step 5: Reinforcement design

Maximum from Case 1
Bursting force coefficient

ς = −



 =0 25 1

100

400
0 1875. .

Fbst = 0.1875 × 420.8 below insert
Maximum from Case 2
Fbst = 0.1875 × 51.8 above insert

Abst =
×
×

×
78 9 10

0 87 500

1

2

3.

.
 below the insert

Abst =
×
×

9 7 10

0 87 500

3.

.
 above the insert

= 78.9 kN

= 9.7 kN

= 91 mm2

= 23 mm2

Maximum from Case 1
Bursting force coefficient for bp/b = 0.33, 

ς = 0.23

Fbst = 0.23 × 441 below insert
Maximum from Case 2
Fbst = 0.23 × 52.6 above insert

Abst =
×

×
×

103 4 10

0 87 500

1

2

3.

.

 
 below the insert

Abst =
×
×

12 3 10

0 87 500

3.

.
 above the insert

= 103.4 kN

= 12.3 kN

= 119 mm2

= 29 mm2

Use two H10 (157 mm2) closed links below connector.
Use one H10 (78 mm2) closed link above connector.

Step 6: Through insert section design
The maximum moment in the steel insert occurs at zero shear:

=
×

×
182 3 10

2267 1 823

3.

.
mm  from the end

e′ = 44.1/2 + 35 + 60 + 6
Mzz = 1823 × 123.1

Sxx =
22426

275

2
182 3 10

165

3

dt =
×.

= 44.1 mm

= 123.1 mm
= 22 426 kNmm

= 81.6 cm3

= 1105 mm2

=
×191 10

4000

3

mm  from the end

e′ = 47.8/2 + 35 + 60 + 6
Mzz = 191 × 124.9

Sxx =
23851

275

2
191 10

165

3

dt =
×

= 47.8 mm

= 124.9 mm
= 23 851 kNmm

= 86.7 cm3

= 1158 mm2

Use 150 × 100 × 5 RHS (Sxx = 119 cm3 and 2dt = 1500 mm2).

Step 7: Weld design between inserts
Let the top surface of the secondary insert be 10 mm lower than the primary insert to allow a fillet weld to be 
deposited.

From load case 1, the moment at the face of the primary insert,

= 76.5(200 + 66) 
− 118.0(200 − 35 − 18.1/2)

The shear force = 118.0 − 76.5
Try 6 mm CFW
Sxx (parallel axis theorem)
= (2 × 100 × 4.2 × 50) + (2 × 4.2 × 502)
Mr = 220 × 63000 × 10−3

> 4022.8 kNmm required
Vr = 220 × 2 × 4.2 × 100 × 10−3

> 41.5kN required

= 4023 kNmm
= 41.5kN

= 63 000 mm3

= 13 860 kNmm

= 184.8 kN

= 80(200 + 66) 
− 128.6(200 − 35 − 32.1/2)

The shear force = 128.6 − 80
Try 6 mm CFW
Sxx (parallel axis theorem)
= (2 × 100 × 4.2 × 50) + (2 × 4.2 × 502)
Mr = 215 × 63000 × 10−3

> 4561.4 kNmm required
Vr = 215 × 2 × 4.2 × 100 × 10−3

> 48.6 kN required

= 4562 kNmm
= 48.6 kN

= 63000 mm3

= 13545 kNmm

= 180.116 kN

Use 8 mm CFW between primary and secondary inserts.
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Figure 7.85  Narrow steel plate insert with additional reinforcement.

7.10.6  Narrow-plate column inserts

Narrow-plate inserts are steel plates not thicker than one-tenth of the column width, or 50 mm, 
whichever is less, set vertically in the column to support a beam reaction, as shown in Figure 7.85. 
When loaded such plates tend to produce a splitting effect in the columns under the bearing surface, 
unless they are supported by transverse bearing plates or welded reinforcement.

The inserts are nearly always supplemented either by a wider bearing plate near the loaded face of 
the column, or tensile anchorage reinforcement near the loaded face and remote face of the column. 
In the latter case, compressive bearing stresses are ignored in the thin plate and the total reaction, 
allowing for eccentricity of the imposed load, is carried in bond by reinforcement (which is additional 
to the overall compressive requirement of the column). The reinforcement is welded to the sides of 
the plate and, by placing small-diameter links (typically H8 at 50 mm centres) around the bars, the 
concrete immediately beneath the thin plate is highly confined. The compressive bond resistance of 
the bars is used if there is an insufficient tension anchorage bond length available above the connec-
tion, e.g. at roof level. Stirrups are used in the usual manner to prevent lateral buckling of these 
compression bars.

Narrow-plate inserts without either welded reinforcement or transverse plates were tested by 
Holmes et al. [7.50, 7.57], and the capacities obtained were very low. Only empirical relationships 
relating capacity to column size and cube strength were obtained. The capacities were affected by 
many variables, such as shape of bearing surface, proximity of column reinforcement, and shrinkage 
stresses in the concrete, and it is therefore not recommended that such unreinforced narrow plates 
be used without careful testing.

To calculate the maximum shear and moments on the plate with welded reinforcement both back 
and front, assume that load V acts as described in Section 7.10.1. Calculate the force in the steel, Fs2 
from the relationship:

	 F V L Ls2 = × 1 2/ 	 (7.49)

and calculate Fs1 from the relationship:

	 F F Vs s1 2= + 	 (7.50)

Provide reinforcement As1 and As2 to carry ultimate loads Fs1 and Fs2 through adequate bond and 
anchorage. Place additional column confinement links above and below the plate, using bursting 
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coefficient of 0.5 for point loads in steel bars. Note that where a plate occurs close to the top of a 
column, force Fs1 may be provided by reinforcement in compression, provided that sufficient links 
are arranged to restrain such reinforcement against buckling.

7.10.7  Cast-in sockets

The use of cast-in sockets as a means of transmitting vertical and horizontal forces to the column is 
not widely used. The design of inserts (and other fixings) in concrete is covered extensively in the 
CEB Report [7.58]. The pin anchor bar or welded pin head, attached to the rear end of the socket 
shown in Figure 7.86, provides a full tensile anchorage to the socket. Vertical shear is provided by 
direct bearing under the barrel of the socket itself – typically 24 mm diameter by 100 mm long. The 
PCI Manual on cladding [7.13] gives extensive design guidance.

The spacing between cast-in sockets should not be less than two diameters of the outer barrel, or 
the size of the aggregate + 5 mm, whichever is the larger. Confinement links are calculated on the 
assumption that the compression beneath the sockets produces a knife-edge effect (even though the 
barrel is circular) radiating at 45° away from the sockets. If there are two sockets in the same horizontal 
plane (the usual case), the stresses overlap and create a uniform pressure zone, as shown in Figure 
7.87, such that = ς VEd {ς V} where ς = 0.175 {0.23} and VEd {V} is the ultimate shear force in the 
sockets. The edge distance to a socket should be clear of any reinforcement, and be not less than the 
smaller of the cover to the main bars plus 10 mm, or 75 mm.

7.10.8  Bolts in sleeves

In this method of support, steel or hard plastic sleeves are cast in the column, surrounded by the 
usual confinement links and main steel. Steel bolts or threaded rods are placed through the sleeves 
to receive seating cleats or similar attachments to the face of the column, as shown in Figure 7.88. 
The structural mechanism is similar to cast-in sockets, but with the added complication that the bolt 

Figure 7.86  Cast-in threaded sockets.
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Figure 7.87  Stress distributions in columns beneath cast-in sockets subjected to shear forces.

Figure 7.88  Bolts in cast-in sleeves in columns.

is not a tight fit in the sleeve. The resulting pressure distribution inside the sleeve is transferred directly 
to the concrete.

Full scale testing by Jolly and Mohamed [7.59, 7.60] used M24-grade 8.8 threaded bolts supporting 
angle cleats to the faces of 300 × 300 mm precast columns to study the effects of the concentration 
of bolts on connector capacity. The number of bolts making the connection varied from 1 to 4 (i.e. 
2 rows × 2). Concrete strengths were varied from 61.9 N/mm2 to 30.5 N/mm2, and confinement rein-
forcement beneath the bolts was in the form of R8 links at 50 mm centres. The ratio of the failure 
load for the multi-bolt connection to that of a single bolt was as given in Table 7.9.

The failure mode for the high-strength concrete specimens was by flexure (due to the small con-
nector eccentricity) and shear yielding of the bolts. Conversely the failure in the lower-strength 
concrete was by large ovalisation of the sleeves and concrete splitting beneath the connector (see 
Figures 7.89 and 7.90).
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Table 7.9  Ratio of multi-bolt connection ultimate capacities to a single 
bolt capacity

Number of bolts in 
connection cleat

Load capacity/ 
single bolt cleat capacity

2
3
4

1.7
2.6
2.8

Figure 7.89  ‘Ovalisation’ of bolt sleeves in shear connector tests [7.59].

7.11  Connections to Columns on Concrete Ledges

7.11.1  Corbels

A corbel is a short cantilever projection from the face of a column (or wall) that supports a load-
bearing component on its upper horizontal ledge. Column corbels are not widely used in the UK 
compared with Continental Europe and North America. As in any type of frame, it is necessary to 
minimise the structural zone by containing the connection within the overall depth of the beam. For 
reasons of appearance this calls for ‘shallow’ corbels, which are defined in Figure 7.91 and designed 
as a short cantilever. Care is needed to ensure correct lapping and anchorage of reinforcement adjacent 
to contact surfaces, with full regard for fixing tolerances.
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The usual beam connection is a single vertical dowel, which is either a waiting bar cast into the 
corbel, or is site-fixed into a hole. Care should be taken to ensure that the hole does not fill with water 
and freeze. The dowel diameter is between 16 and 25 mm typically, and the respective dowel hole is 
35 to 50 mm in diameter. Non-shrink grout, grade C20/25 (or C30/37 if it is being used on the site 
elsewhere), is poured into the hole from the top.

Figure 7.90  Column splitting beneath four-bolt angle connectors [7.60].

Figure 7.91  Shallow corbel definitions and design.
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In precast frames, corbel design is carried out on an ad hoc basis to suit the specific requirements 
of the project. It is unusual to find a standard column corbel detail in production manuals. However, 
if used, the design and detailing is carried out with the usual attention to the prevention of spalling, 
cracking, etc. If a dowelled connection is made between the beam and corbel, horizontal hair-pin bars 
(typically 8 mm diameter at 50 mm centres) are used to prevent bursting of the thin covering to the 
dowel hole and projecting dowel bar.

There are many complications in reinforcing multi-planar corbels, particularly if the level of the 
shoulder is at the same level in two directions. Congestion of the horizontal tie-back steel may be 
relieved either by varying the height of the seating by at least 50 mm, or by casting in a special steel 
insert to transmit the tie forces as necessary.

A graphic illustration of the load transfer through a corbel is given by Bruggeling [7.18], reproduced 
in Figure 7.92. The notation in this diagram refers to individual joint designs within the connection, 
and may be found in Bruggeling’s book [7.61]. Extensive testing of corbels (over 200 tests) was carried 
out by Kris and Raths [7.62] and showed the dependence on the shear span ratio av/d, and the per-
centage of horizontal reinforcement for the ultimate load. The loads were applied through bearing 
pads of well-defined size and position, with no attempt to simulate concrete-to-concrete contact. 
Somerville [7.63] also gives design recommendations.

Finite element programs, e.g. ‘FIELDS’ [7.64], have been used to verify the behaviour of highly 
loaded rc shallow corbels assumed in design, as shown in Figure 7.93. In all analyses, the problem of 
bearing stresses in the bends of the reinforcement leads to small-diameter bars being preferred, 
e.g. <25 mm diameter. The disturbed region of the column, known as the ‘D-region’, may extend for 
a distance equal to about 1.5h above the table of the corbel and 1.5h cos β below the root of the 
corbel. Additional links should be provided in the column throughout these regions. All these features 
are evident in the photograph in Figure 7.94.

The design procedure is given in BS EN 1992-1-1, clauses 6.2.2(6) and (7) and Annex J.3 and Figure 
J.6(a) [7.8] and PD 6687, Annex B.3 gives the same information in Figure B.5(a) [7.65] {BS 8110, Part 
1, clause 5.2.7 [7.9]}. To qualify as a corbel in design, the distance ac {av} from the centre of the load 
to the face of the support should not be greater than zo, the lever arm between the compression in 

Figure 7.92  Shear force transfer between beam end and column corbel [7.18].
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Figure 7.93  Stress trajectories in a corbel from the program FIELDS [7.64].

Figure 7.94  Reinforcement detailing in a shallow corbel.

the bottom of the corbel and the tension steel in the top (see Figure 7.95(d) {d, the effective depth of 
the ‘root’ of the corbel}. BS EN 1992-1-1, clause 6.2.3(8) defines av as the distance to the edge of the 
load, and ac to the line of the reaction {BS 8110, clause 5.2.7.1 defines av as the distance to the line of 
the reaction}. The depth of the face of the corbel should not be less than half the total depth.  
The width of a corbel b1 ≤ 600 mm is recommended for continuous bearings, see BS EN 1992-1-1 
clause 10.9.5.2(3) {must be less than about 500 mm, otherwise it qualifies as a continuous nib, where 
BS 8110, clause 5.2.8 is used}.

7.11.1.1  Shallow corbels
It is generally accepted that to qualify as a shallow corbel requires the distance to the centre of the 
load ac ≤ 0.5hc = approx. 0.45d, where hc is the total depth {av ≤ 0.6d}, plus other criteria, shown in 
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(a)

(b)

Figure 7.95  Reinforcement details for shallow corbels
(a)	 Main steel welded to an edge bar [7.21]
(b)	 Main steel as a continuous bar [7.21]
(c)	 Main steel in the form of a horizontal U bar [7.21]
(d)	 Corbel reinforced according to Figure 7.66(b).

(c)

Figure 7.95, must apply – otherwise it should be considered as a short cantilever beam. Figure 7.95 
shows three different options for anchoring the main steel in the top corner of the corbel:

	 welding the main steel to a bar of equal size across the front face of the corbel (Figure 7.95(a))
	 contouring the bar to the profile of the corbel (Figure 7.95(b) and (d))
	 using a horizontal U-shaped bar in the top of the corbel (Figure 7.95(c)).
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Of the three options, (a) represents the most economical solution, giving the shortest corbel length, 
but only if the bar diameter is less than about 16 mm.

The strut-and-tie design model is again used, which leads to a more favourable and accurate rep-
resentation than by considering the corbel as a short cantilever in bending and shear. The use of the 
strut-and-tie method for short corbel design is well documented in The Concrete Centre’s publication 
[7.66]. However it is first necessary to check that a shear failure will not occur, by proportioning the 
depth of the corbel according to the following.

First, the ultimate shear stress vEd = VEd/bd {v = V/bd} at the face of the column should not exceed 
0.5 ν fck/1.5, where ν = 0.6(1 − fck/250) from Eq. 6.5 and 6.6N {0 8. fcu }. VEd should not exceed VRd,c 
{shear reinforcement is required if the applied shear stress v is greater than the enhanced concrete 
stress shear stress v > vc (2d/av)}. Otherwise, Asw {Asv} is obtained from:
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(7.51)

The enhancement factor 2d/av can often be as large as 3 or 4 in certain cases, and therefore the 
amount of shear reinforcement is surprisingly small.

For the Eurocode method, PD 6687, Annex B.4 [7.65] presents a strut-and-tie model as adapted 
in Figure 7.95(d). The resultant of the compressive forces is a potential splitting tie force Fwd that, 
according to clause B4.2, requires closed horizontal or inclined links (two legs per link) Asw (called 
As,link) ≥ 0.5 As (called As,main), assuming fywk is the same as fyk, although high-tensile bars tend to be 
used for both. As,link is independent of Asw, and is not additive, therefore Asw,max = max(Asw; As,link).
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tan β = zo / ae  
hy ≥ 0.5 hc
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Figure 7.95  (Continued)



476  Multi-storey Precast Concrete Framed Structures

An empirical equation for Fwd is given in the Model Code MC90, clause 6.8.2.2.1 [7.67], based on 
linear elastic finite element modelling as follows:

	 F
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e
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+

2
1

3 β
	 (7.52)

where the eccentricity between nodes ae = ac + x/2, where for the vertical resolution of forces x = 
VEd/b σRd,1. Typically, if zo/ae = 1.5 and tan β = 1.5, then Fwd = 0.44 Fc = 0.44 Ft, and as such As,link is 
close to 0.5 As,main.

BS 8110 specifies a minimum area of shear links of Asv = 0.5As (where As is from Eq. (7.41, 7.42a 
and 7.42b); min 0.4% × concrete section at the face of the support = 0.4%bh) should be provided to 
ensure the confinement of the concrete in the compressive strut. Thus the total area of steel must 
satisfy As + Asv ≥ 0.6%bh.

Horizontal links are placed in the upper two-thirds of the corbel. (PD 6687, Annex B.4 requires 
the links to be closed, and to enclose the main steel to the front and rear of the corbel. The spacing 
is shown as uniform, but good practice would suggest placing them in the upper region.) The  
link diameter should not be more than 12 mm. The distance to the first link should not be more  
than 75 mm from the bearing surface. Zeller [7.68] measured failure shear stresses of 1.15 to 

1.21 f f fck cu cu{ . . }1 06 1 12to  in rc corbels, where av/d = 0.5 and the ratio of horizontal steel 
ρ = 0.86% was slightly greater than the minimum value of 0.6% specified.

The strut-and-tie forces are calculated from the triangle of forces; it being assumed that a node is 
formed at the intersection of the main tension steel and a point directly beneath the centre line of 
the bearing, as shown in Figure 7.95(d). This may not be strictly true, as the effective bearing point 
may move further from the column owing to construction tolerances and when beam end rotations 
(of up to 0.0001) take place, which are a function of span3. In BS EN 1992-1-1 this is allowed for in 
clause 10.9.5.2, in the construction deviation Δa2 (e.g. columns are too far apart) plus the manufac-
turing deviation Δa3 (e.g. beam is too short). Lindberg and Keronen [7.32] have shown that the 
bearing point in a beam-to-column portal frame connection will move sideways when rotations take 
place in pinned connections. Thus before proceeding with the analysis to BS 8110, it is wise to add 
up to 20 mm to av to allow for this effect.

The details in Figure 7.95(d) represent a ‘node’. Owing to the presence of the tension tie HEd the 
bearing stress beneath the load σRd,2 = 0.85(1 − fck/250) fck/1.5 {fb = 0.4 fcu}. Further from the node, a 
strut-and-tie model is used (according to clause 6.5.2). Here the compressive strut stress, which is 
subjected to lateral bursting tension in the midst of the corbel, σRd,3 = 0.6(1 − fck/250) fck/1.5 from 
clause 6.5.2(2), Eq. 6.56 {fc = 0.4 fcu}. The effective bearing area is confined to within the rc zones, i.e. 
any net dimensions are exclusive of the cover concrete, c. If the width of the corbel is given by b, the 
bearing length is given by:
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where VEd {V} is the ultimate applied force.
The length of the seating ledge, a in Figure 7.95(d), is determined from the sum of the distance to 

the centre of the load ac {av} plus half the bearing length aeff plus an edge distance allowance, which 
includes the diameter of the links that surround the main bars.

The outside edge of the bearing is to be kept clear of the bend of the main bars; a distance equal to 
the diameter ϕ of the bar is recommended. This clearance requirement is replaced in BS EN 1992-1-1 
by the construction deviation Δa2. Therefore, according to Table 8.1N, the allowance for bars ϕ ≤ 16 mm 
is ri + c = 2ϕ + c; otherwise it is 3½ϕ + c. It may be made 2ϕ + c by using end anchorages to the main 
bars (see Figure 7.95(f) later). The BS 8110 allowance is 5ϕ + c (face cover to bar) for high-tensile bar 
with an inner bend radius ri = 3ϕ and an outer bend ro = 4ϕ, and for mild steel bars it is 4ϕ + cover.



Design of Connections and Joints  477

The overall depth h of the corbel should be at least 1.2a, and up to 1.5a if the volume of reinforce-
ment becomes congested. The depth of the outer edge of the corbel should be hy ≥ 0.5h, Together this 
means that the slope of the soffit to the horizontal θ is about 30° to 40°, although of course corbels 
with horizontal soffits are possible (as shown in Figure 7.14). Finally the face depth hy ≥ top 
cover + ro + straight part of bar to attach the links, say 75 mm + distance at the bend at the bottom 
of the face = (ro + c) tan (90 − θ)/2. Then h = hy + a tan θ ≤ hy/0.5.

The effective depth d is given by:

d = 1.2(ac + 0.5aeff + 3.5ϕ + c)
or if ϕ ≤ 16 mm
d = 1.2(ac + 0.5aeff + 2ϕ + c)

(7.54-a)

(7.54-b)

d = 1.2(aν + 0.5aeff + 5ϕ + c) (7.54)

The angle of the compressive strut to the horizontal is given by:
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The tensile tie capacity FtR is given by:

FtR = As10.87fyk (7.58-a) FtR = As10.87fy (7.58-a)

There is often a need to add horizontal U-shaped steel bars directly beneath the bearing to cater 
for the horizontal friction force HEd = μVEd {H = μV}, particularly in the case of long, prestressed 
beams in which the force is induced by creep shortening within the first six months or so. These bars 
are additional to the bars already required.

Thus, the tensile tie capacity HtR is given by:

HtR = As20.87fyk (7.58-b) HtR = As20.87fy (7.58-b)

The total area of main tension reinforcement As = As1 + As2 ≥ 0.4 per cent of the section at the face 
of the column, As,min = 0.2%bhc (BS EN 1992-1-1 does not specify; therefore use the same as for the 
column) {As,min = 0.4%bh}. Figures 7.95 (a)–(c) show three different ways of reinforcing a shallow 
corbel. The diameter of the top bars is usually in the range 12 ≤ ϕ ≤ 25 mm.

The main tension bars should be anchored at both sides of the bearing. Anchorage at tip of corbel 
may either be by a bend extending at the front face of the corbel, checking the inner bar radius 
(mandrel diameter ϕm,min/2), or by a transverse bar welded to the main bar of diameter at least ϕ. 
The anchorage length is measured from the inner face of the bearing area or loading plate (PD 6687, 
clause B4.2), but the anchorage stress is calculated from the actual stress in the bar at the start of the 
bend, so there is a reduction in the tie force Fbt between these two points: see clause 8.3(3) {3.12.8.25.2}. 
A linear decrease in the force in the bar is taken over this straight part of the bar. Let this dis-
tance = lstraight. Then Fbt calculated per bar = 0.87 fyk As (As,required/As,provided) (lbd − lstraight)/lbd, using ‘good’ 
or ‘poor’ bond conditions according to Figure 8.2b or c for corbels cast on their side {Fbt = 0.87 fy As 
(As,required/As,provided) (l − lstraight)/l}. The inner bend radius is then calculated according to Eq. 4.32.

The anchorage length into the column should be measured from the vertical bars in the near face of 
the column, and the inner bend radius should be checked as above. For double-sided corbels the anchor-
age lengths overlap, and are therefore automatically provided by the anchorages at the tip of the corbel.
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The compressive capacity of the diagonal strut FcR is given by:

FcR = σRd,3bXcos β (7.59) FcR = 0.4fcubXcos β (7.59)

To prevent the concrete strain from exceeding 0.002175 at ultimate, then X < 0.5d. Thus Eq. (7.55) 
may be written:

tan
.β = 0 75d

ac

(7.60) tan
.β = 0 75d

av

(7.60)

The required angle for β is 1.0 ≤ tan β ≤ 2.5 (about 45° to 65° to the horizontal).
The top cover to the steel should be 25 to 30 mm (the exposed side cover may be greater). This 

frictional force can be eliminated if continuity steel is carried across the beam-to-corbel interface (e.g. 
by stability ties), but this is not always possible at corners, nor is it required in single-storey portal 
frames where corbels are most often used. It is sometimes possible to provide a slip bearing such as 
a shear-deformable bearing pad, e.g. neoprene, which will prevent the frictional force being trans-
ferred to the corbel. However in order to make a positive site fixing, beams are nearly always dowelled 
to the corbel.

Bearing lengths are critical in corbel design, particularly if the main reinforcement in both the 
supported member and corbel comprise vertically bent bars in high-tensile steel, and where ineffective 
bearing lengths {widths} accumulate. Note that the terms in BS EN 1992-1-1 and BS 8110 are differ-
ent; in BS EN 1992-1-1, Figures 10.5 and 10.6, bearing ‘length’ is parallel to the span and ‘width’ is 
perpendicular to span. The terms are opposite in BS 8110, Figure 5.4. This book adopts the terms 
used in BS EN 1992-1-1.

If concrete-to-concrete bearing surfaces are used, the net bearing width b1 is taken as the lesser of 
the supported member or width of corbel minus the ineffective width of 2 × edge cover to the links 
in the top of the corbel.

Referring to Figure 7.95(e) (left), for BS EN 1992-1-1 the net bearing length a1 after subtraction of 
ineffective lengths (a2 and a3) and deviations (Δa2 and Δa3) is according to clause 10.9.5.2, Figure 10.6 
and Tables 10.2 to 10.5. Iteration is required because a1 = VEd/b σRd,2 is required to first determine 
the relative ultimate bearing stress ratio σEd/fcd, which in turn provides the distance a1. For typical 
corbel design, σEd/fcd is usually 0.3–0.5, such that for a ‘concentrated support’ a1 may be taken as 
140 mm in the first instance. The allowance for ineffective bearing at the front edge of the corbel is 
a2 according to BS EN 1992-1-1, Table 10.3, which may be taken as 25 mm (for precast con-
crete > C30/37). The ineffective bearing length of the supported member is a3 according to Table 10.4. 
This may not be known at the time of designing the corbel, but is likely to be 15 mm, although not 
less than the end cover of say, 30 mm, or (for vertically bent rebars) end cover plus the inner bend 
radius of rebars of 2ϕ to 3½ϕ, i.e. some 60 to 100 mm. The construction deviation between supports 
(fixing tolerance) Δa2 according to BS EN 1992-1-1, Table 10.5 is likely to be 10 mm (unless 
span > 12 m), and the manufacturing deviation for the length of the supported member Δa3 
is length/2500 = say 5 mm. Thus the total ineffective bearings plus deviations is at least 70 mm, 
and up to 140 mm if the supported member has vertical rebars, as shown in Figure 7.95(e). Together 
with the net bearing length of a1 = max(VEd/b1 σRd,2; 140 mm), plus a nominal fixing gap of say 
15 mm. This gives the minimum ledge length of the corbel a ≈ 225 to 295 mm. Further requirements 
depend on whether the main bars are vertically bent at the face of the corbel, or there is a chamfer 
at the face, the cover and diameter of the links, or if the ends of the main bars are anchored to  
a transverse bar.

For BS 8110, the net bearing length aeff after subtraction from the nominal bearing length of inef-
fective distances due to spalling is according to clause 5.2.3.2 and Tables 5.1 and 5.2. The ineffective 
bearing length in deep corbels with hc ≥ 300 mm is 15 mm. Otherwise, and most commonly, it is face 
cover if the main bars are anchored, or face cover plus the inside bend radius for vertically bent bars 
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ϕ > 12 mm, typically 30 + 50 = 80 mm. In the supported member it is (i) zero for flush or exposed 
straight bars or tendons, or (ii) the greater of end cover or 10 mm, except end cover plus bend radius 
for vertically bent bars ϕ > 12 mm, typically 80 mm. Manufacturing deviations, according to clause 
6.2.8.3.(e), are taken as Δa = 12 mm for beams <12 m long. Construction deviations, according to BS 
5606 [6.13], Table 1, clause T1.1, are taken as Δa = 13 mm for columns up to 7 m apart. As mentioned 
earlier, these may be replaced by an allowance for beam end movement of 20 mm. Together with the 
structural net bearing length of V/b1 0.4fcu = say 400 × 103/240 × 20 ≈ 85 mm (minimum 40 mm), 
plus a nominal fixing gap of say 15 mm, this gives the minimum ledge length of the corbel a ≈ 150 
to 260 mm.

If steel plates are used, b1 is the actual width of the plate bp, typically specified by the designer as 
0.4 b, but can, if required, be equal to the full bearing width minus 2 × cover. This is for fire and 
corrosion protection and will therefore require at least one cover distance, or more practically 50–
75 mm, at the edges of the corbel. The ultimate bearing stress beneath a steel plate of width bp > 0.4 
b is according to Section 7.6.1 (vii), but when bp ≤ 0.4b, and confinement links are provided, σRd,3 = 
0.567 fck Sq {fb = 0.8 fcu}. In practice the concrete stress limits of σRd,2 {0.6 fcu} are tried first, particularly 
since Sq requires iteration (the dimensions of the plate must be known to determine Sq); if the concrete 
stress is successful in terms of plate size the enhanced stresses are not needed. Elastomeric pads may 
remain exposed, but should have edge distances of about 50 mm. Although the characteristic compres-
sive strength of the material is quite low, typically 7 N/mm2 and therefore limiting, the design is based 
on concrete strength σRd,2 {0.6 fcu}.

Minimum values for the net bearing length of steel plates bl are not given in codes, but in practice 
would be the greater of VEd/σRd,2 bp, 75–100 mm (depending on the forces and size of corbel); or 0.4a 
{Vu/0.6 fcu bp, 75–100 mm ditto; or 0.4a}. Note that steel plates do not need to comply with the require-
ments for a1 in Table 10.2, as these are for dry or bedded concrete bearings. The ineffective bearing 
lengths are according to the dimensions d2 and d3 in Figure 7.95(e), adapted from BS EN 1992-1-1, 
clause 10.9.4.7(1) and figure 10.5 as follows:

(i)	 vertically bent bars (shown dashed) di = ci + Δai + ri, where ri = inner bend radius
(ii)	 horizontal loops or end anchored rebars (e.g. transverse bar(s) shown in Figure 7.95(f)) 

di = ci + Δai

(iii)	 pretensioned tendons or rebars exposed at the ends of units (i.e. end cover is effectively zero) 
di = Δai.

Figure 7.95(e)  Bearing lengths and stresses for concrete bearing (left) and with steel plate (right), adapted 
from BS EN 1992-1-1, figure 10.5 [7.8].
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The main difference compared with a direct concrete bearing is that the ineffective concrete lengths 
a2 and a3 are consumed within di as the sum of the cover, deviations and, if present, vertical rebar 
bend radii.

Referring to Figure 7.95(e), the procedure is to determine d2, d3 and bl as above, determine Δa2 and 
Δa3 from clause 10.9.5.2, and then, knowing the corbel bars cover c2 and the beam end cover c3, check 
the aggregate dimensions, where the symbol | | means this term is zero if not present:

	 a d d b gl≥ + + +2 3 	 (7.61)

where

at the corbel face d2 = c2 + Δa2 |+ ri, corbel| (if bent bars)
at the end of the beam d3 = |+ c3| + Δa3 |+ ri, beam| (if bent bars)

Then

	 b a c c a a r r gl i corbel i beam≤ + + + + + +– ( ), ,2 3 2 3∆ ∆ 	 (7.62)

The two conditions also shown in Figure 7.95(e) are:

a d b a c gl≥ + + + +2 3 3∆

Then 

	 b a c c a a r gl i corbel≤ − + + + + + ( ),2 3 2 3∆ ∆ 	 (7.63)

and

a c b a d gl≥ + + + +2 2 3∆

Then

	 b a c c a a r gl i beam≤ − + + + + +( ),2 3 2 3∆ ∆ 	 (7.64)

cannot be critical, as all the terms are present in Eq. (7.62). For example, Eq. (7.62), let a = 300 mm, 
g = 15 mm, c2 = c3 = 30 mm, Δa2 = 25, Δa3 = 5, ri,corbel = 2 × 16 = 32 mm, ri,beam = 3½ × 20 = 70 mm, 
then bl ≤ 300 − 207 = 93 mm. Using Eq. (7.64), bl ≤ 300 − 175 = 125 mm.

In summary, steel plate length = seating length − gap − Σc − ΣΔa − Σri of both corbel main bar (if 
bent) or beam main bar (if bent). If the rebars are anchored, as follows, then |+ ri| = 0. If the main 
bars in the beam are cut flush or exposed at their ends, then |c3| = 0.

One of the options is to anchor the end of main bars, as shown in Figure 7.95(f), rather than 
bending the bars. This has the advantage of reducing the corbel seating length by a distance equal to 
the internal bend radius of the bent bars. One or two bars, of diameter ϕt, may be welded to the 
underside of the main bar, with a spacing of 3ϕt. BS EN 1992-1-1, clause 8.6(2) and equation 8.8N 
[7.8] gives the end bearing capacity Fbtd of a spot-welded transverse bar of length ltd (taken as the 
spacing between the bars being anchored) and diameter ϕt, in which the concrete is subjected to a 
compressive stress σcm = ultimate bearing stress, as follows:

	 F l Fbtd td t td wd= ≤φ σ the capacity of the spot weld 	 (7.65)

where 

σtd	= (fctd + σcm)/(0.015 + 0.14 e−0.18x) ≤ 3 fcd, where x = 2 (c/ϕt) + 1
ltd	 = 1.16 ϕt (fyd/σtd)

0.5 ≤ actual length
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Figure 7.95(f)  Welded transverse bar as main steel anchoring.
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(f)

Iteration is required, taking the diameter of the main bar as a first value for ϕt. For example, 
ϕt = 20 mm, c = 25 mm, fck = 40 N/mm2, fyk = 500 N/mm2 and letting σcm = 10 N/mm2, then x = 3.5, 
σtd = (1.64 + 10)/(0.015 + 0.14e−0.63) = 130 N/mm2 > 3 × 40/1.5 = 80 N/mm2 and ltd = 1.16 × 20 × 
(435/80)0.5 = 54 mm. Then Fbtd = 54 × 20 × 80 × 10−3 = 86.4 kN per bar < Fyd = 0.87 × 500 × 314 × 
10−3 = 136.6 kN. Given the reduction in tensile capacity, two transverse bars may be used with a 
spacing of 60 mm; then Fbtd = 1.41 × 86.4 = 121.8 kN. There is no design method in BS 8110.

The flared-V-groove welds made between the bars have a weld size of ½ bar diameter, and throat 
thickness tw = 0.7 × 0.5ϕt = 0.35ϕt. Using grade S355 electrodes, pw = 510 N/mm2. Then Fwd = pw lw 
tw/γm, where length of weld = transverse bar diameter plus the V-flare on either side, lw = ϕt + 2 tw and 
γm = 1.25. Thus Fwd = 510 × 34 × (0.35 × 20) × 10−3/1.25 = 97.1 kN > end bearing of bar.

One of the major drawbacks with corbels is that the mould must be specially shaped and built for 
each project (unlike with steel inserts, where the cross section of the mould is a continuous rectangle). 
To overcome this problem, corbels have been designed and cast in a two-part process. Initially, fully 
anchored threaded couplers are cast into the face of the column at the level of the tension reinforce-
ment to receive the corbel steel after the column has been stripped from the mould. A retarding agent 
is applied locally to the surface concrete of the column mould in the region of the corbel to permit 
exposure of the aggregate without disturbing it when the column is demoulded. Subsequently, further 
concrete is added a few days later within a separate mould to form the projecting corbel.

7.11.1.2  Deep corbels
Deep corbels simulate inclined columns. To qualify as a deep corbel the distance av should not be 
greater than 0.2d. The outer edge of the corbel does not always have to be vertical, but care should 
be taken at the top corner where a 25 mm chamfer should be detailed. Deep corbels are usually 
required, because the capacity of the shallow corbel is insufficient. However, the problem of local 
bursting stresses at the bearing surface is just as important as before, and so mild steel spreader plates 
are often cast into the bearing surface. The tension steel As is welded to the steel plate to form a posi-
tive anchorage.

The same design equations are used for deep and shallow corbels in BS EN 1992-1-1, {in BS 8110 
Part 1, clause 5.3.7 [7.9] the shear stress in the compressive region should not exceed 1.3 N/mm2}. 
The compressive strut must be restrained using horizontal bars, as shown in Figure 7.96. The IStructE 
Manual suggests that, apart from As, main strut reinforcement Asc should be provided such that:

	 A
bX

sc = 0 5

100

. cosβ
	 (7.66)

and horizontal links of 0.4% of the concrete area be uniformly distributed over the full depth of the 
corbel. The size of the bars should be at least a quarter of the diameter, with the spacing not exceeding 
12 times the diameter of the main strut reinforcement.
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Figure 7.96  Deep corbel design [7.21].

Exercise 7.7  Shallow corbel design

A 300 × 300 mm precast column supports a 12.5 m span precast prestressed concrete beam on a single-sided 
corbel. The tendons in the beam are cut flush with the end of the beam. The nominal clear distance from the 
face of the column to the end of the beam is 15 mm. The beam is positioned onto a steel bearing plate on the 
centre line of the column. If the ultimate beam shear force is 190 kN {200 kN}, design a reinforced concrete shallow 
corbel. The allowance for the rotation of the beam may be taken as beam span/2500 {20 mm}.

Use concrete grade C40/50, fyk = fywk {fy = fyv} = 500 N/mm2 and 35 mm cover to main reinforcement, except 
25 mm top cover to corbel.

Solution

Step 1: Bearing length and shear check
Assume main bar dia. = 16 mm and link dia. = 10 mm.

Initially try 
σRd,2 = 0.85 × (1 − 40/250) × 40/1.5

Bearing plate area = 190 × 103/19.04
bp ≤ 0.4 × 300 = 120 mm, use 100 mm
bl ≥ 9979/100 = 100 mm
Try 120 × 100 wide × 10 mm thick mild 

steel plate.

= 19.04 N/mm2

= 9979 mm2

Initially try fb = 0.6 × 50
Bearing plate area = 200 × 103/30 =
bp ≤ 0.4 × 300 = 120 mm, use 100 mm
bl ≥ 6667/100 = 67 mm
Try 100 × 100 mm wide × 10 mm thick 

mild steel plate.
Distance to centre of bearing plate
av = gap + half plate + rotation allowance
= 15 + 50 + 20

= 30 N/mm2

= 6667 mm2

= 85 mm
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Distance to centre of bearing plate
ac = gap + half plate + Δa3 (only, as beam 

tendons are exposed)
= 15 + 60 + 12 500/2500
Corbel length from face of column
a = ac + half plate + Δa2 + bend 

allowance + face cover
= 80 + 60 + 10.4 + 2 × 16 + 35
Due to anchorage, a is later found to be
To determine h:
assume θ = 30°
hy ≥ 25 + bend + 16 + 50 + (48 + 35) 

tan (90° − 30°)/2
The bend is later found to be 48 mm
Try h between the limits:
h ≤ hy/0.5
or h ≥ 185 + 235 tan 30°
or ac/h ≤ 0.5, then h ≥ 80/0.5
or h ≥ 1.2a = 1.2 × 235
Therefore use h =
d = 320 − 25 cover − 8 bar rad.
zo > ac, or d > ac/0.75 = 80/0.75
Soffit slope θ = tan−1 135/235
Shear check:

d >
×

× × −



 ×

190 10

0 5
40

1 5
0 6 1

40

250
300

3

.
.

.

< 287 mm provided
Then if X = 0.5d in the limit

β =
×





−tan
.1 0 75 287

80
The compressive strut force

Fc =
°

190

69 6sin .
σRd,3 = 0.6(1 − 40/250) 40/1.5
FcR = 13.44 × 300 × 0.5 × 287 × 

cos 69.6° × 10−3

≈ 202.7 kN required, say OK.
Horizontal tie force

Ft =
°

190

69 6tan .

As1 = ×
×

70 7 10

0 87 500

3.

.
Frictional force = 0.4 × 190

As 2 = ×
×

76 10

0 87 500

3

.
Total As = 162 + 174
As,min = 0.2% × 300 × 300
Use two H16 (402 mm2).

= 80 mm

= 217 mm
= 235 mm

= 185 mm

< 340 mm
> 320 mm
> 160 mm
> 282 mm
= 320 mm
= 287 mm
= 107 mm
= 29.9°

= 94 mm

= 69.6°

= 202.7 kN

= 13.44 N/mm2

= 201.7 kN

= 70.7 kN

= 162 mm2

= 76 kN

= 174 mm2

= 336 mm2

= 180 mm2

Corbel length from face of column
a = av + half plate + bend allowance + face 

cover (Δa included in rotation)
= 85 + 50 + 5 × 16 + 35
To determine h:
assume θ = 30°
hy ≥ 25 + (4 × 16) + 50 + (64 + 35) 

tan (90° − 30°)/2 =
Try h between the limits:
h ≤ hy/0.5
or h ≥ 196 + 250 tan 30°
h ≥ 142 + 25 cover + 8 bar rad.
where d ≥ av/0.6 = 85/0.6
or h ≥ 1.2a = 1.2 × 250
Therefore use h =
d = 340 − 25 cover − 8 bar rad.
Soffit slope angle = tan−1 144/250
Shear check:

d >
×

× ×
200 10

0 8 50 300

3

.
< 307 mm provided
Then if X = 0.5d in the limit

β =
×





−tan
.1 0 75 307

85
The compressive strut force

Fc =
°

200

69 7sin .
σc = 0.4 × 50
FcR = 20.0 × 300 × 0.5 × 307 × 

cos 69.7° × 10−3

> 213.2 kN required
Horizontal tie force

Ft =
°

200

69 7tan .

As1 = ×
×

74 0 10

0 87 500

3.

.

 

Frictional force = 0.4 × 200

As 2 = ×
×

80 10

0 87 500

3

.
Total As = 170 + 184
Asmin = 0.4% × 300 × 340

= 250 mm

= 196 mm

< 392 mm
> 340 mm
> 175 mm
= 142 mm
> 300 mm
= 340 mm
= 307 mm
= 29.9°

=118 mm

= 69.7°

= 213.2 kN

= 20.0 N/mm2

= 319.5 kN

= 74.0 kN

= 170 mm2

= 80 kN

= 184 mm2

= 354 mm2

= 408 mm2

(Continued)
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As,link ≥ 0.5 As,main = 0.5 × 336 = 168 mm2 to 
be forwarded to shear links calculation.

Anchorage length check
fbd = 2.25 × 0.7 × 1.0 × 1.64 = 2.58 N/mm2

lbd,req = 0.25 × 16 × 0.87 × 500 × 
(336/402)/2.58 = 563 mm

(See Table 8.2) α1 = 0.7 (edge cover 
Cd = 51 > 3 dia.)

α2 = say 1.0
lbd = 0.7 × 1.0 × 563 = 394 mm
lstraight = plate 120 mm
Fbt = 0.87 × 500 × 201 × (336/402) 

× (274/394) × 10−3 = 50.8 kN
(Eq. 4.32) ab = 35 + link bend, say 

16 + 16/2 = 59 mm

r =
× + ×

×
= > ×

50 8 10 1 59 1 2 16

2 40 1 5
45 2 16

3. ( ( ))

.

/ /

/
mm mm, use 3 × dia 

radius, therefore add 48 − 32 = 16 mm 
to length of corbel, then a ≥ 217 + 16 
= 233 mm, use a = 235 mm

Main bar is positioned at the inner bend 
of links = 2 × dia., found later to be 
8 mm.

Use two H16 with r = 3 × dia = 48 mm 
inner bend radius.

Asv ≥ 0.5 As = 0.5 × 354 = 177 mm2 to be forwarded to 
shear links calculation.

Anchorage length check
Anchorage l = 35 × 16 × (354/402) = 493 mm
lstraight = plate 100 + extra dia. 16 = 116 mm
Fbt = 0.87 × 500 × 201 × (354/402) × (377/493) × 10−3 

= 58.9 kN
(Eq. 4.32) ab = 35 + link bend, say 20 + 16 = 71 mm

r =
× +

× ×
=

58 9 10 1 2 16 71

2 50 16
53

3. ( ( ))/
mm

just greater than 3 × 16 mm, but less than 5 dia. 
allowed, therefore no change required to length of 
corbel.

Main bar is positioned at the inner bend of 
links = 2 × dia., found later to be 10 mm.

Use two H16 with r = 3 × dia = 48 mm inner 
bend radius.

Step 2: Shear reinforcement

The ultimate shear capacity is

VRd c,
.

.
.

= × × × −



 ×0 5 300 287

10
0 6 1

40

250

40

1 53

> 190 kN
Reduced av = 80 − 120/2
< 0.5d, so use 0.5d in the reduction 

factor = av/2d = 0.5 × 287/2 × 232
(See Eq. 7.51)

Asw =
× ×

×
0 25 190 10

0 87 500

3.

.
Minimum links calculated over a depth at 

the front face = 185 mm
Asw , .min = × × ×0 08 300 40 185 500/
But As,link ≥ 168 mm2

Max Asw = max(110; 57; 168)
Use two H8 (200 mm2) at 50 mm centres.

= 578 kN

= 20 mm

= 0.25

= 110 mm2

= 57 mm2

= 168 mm2

v = 200 × 103/300 × 307
100 As/bd = 100 × 402/300 × 307
400/d = 400/307
vc = 0.79 × 0.4361/3 × 1.3031/4 

× (40/25)1/3/1.25
Enhancement factor
2d/av = min(2 × 307/85; 4)
vc = 4 × 0.60
> 2.17 N/mm2 required

Asv =
× ×

×
0 4 85 300

0 87 500

.

.
And As,min + Asv,min ≥ 0.6% bh
Then Asv,min ≥ 0.6% × 300 × 340 − 402
But Asv ≥ 177 mm2

Max Asv = max(210; 23; 177)
Use two H10 (314 mm2) at 50 mm centres.

= 2.17 N/mm2

= 0.436 < 3
= 1.303 > 1
= 0.60 N/mm2

= 7.22, use 4
= 2.40 N/mm2

= 23 mm2

= 210 mm2

= 210 mm2
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Step 3: Lateral bursting

See Table 4.11b, where bp = a.
bp = 100, b = 300, then
ς = ((300 − 100)/300)/4 = 0.167
Fbst = 0.167 × 202.7

Abst = ×
×

33 8 10

0 87 500

3.

.
< 100 mm2 provided above across front face.

= 33.8 kN

= 78 mm2

See Table 4.11a.
bp/b = 100/300 = 0.33, then
ς = 0.22
Fbst = 0.22 × 213.2

Abst =
×
×

46 9 10

0 87 500

3.

.
< 157 mm2 provided above across front face.

= 46.9 kN

= 108 mm2

The design method proposed in PD 6687, Annex B.4 is shown in Figure 7.95(c). It is informative 
to repeat the above calculations by way of comparison. Resolving vertically, x = 190 × 103/300 
× 13.44 = 48 mm. Then ae = 80 + 24 = 104 mm. To determine the lever arm ratio zo/d, given that the 
height of the stress block at A = 2(d − zo), and Fc = σRd,3 b 2(d − zo), and taking moments about A, 
Fc zo = VEd ae, the following quadratic equation is solved:

	 ( / ) ( / ) ( / ),z d z d V a bdo o Ed e Rd
2 2

32 0− + =σ 	 (7.68)

In this example VEd ae/2 d2 σRd,1 = 190 × 103 × 104/2 × 300 × 2672 × 13.44 = 0.0344. Then zo/d = 
0.964, limited to 0.95, and zo = 0.95 × 287 = 272 mm. Then β = tan−1 272/104 = 69.0° (cp. 69.6°) and 
Ft = 190/tan 69° = 72.9 kN (cp. 70.7 kN), giving reasonable agreement. Using Eq. (7.52) the tie force 
Fwd = 72.9 × (((2 × 272/104) − 1)/(3 + tan 69°)) = 55.0 kN, then As,link per 2 links = 55.0 × 103/0.87 × 
500 = 126 mm2 (cp. 168 mm2), the design clearly giving a conservative result.

7.11.2  Haunched columns

Haunched column design involves only the provision of an adequate bearing surface at the level of 
the soffit of the beam (see Figure 7.97). This type of joint is not widespread in multi-storey frames 
because of the increased dimension of the column at each floor level. The detail may be used in low-
rise unbraced structures, where the increased column geometry is beneficial in cantilever action, or 
in situations where the magnitude of the beam end reaction cannot practically or structurally be 
accommodated in a shallow corbel or steel insert, i.e. exceeding about 500 kN.

A bearing medium between the concrete surfaces of at least 10 mm thickness is highly recom-
mended for many reasons:

	 to ensure a uniform bearing pressure and ensure that the beam reaction is transferred to the 
column in the intended position

	 to avoid eccentricity of load
	 to prevent local spalling
	 to accommodate tolerances, particularly in very long columns
	 to allow beam rotations to take place.

The bearing pad may consist of neoprene, or be a composite construction of two thin (3 mm thick) 
steel plates with neoprene (10 mm) sandwiched between. In all cases the edge of the bearing plate 
should not extend beyond a point connecting a 45° line to the edge of the top steel in the column, 
i.e. 2 × cover. Some precasters provide a 25 × 25 mm chamfer to ensure that the bearing pad does not 
extend to the edge of the column. Also, the bearing pad should not project beyond the end of the 
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beam, where there is a clearance gap of 10 to 25 mm provided. Thus, referring to Figure 7.98(a), the 
length b1 of the bearing plate is given by:

	 b1 2= − × −shoulder cover clearance gap( ) 	 (7.68)

In the presence of tension ties in one direction, if the bearing pressure is greater than 0.85 
(1 − fck/250) fck/1.5 {0.4 fcu} – see Eq. (7.12) – a steel plate must be cast into the column shoulder and, 
if necessary, additional bars welded to the underside of this plate. The designer has the choice of using 
a wide cast-in plate, say bp = b − (2 × cover), and accepting the lower bearing capacity given by Eq. 
7.13, or a narrower plate (bp < 0.44b) and using 0.567 fck Sq {0.8 fcu}. Referring to Figure 7.98(b), if the 
line pressure beneath the cast-in plate is fb bp, then the pressure on the concrete fc is given by:

	 f
V

b b
fc

p l
b= < 	 (7.69)

Adopting a strut-and-tie model with a θ = 20° load spread in the strut, the horizontal force V tan θ 
is resisted by bars welded to the underside of the cast-in plate and anchored by bond in the column. 
As with the earlier column insert design, high-tensile ribbed bars are used, but the design stress for 
any welded bar is fykw {fyw} = 250 N/mm2.

Horizontal frictional forces μV are treated in a similar manner to those for corbels and beam nibs. 
Unless the horizontal force can be restrained by continuity reinforcement or some other type of posi-
tive tensile fixing, tie bars inclined at α to the horizontal are required beneath the bearing surface, 
such that:

	 A
V V

f
sh

y

= +tan

cos .

θ µ
α0 87

	 (7.70)

The thickness of the cast-in plate is determined from tie force considerations as normal, but typi-
cally should not be less than 8 mm. Anti-bursting confinement links are designed and positioned 
according to Section 7.10.2.

Figure 7.97  Column haunch general arrangement.
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Figure 7.98(c) shows an alternative method of transferring the horizontal forces into the column. 
A number of bars, usually four, are welded to the underside of the plate. Horizontal links of area Asv 
are placed around these bars such that the centre of the group of bars is at distance y below the bearing 
surface (y should not be more than about 100 mm). Assuming a θ = 20° load spread from the vertical, 
the compression in the shoulder will act at a node at a distance e/tan θ, where e is defined in Figure 
7.98(c). Then:

	 A
V V

y e

e
f

sv
yv

=
+ +



tan

tan

tan
.

θ µ θ
θ

/

/
0 87

	 (7.71)

The size of the vertical bars Asw welded to the plate and fully anchored into the column is given by:

	 A
V V

y e

e
f

sw
yv

=
+ +





×

tan
tan

tan
. .

θ µ θ
θ

/

/
0 6 0 87

	 (7.72)

Figure 7.98  Design of column haunch. (a) Definitions used in column haunch design; (b) column haunch 
using welded anchor bar; (c) column haunch using tie bars.

(a)

(b)
(c)
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A top fixing to the beam in the form of a bolted or a welded cleat or plate, or by using continuity 
reinforcement across the column, is specified in the same manner as for other beam-to-column 
connections.

The connection is essentially a pinned joint, but it has the potential of developing a hogging 
moment capacity of considerable magnitude by the use of extended bearings and reinforced in situ 
concrete in composite action with the precast beam. Figure 7.99 shows the basic principles involved. 
Careful detailing and specific instructions to site are required to ensure composite action at the ulti-
mate design load.

The main requirement is for a rigid bottom connection that does not rely on horizontal shear 
transfer to the column. If the beams are connected rigidly at the top, but not at the bottom, rotations 
will occur instead of bending moments developing. Spalling of concrete due to such lack of strength 
and rigidity at the bottom of the beam is shown in Figure 7.100. See Chapter 8 in Prefabrication With 
Concrete [7.61] for further details.

Figure 7.99  Principle of moment resisting connections at column haunches.

Figure 7.100  Spalling at support in moment-resisting connection.
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Exercise 7.8  Haunched column design

The single-sided column haunch connection shown in Figure 7.101 is to be designed to carry an ultimate beam 
reaction of 380 kN {400 kN}. The beam is 12.5 m long and is reinforced at its end using horizontal loops. The 
nominal clear distance from the face of the column to the end of the beam is 15 mm. The allowance for the rota-
tion of the beam may be taken as beam span/2500 {20 mm}. Design the reinforcement in the column, and specify 
any bearing and/or cast-in plates.

Use grade C30/37 concrete, fyk {fy} = 500 N/mm2 and fykw {fyw} = 250 N/mm2, cover to reinforcement = 25 mm, 
and grade S275 {43} steel and welding electrodes.

Solution

Step 1: Bearing plate
Maximum bearing width bp = 300 − 2 × 25 cover = 250 mm

Figure 7.101  Details for Exercise 7.8.

(Continued)
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Maximum bearing length
bl = 225 − gap − (beam cover 

+ Δa3) − (Δa2 + haunch cover)
= 225 − 15 − (25 + 12 500/2500) 

− (10 + 25)
Try a 200 mm wide × 140 mm plate
Ultimate bearing pressure
= 380 × 103/200 × 140
< 0.567 × 30 = 17.0 N/mm2 without the 

need for Sq

Plate thickness

t =
× °

×
380 10 20

200 275

3 tan

= 145 mm

= 13.57 N/mm2

= 2.51 mm

Maximum bearing length
bl = 225 − 15 gap − 2 × 25 cover − 20 

rotation allowance
Try a 200 mm wide × 110 mm plate
Ultimate bearing pressure
= 400 × 103/200 × 110
< 1.5 fcu/(1+2b1/b) = 23.8 N/mm2

Plate thickness

t =
× °

×
400 10 20

200 275

3 tan

= 140 mm

= 18.2 N/mm2

= 2.65 mm

But this plate must be sufficiently thick to enable bars to be fillet welded through holes in the plate. Assume 6 mm 
weld (see detail in Figure 7.101).

Hence use 12 mm-thick mild steel plate.

Step 2: Vertical bars to plate

Using mild steel bars

Asw =
× °
× ×

380 10 20

0 6 0 87 250

3 tan

. .
= 1060 mm2

Using mild steel bars

Asw =
× °
× ×

400 10 20

0 6 0 87 250

3 tan

. .
= 1116 mm2

Try four 20 mm-diameter bars into 12 mm-thick plate.

Step 3: Bearing inside hole in plate
Pb = 12 × 20 × 190 × 10−3 = 45.6 kN × 4 (four bars) = 182.4 kN.

Axial force capacity of double-sided 6 mm fillet weld around 20 mm bar = × × × × =−2 6 2 215 20 10 114 63/ kNπ .  
per bar or 458.5 kN total.

458.5 kN > 380 × tan20° required
Length of 20 mm bar required

lb = ×
×

× ×
+

20

4

0 87 250

2 25 0 21 1 5 30
12

2 3

.

. ( . / . )( / )

= 138.3 kN

= 370 mm

458.5 kN > 400 × tan20° required
Length of 20 mm bar required
= 30 × 20 + 12

= 145.6 kN

= 612 mm

Use four H20 (1256 mm2) bars × 620 mm long welded to plate, 6 mm fillet weld to plate.
Bars to penetrate hole in plate 6 mm.

Step 4: Horizontal links

Asw =
× °

×
380 10 20

0 87 500

3 tan

.
= 318 mm2 Asw =

× °
×

400 10 20

0 87 500

3 tan

.
= 335 mm2

Use two H12 (452 mm2) links at 50 mm centres beneath plate.

Step 5: Confinement links (see Table 4.11)

Using bp = 200, b = 300, then
ς = ((300 − 200)/300)/4 = 0.083
Fbst = 0.083 × 380

Abst =
×

×
31 67 10

0 87 500

3.

.
on one face only < 226 mm2 provided by 

links above.

= 31.67 kN

= 73 mm2

Using bp/b = 200/300 = 0.67, then
ς = 0.104
Fbst = 0.104 × 400

Abst =
×

×
41 67 10

0 87 500

3.

.
on one face only < 226 mm2 provided by 

links above.

= 41.67 kN

= 96 mm2
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7.11.3  Connections to the tops of columns

There are many similarities in the principles involved in the design of this type of connection with 
those in wall-frame design, i.e. horizontal components are seated on the top of vertical members and 
an in situ concrete connection is made. The most common situation in beam-and-column construc-
tion occurs at the termination (usually at roof level) of a continuous column. The beam is seated  
and dowelled onto the column head, as shown in Figures 7.102(a) & (b), and 7.103, to form a simple 
support.

Bearing plates are provided between the components for the same reasons as given in Section 7.11.2. 
The size of the bearing pad should be at least 75 × 75 mm, or h/3 in larger columns. As before, the 
edge of the bearing plate should not extend into the cover concrete, and a 25 × 25 mm chamfer is 
provided so that the bearing pad does not extend to the edge of the column.

The connection can transfer the vertical forces by providing confinement links according to Section 
4.3.10 and Table 4.10. The connection can also transfer applied horizontal forces, providing steel 
reinforcement is placed in the top of the column to prevent an inclined crack forming as shown in 
Figure 7.100. This steel is additional to the confinement links.

Figure 7.102  Beam-to-column head connections. (a) Simply supported column head details, and 
(b) continuous beam-to-column connection.

(a)

(b)
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Projecting column bars (or dowels), which are either cast into the column at the factory or grouted 
into holes in the top of the column on site, pass through circular corrugated ducts (of thin metal or 
plastic) cast within the beam. The inside diameter of the duct is two to three times the diameter of 
the bars passing through, but not less than 50 mm. U-shaped loops are placed around the dowel holes, 
typically R8 at 50 mm centres. The strength of these bars should be equal to the shear force in the 
dowels. The bars also provide the beam with lateral stability. The overturning moment, M = ΣV e 
from floor slabs’ reactions V placed on one side of the beam at an eccentricity e from the centre line 
of the beam, is resisted by a couple in the dowel. The dowel (area As and section modulus Z) is designed 
to carry the bending moment M = 0.87 fy Z and the shear force F = M/z = 0.6 fy As, where z is taken 
as the lesser of the depth of the beam or length of projecting dowel.

Two methods are used when grouting the duct, depending on ease of access, the size of the annulus 
around the bar and the depth of the beam. If the beam depth is 300 mm or less and the annulus is 
more than about 15 mm, the grout may be dispensed from above, with a back-stop filler placed around 
the outside of the joint to prevent grout loss. Otherwise, for deeper beams, pressure grouting from 
beneath the beam is recommended. The reason for concern is not so much to do with bond around 
the vertical bars, although that is important, but because of entrapped air voids in the bearing area.

A further application of the use of single-storey discontinuous columns is at a balcony connection 
where cantilever beams are designed continuously over a column head. As before, projecting rein-
forcement in the lower lift of column passes through sleeves in the beam and is fully grouted to ensure 
vertical continuity in the column. A full compression lap length is provided to the projecting bars. 
The bearing area is usually sufficient to enable a dry-pack, e.g. plastic or steel shims, to be used with 
a solid structural expanding grout to form a joint of at least 20 mm thickness. At a node design, tension 
tie forces will be present, and so there is no requirement for steel-to-steel bearings providing that the 
design bearing stress does not exceed 0.85 (1 − fck/250) fck/1.5 {0.4 fcu}, and that the strength of the 
grout or dry-pack infill is at least similar to that for the column.

Figure 7.103  Welded connection at column head (courtesy of Blatcon Ltd).
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The absence of a vertical joint at the face of the column ensures maximum efficiency in the use of 
precast concrete components subjected to shear and compression. The major disadvantage is that in 
jointing the column above and below each floor beam, two connections per floor level are made. The 
increased production and construction costs are in excess of the savings made in these simple 
connections.

7.12  Beam-to-Beam Connections

Where it is not possible to terminate a beam at a column, connections between secondary beams and 
primary beams may be made as shown in Figures 3.39, 7.104 and 7.105. This connection requires 
special attention, particularly in the primary beam, where the combined effects of bending, shear, 
torsion, and bearing stresses may cause problems within the shallow depth of the beam. Steel inserts 
are most widely used, particularly if the beam reaction is greater than about 150 kN. (Park [7.69] 
shows a number of details for beam-to-beam connections used in New Zealand.)

The IStructE Manual [7.21] makes a pertinent statement on this subject:

. . . These joints tend to be avoided . . . probably because their simplest forms are not normally appro-
priate to the client’s requirements. In addition, pretensioned floors have excellent span potential so that 
the concept of main beams, secondary beams and slab can often be dispensed with and replaced by 
beam and slab.

However there are occasions, particularly surrounding medium-sized voids in floor slabs, e.g. 
greater than about 2.5 m, where the floor slabs adjacent to the voids are too highly loaded to be sup-
ported without beams. The small beam span does not warrant adding extra columns to support the 
secondary beam, and so a beam-to-beam connection offers the most economical solution.

The design falls into three main categories, which depend mainly on:

	 the magnitude of the shear force in the secondary beam
	 the difference in the depths, in particular the soffit level, of the adjoining beams
	 the distance to the secondary beam from the end of the primary beam.

Let the primary beam depth be h1 and secondary beam depth be h2, and the breadth of the beams 
be b1 and b2, respectively.

(a)	 Type 1 – a simple pocket bearing may be made as shown in Figure 7.104(a) where h1 − h2 > 200 mm, 
b1 > 250 mm, and the end shear V is given by:

V f f b h hck ck< × − × −0 5 0 6 1 250 1 5. . ( ) . ( )/ / 1 1 2 (7.73) V f b h hcu< −0 8. ( )1 1 2 (7.73)

If the primary beam is not torsionally restrained, the bearing may be recessed across a part of the 
primary beam a distance the greater of 100 mm or b1/2, in order to ensure that torsional stresses 
are minimised. If the primary beam is torsionally restrained by the floor slab for example, the 
distance may be the greater of 75 mm or b1/3.

(b)	 Type 2 – a direct bearing on the top of the primary beam is made, as shown in Figure 7.104(b), 
if h1 − h2 < 200 mm, or the depth of the primary beam h1 < 200 mm itself. The same bearing 
length as above is used.

(c)	 Type 3 – a side shear connector is made to a steel insert, as shown in Figure 7.104(c), if 
h1 − h2 < 200 mm.

In the recessed Type 1 connections, the shear force from the secondary beam is carried into the 
main body of the primary beam in two ways. Firstly, a strut-and-tie model can be used acting 



494  Multi-storey Precast Concrete Framed Structures

(a)

(b)

(c)

Figure 7.104  Beam-to-beam connections. (a) Pocket bearing type; (b) direct bearing type; (c) side shear box 
type; (d) making a beam-to-beam connection on site (courtesy of Trent Concrete Ltd).
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underneath the bearing, in the same manner as for the L-shaped edge beam analysis in Section 4.3.5. 
The depth to the neutral axis X from the bottom of the beam should not exceed 0.5 d′′, where d′′ is 
the effective depth to the tie steel in the bearing nib. The horizontal frictional force μV is also included 
as before. Figure 7.104(d) shows the construction of such a connection; interestingly, the primary 
beam in this example is itself cantilevered at the column head, as shown in Figure 7.102(b).

Secondly, the forces may be resolved in the longitudinal direction. Referring to Figure 7.106(a), the 
beam geometry should be proportioned so that the line connecting the nodes in the diagonal com-
pressive strut C is inclined at β = 45° to 55° to the horizontal. Then the force C, and the diagonal-
tension tie force T (also inclined at 45° to the horizontal) is given by:

	 C T
V= = 0 5
2

.

sin β
	 (7.74)

The bottom horizontal tie force H beneath the secondary beam bearing is given by:

	 H V= 0 5. cotγ 	 (7.75)

(d)

Figure 7.104  (Continued)
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A pair of hanger bars with area As may therefore be provided, as shown in Figure 7.106(b) such 
that:

A
H

f

V

f
s

yk yk

=
0 87

0 5

0 87.

.

.
or (7.76) A

H

f

V

f
s

y y

=
0 87

0 5

0 87.

.

.
or (7.76)

whichever is greater. If the beam-to-beam connection is near the end of the primary beam, i.e. closer 
than 2d from the end, where d = effective depth of the primary beam, the compressive strut will be 
directed towards the end of the beam and will not induce the diagonal-tension force T.

Figure 7.105  A double narrow-plate connector forming a beam-to-beam joint helps to maintain stability 
during erection and welding.

(a)

Figure 7.106  Practical beam-to-beam connections. (a) Reinforcement at primary beam.



Design of Connections and Joints  497

(c)

(d)

(b)

Figure 7.106  (Continued) Practical beam-to-beam connections. (b) Recessed half-joint option in Exercise 7.9. 
(c) Cast-in steel option for Exercise 7.9, and (d) force equilibrium for steel insert in Exercise 7.9.
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Exercise 7.9  Beam-to-beam connection design

A 300 × 400 mm-wide secondary beam is supported at the mid-span position of a 400 × 300 mm-wide primary 
beam. The ultimate shear force at the end of the primary beam is 95 kN {100 kN}. The tops of the beams are level, 
and the maximum allowable protrusion for any kind of connector above the beams is 75 mm. It may be assumed 
that the beams are torsionally restrained.

Design a suitable beam-to-beam connection using the two methods:

(1)	 recessed half joint
(2)	 cast-in steel inserts.

Use grade C30/37 concrete, fyk {fy} = 500 N/mm2, fywk {fyw} = 250 N/mm2, cover to exposed faces = 35 mm, cover 
to protected faces = 25 mm, and grade S275 {43} steel and weld. Allow a 10 mm gap.

Solution

Step 1, Option 1: Recessed half joint – shown in Figure 7.106(b)
Let site fixing tolerance = 10 mm to all sides, except 25 mm to the sides of the pocket.
Half-joint depth to primary beam = 200 mm, and breadth = 300 mm.
Half-joint depth to beam = 190 mm.
Maximum bearing breadth = 300 − 2 × cover = 230 mm.

σRd,2 = 0.85 (1 − 30/250) 30/1.5
Bearing area without steel plates

=
×95 10

15 0

3

.
Bearing length = 6333/230
Table 10.2. Try 110 mm. σEd/fcd = 3.56/20 

= 0.178
< minimum of a1 = 110 mm

= 15.0 N/mm2

= 6333 mm2

= 27.5 mm

fb = 0.6 × 37
Bearing area without steel plates

=
×100 10

22 2

3

.
Bearing length = 4505/230
< minimum of 75 or b/3 = 100 mm

= 22.2 N/mm2

= 4505 mm2

= 19.6 mm

Use plate 230 × 110 mm.

Let the distances from the ends of the primary beam to the beam-to-beam connection be x1 and 
x2, where x2 > x1. Vertical shear links Asv should be provided immediately to the sides of the recess in 
the primary beam, in order to generate the maximum shear force x2 V/(x2 + x1) within the nodal 
distance equal to 0.75 d:

	 A
x V

x x f
sv

yv

=
+

2

1 2( ) .0 87
	 (7.77)

Finally, small lacer bars, H8 or H10, should be placed at the top corners of the tie steel in the boot.
The design methods used in the steel insert connections type 3 follow the same procedures as for 

beam end detailing in Section 4.3.12 and column insert detailing in Section 7.10. The major difference 
in the beam design is that the level of the bearing ledge is close to the top of the beam, and therefore 
a type of protruding Cazalay hanger is used. The protruding part is concealed within the floor slab 
zone. Narrow plates are the best option here, as large anchor tie forces are possible if the depth of 
concrete beneath the plate is substantial. Tie bars or plate straps can be fully anchored into the beam, 
producing a ductile failure mode (see Figure 9.2). A small bearing plate may be required at the remote 
end of the narrow plate.

The narrow plate is bevelled and fillet-welded to the column insert. Two temporary stability studs 
are needed at the end of the plate to prevent the beam from rotating on its knife edge bearing.
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Step 2: Design of strut-and-tie steel beneath bearing
Assume 12 mm tie-bar diameter.

′′ = − − =d 200 25 12 2 169/ mm
x = − − =169 35 12 2 128/ mm
a = + + + =25 12 2 10 110 2 96/ gap / mm

β =
− −



 = ° > °−tan .1 169 35 12 2

96
53 1 45

/

Compressive strut force  

=
×

× °
95 10

2 53 1

3

2sin .
Then σRd,1 = (1 − 30/250) 30/1.5

X =
×

× × °
74 22 10

17 6 300 53 1

3.

. sin .
< 0.5 d′′
When the frictional force
μV = 0.7 × 95 = 66.5 kN acts, the tie 

force H is

H =
°

+
× + +95

53 1

66 5 128 25 12 2

128tan .

. ( )/

Ash =
×

×
153 9 10

0 87 500

3.

.

= 74.22 kN

= 17.6 N/mm2

= 17.6 mm

= 153.9 kN

= 354 mm2

Compressive strut force  

=
×

× °
100 10

2 53 1

3

2sin .
Then σc = 0.4 × 37

X =
×

× × °
78 13 10

14 8 300 53 1

3.

. sin .
< 0.5 d′′
When the frictional force
μV = 0.7 × 100 = 70 kN acts, the tie 

force H is

H =
°

+
× + +100

53 1

70 128 25 12 2

128tan .

( )/

Ash =
×
×

162 10

0 87 500

3

.

= 78.13 kN

= 14.8 N/mm2

= 22.0 mm

= 162.0 kN

= 373 mm2

Use four H12 (452 mm2) links in boot at 100 mm centres.
Longitudinal hanger bars As inclined at 45° to horizontal

As =
×

×
47 5 2 10

0 87 500

3.

.
= 155 mm2 As =

×
×

50 2 10

0 87 500

3

.
= 163 mm2

Use two H10 (314 mm2) inclined hanger bars in front face of primary beam.

As =
×
×

47 5 10

0 87 500

3.

.
= 110 mm2 As =

×
×

50 10

0 87 500

3

.
= 115 mm2

Use two H10 (157 mm2) links either side of recess.
Splitting force directly beneath bearing point, using lowest value for the bursting coefficient ς

Table 4.11(b) ς = 0.075
Fbst = 0.075 × 95

As =
×
×

7 1 10

0 87 500

3.

.

= 7.1 kN

= 17 mm2

Table 4.11(a) ς = 0.11
Fbst = 0.11 × 100

As =
×
×

11 0 10

0 87 500

3.

.

= 11.0 kN

= 25 mm2

Use one H8 (50 mm2) bar in top corner of boot.
See Figure 7.106(a) for final reinforcement details.

(Continued)
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Step 3, Option 2: Cast-in steel inserts. Secondary beam connector design – shown in Figure 7.106(c).
Choose narrow high-level beam plate, fillet-welded to RHS or SHS column insert.

The design requires an initial guess for the thickness of the narrow plate. Try 16 mm.
Steel-to-steel contact bearing length

= ×
×

95 10

16 220

3

= 27.6 mm =
×

×
100 10

16 215

3

= 29.1 mm

plus weld run-outs, with 50 mm min. = 60 mm, say.
Eccentricity between centres of bearing and tie bar = 30 + 10 gap + 25 cover + 10 link + 16 bar radius = 91 mm.
Depth of narrow plate = 75 mm maximum protrusion plus embedded depth based on length of weld required 

to tie bars.
Assuming weld size = 8 mm, and referring to Figure 7.106(d), the tie force is approximately:

T = 95 × (215+91)/220

Weld length =
×

× × ×
132 1 10

4 0 707 8 220

3.

.
= 28 mm + weld run-outs

= 132.1 kN

= 44 mm

T = 100 × (215+91)/215

Weld length =
×

× × ×
142 3 10

4 0 707 8 215

3.

.
= 30 mm + weld run-outs

= 142.3 kN

= 46 mm

Use 50 mm.
Total depth of narrow plate = 75 + 50 = 125 mm
Narrow plate thickness

t =
×

× ×
95 10

125 0 6 275

3

.
 based on shear or 

t =
× × ×

×
95 10 91 4

125 275

3

2
 based on bending. 

Both are < 16 mm.

= 4.61 mm

= 8.05 mm

t =
×

× ×
100 10

125 0 6 275

3

.
 based on shear or

t =
× × ×

×
100 10 91 4

125 275

3

2
 based on bending. 

Both are < 16 mm.

= 4.85 mm

= 8.47 mm

Use 125 × 16 mm narrow plate.
Assume bp = 80 mm wide plate of length equal to the narrow plate. The concrete beneath the insert is not 

directly confined, therefore line pressure beneath plate:

= 0.567 fck t = 0.567 × 30 × 80
Maximum moment in plate
Mzz = 95 × 91
Try narrow-plate length L4 = 250 mm
Also Mzz = 1360 L3 (250 − 0.5 L3)
Hence L3 = 26.9 mm, so use 30 mm wide 

narrow plate
Then C = 1360 × 26.9 × 10−3

and T = 95 + 36.6

Tie steel As =
×

×
131 6 10

0 87 250

3.

.
Use two H20 (628 mm2).

= 1360 N/mm

= 8645 kNmm

= 36.6 kN
= 131.6 kN

= 605 mm2

= 0.6 fcu t = 0.6 × 37 × 80
Maximum moment in plate
Mzz = 100 × 91
Try narrow-plate length L4 = 250 mm
Also Mzz = 1776 L3 (250 − 0.5 L3)
Hence L3 = 21.4mm, so use 30 mm wide 

narrow plate
Then C = 1776 × 21.4 × 10−3

and T = 100 + 38.0

Tie steel As =
×

×
138 0 10

0 87 250

3.

.
Use two H25 (982 mm2).

= 1776 N/mm

= 9100 kNmm

= 38.0 kN
= 138.0kN

= 635 mm2

Weld bars to narrow plate, with 8 mm CFW × 50 mm long.

Bend radius to H20 bars:
to reduce stress inside bends,  

splay the bars to 150 mm centres  
along bottom of beam, then 
ab = 150 mm

Force per bar = 131.6/2 = 65.8 kN

Bend radius to H25 bars:
ab = 16 + 25 = 41 mm
Force per bar = 138.0/2 = 69.0 kN

r =
× × + ×

+






× ×

69 0 10 1
2 25

16 25

2 37 25

3.
( ) = 82.8 mm
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r =
× ×

+
+

×






×

65 8 10
2

150 20

1

2 20
2 30 1 5

3.

./
< 3½ dia = 70 mm minimum
Let r = 70 mm
Horizontal shear in bar = μV

As =
×

× ×
66 5 10

0 6 0 87 250

3.

. .
< 628 mm2 provided.

= 61 mm

= 66.5 kN

= 510 mm2

> 3 dia = 75 mm minimum
Horizontal shear in bar = μV
is resisted by the shear in the tie bar, and 

friction-bond in the plate. Ignoring the 
latter, then:

As =
×

× ×
70 10

0 6 0 87 250

3

. .
< 982 mm2 provided.

= 70 kN

= 537 mm2

Step 4: Shear reinforcement design
Assume 25 mm main bars in beam. b = 300 mm, d = 300 − 35 − 8 − 25/2 = 242.5 mm

V required

VRdc =
× +







× × ×( ) × ×0 12 1
200

242 5
100 0 00863 30 300 242 51 3.

.
. .( / )

1103

The maximum design load

VEd = × ×

× −



 ×

0 5 300 242 5

10

0 6 1
30

250

30

1 5

3

. .

.
.

> 190 kN
z = 0.9 × 242.5
A

s
sv

v

=
×

× × ×
135 2 10

218 2 0 87 500 2 5

3.

. . .

 

or
Asv , . .min = × × ×0 08 30 250 300 242 5/
Use H8 links at 175 mm centres 

(571 mm2) for a distance to the end of 
the narrow plate plus d.

= 135.2 kN

= 49.3 kN

= 384.1 kN

= 218.2 mm

= 555 mm2/
2legs

= 128 mm2

100 100 982

300 242 5

A

bd
s =

×
× .

Hence, vc = 0.902 N/mm2

A

s
sv

v

=
× −

×
300 1 375 0 902

0 87 250

( . . )

.

Use H8 links at 150 mm centres 
(666 mm2) for a distance to the end of 
the narrow plate plus d.

= 1.375 N/mm2

= 1.35 mm2/mm
= 652 mm2/m 

for 2 legs

Step 5: Design of wide plate
Overhang beyond edge of narrow plate = (80 − 16)/2 = 32 mm

Average stress under wide plate

=
×
×

36 6 10

80 30

3.

Shear, V = 15.25 × 30 × 32
Bending, M = 15.25 × 30 × 322/2

t =
×

× ×
14 64 10

30 0 6 275

3.

.

 
 based on shear, or

t =
× ×
×

234 3 10 4

30 275

3.
 based on bending

= 15.25 N/mm2

= 14.64 kN
= 234.3 kNmm

= 3.0 mm

= 10.6 mm

=
×
×

38 0 10

80 30

3.

Shear, V = 15.85 × 30 × 32
Bending, M = 15.85 × 30 × 322/2

t =
×

× ×
15 2 10

30 0 6 275

3.

.
 based on shear, or

t = × ×
×

243 4 10 4

30 275

3.
 based on bending

= 15.85 N/mm2

= 15.2kN
= 243.4 kNmm

= 3.07 mm

= 10.86 mm

Use 100 × 30 × 16 wide plate.

(Continued)
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Step 6: Design of primary beam steel insert and reinforcement
Distance to centre of secondary beam reaction from face of primary beam = 40 mm

Because the lever arm is smaller than in column inserts, use SHS rather than RHS. Try bp = 80 mm.

Line pressure = 0.567 × 30 × 80
L2 = 95 × 103/1360
Mzz = 95 × (40 + 35 + 69.9/2)
Szz > 10 443/275
2dt > 80 × 103/165

= 1360 N/mm
= 69.9 mm
= 10 443 kNmm
= 37.97 cm3

= 576 mm2

Line pressure = 0.8 × 37 × 80
L2 = 100 × 103/2368
Mzz = 100 × (40 + 35 + 42.3/2)
Szz > 9612/275
2dt > 80 × 103/165

= 2368 N/mm
= 42.3 mm
= 9612 kNmm
= 34.95 cm3

= 606 mm2

Use 80 × 80 × 5 mm SHS (Sxx = 41.7 cm3, 2dt = 800 mm2).
Maximum length of billet = 300 − 35 = 265 mm. Hence use additional bars to rear of insert, at edge distance 

to bars = 35 + 10 + 25/2 = 57.5 mm. Then d = 242.5 mm.

The lever arm
Using Mzz = 1360 L3 (137.6 − L3), 

and solving the quadratic  
equation, L3

Total force in steel
= 1360 × 77.7 × 10−3

As =
×

×
105 7 10

0 87 250

3.

.
Use two H20 bars (628 mm2).

= 137.6 mm

= 77.7 mm

= 105.7 kN

= 486 mm2

The lever arm
Using Mzz = 2368 L3 (165.3 − L3), 

and solving the quadratic  
equation, L3 

Total force in steel
= 2368 × 26.7 × 10−3

As =
×
×

63 3 10

0 87 250

3.

.
Use two H16 bars (402 mm2).

= 165.3 mm

= 26.7 mm

= 63.3 kN

= 291 mm2

Locate bars at 45 mm cover welded to side of insert.

Bar anchorage length

=
×

× × ×
20

4

105 7 10

628 2 25 0 21 1 5 30

3

2 3

.

. . . ( / )/
= 277 mm

Bar anchorage length
= 32 × (291/402) × 16 = 371 mm

> 225 mm to bottom of beam. Hence provide hook to give full anchorage.
Assume weld size = 8 mm.

Weld length =
×

× × ×
105 7 10

4 0 7 8 220

3.

.
= 22.0 mm + run-outs
< 80 mm available

= 38 mm

Weld length =
×

× × ×
63 3 10

4 0 7 8 215

3.

.
= 13.14 mm + run-outs
< 80 mm available

= 29.1 mm

Use 8 mm CFW × 80 mm long to side of insert.
Confinement reinforcement beneath insert (see Table 4.11)

F = 95 + 105.7
bp = 80, b = 300, then
ς = ((300 − 80)/300)/4 = 0.183
Fbst = 0.183 × 200.7

As =
×
×

36 7 10

0 87 500

3.

.

= 200.7 kN

= 36.7 kN

= 85 mm2

F = 100 + 63.3
bp/b = 80/300 = 0.229, then
ς = 0.23
Fbst = 0.23 × 163.3

As =
×
×

37 4 10

0 87 500

3.

.

= 163.3 kN

= 37.4 kN

= 86 mm2

Use two H10 bars (157 mm2) at 50 mm and 100 mm below the front of the insert.
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7.13  Column Splices

7.13.1  Types of splice

A column splice is the general term for a joint where a structural connection is made between a column 
and another precast component. The base member is usually a column, but it may also be a wall, 
structural cladding panel, beam, or in extreme circumstances a flooring unit. It does not include the 
connection to bases or other foundations.

Most precast concrete frame designers prefer to stagger the level of column splices, as shown in 
Figure 7.107, to avoid forming a ‘plane of weakness’. The first level of splices is usually shared between 
the third and fourth floors, except in five-storey frames where the splices (if used at all) are made at 
the second and third floors. The second splice is at two or three storeys above the first splice. Splices 
are located either at a floor level (within the structural floor zone), where they may be concealed in 
the floor finishes, or at a convenient working height, e.g. 1.0 m above floor level, near the point of 
contraflexure in the frame where the bending moments are small (Figure 7.108). Column splices may 
be used only in a totally braced frame, or in the braced part of a partially braced frame, i.e. spliced 
columns may not be unbraced in any direction.

The choice of splice is often dictated more by site erection considerations than by structural 
strength. It is very important that the temporary stability of a structure is not placed at risk by using 
a connection that relies heavily on friction, wedging or other physical actions.

Figure 7.107  Preferred positions for column splices in a multi-storey multi-bay frame.
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7.13.2  Column-to-column splices

Column-to-column splices are made either by coupling, welding or bolting mechanical connectors 
anchored into the separate precast components, or by the continuity of reinforcement through a 
grouted joint. The compressive capacity of the splice is made equal to that of the parent columns by 
confining the in situ concrete placed into the joint. Although the ‘design’ strengths of the precast and 
in situ concrete are equal, it is almost certain that the ‘actual’ strengths will differ – the precast being 
greater. (In the authors’ experience 28-day precast concrete cube strengths of 80 N/mm2 are not 
unusual for columns where the 24-hour strength has been 40 N/mm2.)

The effect of different concrete strengths on the compressive load capacity of columns and column 
splices was studied by Shu and Hawkins [7.70]. The test variables were height of splice v, breadth of the 
column b, and cylinder strength of the infill fcyl. The effective (i.e. apparent) strength of the connection 

′fc  was measured. In all cases the ratio ′f fc cyl/  was greater than 1.0, but when the data for fcyl are converted 
to cube strengths, the situation becomes non-conservative when v/b > 1.5. Thus, providing that the 
height of the splice is not more than 1.5 times the minimum breadth of the column, the connection will 
develop the design strength of the infill. The usual practice is to keep v/b < 1.

The essential features of design are to satisfy the requirements of ultimate strength and structural 
stability. This is achieved at every interface through the joint, either by coupling, welding or bolting 
mechanical connectors anchored into the separate precast components, or by the continuity of rein-
forcement through a grouted joint. The grout and concrete infill must also have adequate strength, 
in addition to providing durability protection for the steel components.

Figure 7.108  A welded plate column splice: (a) alignment using templates and yokes, and (b) completed joint. (Courtesy of 
T&A Prefabricados, Recife, Brazil.)

(a) (b)
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(a)

(b)

Figure 7.109  Types of splices. (a) Coupled joint; (b) welded plate; (c) grouted sleeve; (d) welded lap joint; 
(e) grouted splice sleeve.

7.13.3  Coupled joint splice

The coupled joint shown in Figure 7.109(a) provides a mechanical tie between the precast compo-
nents that is capable of axial load and bending moment interaction. This connection requires absolute 
precision (to about ±3 mm) in placing projecting threaded bars, and should be used only if the designer 
is satisfied that such tolerances can be achieved both in the factory and on site. The other main 
drawback is the difficulty of adjusting all couplers simultaneously.

The strength of the splice may have to be down-rated owing to problems in the strain compatibility 
between the ordinarily reinforced precast components and the less ductile behaviour of the threaded 
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(c)

(d)

Figure 7.109  (Continued)

coupler. Designed links are provided in the infilled region to provide stability to the compression 
reinforcement and to increase the strength of the infill by confinement. The projecting reinforcement 
in the upper and lower columns is threaded to opposite hands, and the coupler is provided with 
opposite hand threads. A sufficient threaded length of bar within the coupler is assured by turning 
the coupler down to predetermined marks on the reinforcement.

The 28-day characteristic strength of the in situ infill is at least equal to the design strength of the 
column. A proprietary expanding agent is added to the cement/sand/6 mm aggregate mix to prevent 
shrinkage cracking between the different concretes. The height of the splice is generally less than 
200 mm and is structurally adequate if the in situ connection is made in one pour. In dealing with 
larger volumes (greater than 0.05 m3) or greater height (exceeding 300 mm), it is necessary to concrete 
in two stages by leaving a narrow 10 to 15 mm gap and dry-packing with a 2:1 sand/cement mortar 
at a later date.
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7.13.4  Welded plate splice

The splice, shown in Figure 7.109(b), is formed by allowing projecting reinforcement from the 
(usually) lower column to be clamped between pairs of nuts to a plate which is welded to bars pro-
jecting from the upper column. The compressive strength of this arrangement is based on the strength 
of the infill concrete plus either the load capacity of the threaded bar/nut system, or the load capacity 
of the welded mild steel reinforcement. The strength of the infill should be equal to that of the precast 
column, but not more than 40 N/mm2 unless testing has shown that higher infill strengths may be 
used. The flexural and shear strength of the plate is enhanced by the confinement of the in situ con-
crete. However, flexibility of the plate can cause problems in the temporary condition, particularly if 
long columns (up to three storeys) are left free-standing.

The strength of the splice is governed either by the strength of the plate in bending, by shear  
across plane x–x in Figure 7.109(b), or by the strength of the bars. The upper column bars are  
considered mild steel because they are welded to the plate. The bars are placed into oversized holes 
such that there is an annulus of 4–5 mm around the bar to permit the placement of a full-penetration 
fillet weld. Fillet welds made directly onto the surface of the plate are not acceptable. Small-diameter 
(e.g. 3 mm) electrodes are used. The bar must penetrate the hole in the plate to a distance lx, so that 
the strength of the weld is greater than the yield strength of the bar. A factor of safety of 2 is quite 
common to allow for variable workmanship, among other things. Thus, if the diameter of the bar is 
ϕ, then:

πϕlxfykw/1.25 > 2(0.87fyk)As (7.78) πϕlxpwe/d > 2(0.87fy)As (7.78)

If, for mild steel bar and grade S275 {43} steel weld, fyk/fykw = 250/220 {fy/pweld = 250/215}, then

	 lx > 0 5. φ 	 (7.79)

(e)

Figure 7.109  (Continued)
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Table 7.10  Metric threaded high-yield reinforcement data

Bar diameter Area at root of thread (mm2) Tensile strength (kN)

16
20
25
32

157
245
353
561

66.9
104.4
150.4
239.0

Thus the rules are:

	 the splice plate should be at least equal to the ‘designed’ bar diameter
	 the bar should penetrate the plate to a distance equal to half its diameter.

Note that the actual bar used may be larger than the design value. In general the smallest size of 
bar used is 16 mm diameter, with 25 mm being the most common for supporting two-storey columns.

The lower bars are threaded high-tensile bars, with a reduced cross-sectional area measured at the 
root of the thread. For metric threads the effective diameter and strength of threaded reinforcing bars 
are given in Table 7.10.

If the splice is concealed in the floor zone, the size of the plate may be equal (or slightly greater if 
needed) to the size of the column. The cover to the threaded and welded bars may be equal to the 
main column reinforcement. However, if the splice is made above floor level then the plate must be 
protected by concrete cover, typically 35 to 40 mm. Thus the cover to the splice bars is about 70 mm. 
This has the effect of reducing the strength of the splice by reducing the lever arm between the bars.

The centroidal distance X between the bars is given by:

	 X h= − −/ cover to bars /2 2φ 	 (7.80)

where ϕ = diameter of the threaded bar.
The lever arm from the centre of this bar to plane x–x is X / 2 , and the effective breadth of the 

plate in plane x–x may be approximated as 2X . In the temporary construction phase before the 
splice is grouted, the thickness of the plate is given by the greater of:

	 t
F

p
s

y

2 2= 	 (7.81)

and

	 t
F

p X
s

y

=
0 6 2.

	 (7.82)

where Fs is the force in the bar due to the self-weight of the column W and to the effects of overturn-
ing due to wind loads and lack of plumb. Wind pressures in the temporary stage cause moments M 
at splices in the order of 5 to 6 kNm in a two-storey column, and about 10 kNm in three storeys. For 
combined bending and axial force, the force in the bars (four per column) is given by:

	 F
M

X
Ws = +



0 25. 	 (7.83)

This force is, of course, permanent and must form part of the overall calculation for the strength of 
the splice when completed. It is also vital that no signs of distress are seen in the splice during this stage. 
For these reasons the bars are often overdesigned, with a factor of safety of about two at ultimate.

After completion of the splice by grouting etc. the load path through the connection by-passes the 
plate, but not the bars. However, the role of the plate is essential to the satisfactory performance of a 
splice by helping to confine the infill concrete. No confinement links are used here.
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7.13.5  Grouted sleeve splice

One of the most popular (and most economical) column splice details is the grouted splice sleeve 
(see Figure 7.109(c)). Full-scale tests [7.71] have shown that the axial load-bending moment interac-
tion characteristics of this joint are equal to those of the parent column. Figure 7.110 summarises the 
results. The joint possesses most of the advantages (confinement of concrete, thin dry-packed joint, 
continuity of high-tensile reinforcement, ease of manufacture and fixing) and few of the disadvantages 
(difficult to fully compact pressurised grout in the sleeves of the upper lift) associated with precast 
construction methods. Figure 7.111 shows that the lapped rebars in the sleeve may not always be 
perfectly central; however, that does not appear to inhibit full bond strengths developing at the bar–
grout–sleeve interfaces.

Splices may be made in this way at virtually any level in the frame and are not restricted to column-
to-column connections. The requirements for the size of the sleeve and the grouting method given 
in Section 7.5.2 and Figure 7.23 are also applicable here.

7.13.6  Welded lap splice

The welded lap joint solution, Figure 7.109(d), is not widely used because the height of unrestrained 
reinforcement, which is typically 500 to 700 mm in order to achieve the necessary weld length, cannot 
be justified. A single link can be placed in the gap, but this must then be made wider than is normally 
acceptable for dry-packed mortar. The main disadvantages are associated with accuracy in manufac-
ture and site erection, and with the need for the upper column to be held rigidly while the welding 
is carried out. In situ concreting against such large ‘dry’ surface areas makes it difficult to avoid hon-
eycombing and unsightly surface irregularities.

If these problems can be satisfactorily overcome, the splice may be considered structurally equal to 
a precast column reinforced with mild steel bars.

Figure 7.110  Moment versus axial load interaction failure data for grouted sleeve column splice tests by Kuttab & Dougill 
[7.71].
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7.13.7  Grouted sleeve coupler splice

Reinforcing bars to be connected are inserted end to end into a preformed steel sleeve and pressure-
grouted in the same manner as the grouted sleeve given in Section 7.13.5. The original splice sleeve 
was invented by A. A. Yee in the US, and the proprietary system is patented. The splice detail shown 
in Figure 7.109(e) may be used for compression and tension, and is equally suited to horizontal as 
well as vertical (or inclined) splices.

The principle is simple in that the bond length of the bars may be reduced to about eight  
diameters, because the grout inserted into the annulus between the bars is highly confined by the 
tapered and ribbed inside face of the sleeve. The annulus is approximately 8 mm minimum thickness, 
but special large-opening sleeves may be used where site tolerances need to be greater than the stand-
ard practice. See Section 7.5.2 for the grouting specification. The sleeve contains a stop, formed at  
its centre, to ensure that each bar is embedded to the correct length. The bars may be of different 
diameter.

7.13.8  Steel shoe splices

Prefabricated steel shoes, Figure 7.112, are used where it may be necessary to generate bending 
moment and tensile forces in splices. The so-called ‘column shoe’ may also be used at foundation 
connections. It is an attractive alternative to the welded splice plate in large cross sections (greater 
than, say, 400 × 400 mm), where large plates may be wasteful. In all four shoes are used, one at each 
corner of a rectangular column. Modified versions of the standard shoe are possible for non-rectangular 
columns. The connectors are expensive in terms of materials and manufacture, but compensate for 
this by providing a very rapid and structurally safe fixing on site, accommodating large tolerances. 
Positioning errors of up to 10 mm are possible with the use of cleverly designed eccentric-hole plate 
washers.

For typical use in precast columns, each shoe consists of a thick (grade 50) steel plate, typically 12 
to 40 mm thick and 100 to 150 mm square, joined to a thin plate-metal shroud forming an 80–100 mm 

Figure 7.111  Cross section through grouted sleeve column splice [7.24].
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(approximately) open-box cube, with three weld-connected rebars in a triangular formation. The  
bars, which are typically 16 to 40 mm in diameter, provide the bond force to the concrete column. 
The base plate has a punched hole at its centre that receives the threaded coupler bars from the  
adjoining column (similar to the welded plate splice detail). The column shoe may be recessed in the 
column if the splice connection is exposed; otherwise the edge of the base plate is made flush with 
the column.

The tensile capacity of these connectors is always governed by the shroud welds or the strength of 
the threaded portion of the coupler bar, and never by the bond strength of the rebars. For typical 
sizes of grade C40/50 precast columns in precast frames, where the shoe size is about 100 mm square 
with M30 bolts, the static tensile strength is in the order of 300 kN per shoe.

Bergstrom [7.72] has carried out bending moment tests on columns with four shoe connections, 
as shown in Figure 7.112(a). The column size was 400 mm square. Applied moments of up to 230 kNm 
caused relative rotations between the foundation and the bottom of the column of up to 0.02 radians 

Figure 7.112  Column splice shoe details. (a) Column splice shoe tests by Bergström [7.72], and (b) ultimate 
failure condition at one corner of a column [7.72].

(a)

(b)
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at the limit of proportionality, and 0.1 rad at ultimate. The average rotational stiffness of these con-
nections was 12 750 kNm/rad, which is equal to approximately 0.8 times the uncracked flexural stiff-
ness of a 4.0 m long column of the same size as used in the test. This value compares reasonably closely 
with the value of 1.0 according to BS 8110 [7.9], although the test result is on the unsafe side. Figure 
7.112(b) shows the ultimate failure condition at one corner of a column.

The flexural behaviour of bolted column-to-foundation connections was investigated by the Peikko 
Group Corporation in the European Centre of Earthquake Engineering in Italy. The experimental 
loading history consisted of a series of horizontal displacement cycles at the tops of the columns with 
increasing target drift, as shown in Figure 7.113. During the tests constant compression through 
internal tendons was applied, which represented the vertical loads of typical multi-storey buildings. 
Figure 7.114 shows the hysteretic behaviour of the connection up to a drift (inclination) equal to 4.8 
per cent and the corresponding damaged pattern at the end of the tests. The results obtained high-
lighted the following facts [7.73]:

	 The behaviour of the connection is governed by the failure of the bolts and is characterised by high 
values of ductility and dissipative capacity.

	 The connection sustains its resistance for much larger drifts than the maximum drifts accepted for 
prefabricated columns, even under a design seismic event.

	 No damage to the welding of the column shoes was observed. This is because of the high quality 
standards of the fabricator.

Figure 7.113  Column shoe test carried out by the manufacturer Peikko Group Corp., Finland [7.74] at 4.8% 
rotation giving a moment of resistance of 180 kNm (courtesy of Peikko Group Corp.).
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Figure 7.114  Test results for column shoe bending tests by the manufacturer Peikko Group Corp., Finland [7.74] (courtesy of 
Peikko Group Corp.).
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Exercise 7.10  Welded plate splice design

Calculate axial load capacity of the welded plate splice shown in Figure 7.115, assuming that the bending moment 
is zero. Assume the edge distance to the holes in the plate = 20 mm.

Use grade C30/37 for in situ concrete, fyk {fy} = 250 N/mm2 in the upper bars, fyk {fy} = 500 N/mm2 in the lower 
threaded bars, 35 mm cover to the plate, grade S275 {43} steel plate and weld.

Solution

Step 1: During construction
Assume 25 mm threaded bar, then X = 230/2 − 20 − 25/2 = 82.5 mm
b = × =2 82 5 116 7. . mm
Plate bending capacity MR = 275 × 116.7 × 202 × 10-3/4 = 3209 kNmm

Figure 7.115  Details for Exercise 7.10.

(Continued)
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M F XR s= / 2
Hence Fs = 3209/58.35 = 55 kN
Plate shear capacity VR = 165 × 116.7 × 20 × 10−3 = 385 kN
Hence Fs = VR = 385 kN > 55 kN bending capacity
Ultimate axial capacity of splice = 4 × 55 = 220 kN.

Threaded bar As =
×
×

=
55 10

0 87 500
126 4

3
2

.
. mm

Use H16 bars (157 mm2) threaded to M16.

Welded bar As =
×
×

=
55 10

0 87 250
252 8

3
2

.
. mm

Use R20 welded bars (314 mm2).

Weld capacity
Use penetration x = 0.5 × 20 = 10 mm
Contact area = π × 20 × 10 = 628 mm2

Weld strength = 628 × 220 × 10−3 = 138.1 kN {628 × 215 × 10−3 = 135.1 kN} > 55 kN required.

Step 2: After concreting
Splice designed as an ordinary rc column

For the welded bars, d/h = 0.857
Use d2/h = 0.15, ′ =fcu 30  and fyk = 250 N/

mm2 (see Fig. 7.127). For maximum 
eccentricity for 3 m high column 
ei = 20 mm, and As = 1257 mm2

NRd/fck b h = 0.57
NRd = 1540 kN
For the threaded bars, d/h = 0.85
Use d2/h = 0.15 and fyk = 500 N/mm2 and 

As = 628 mm2

NRd/fck b h = 0.57
NRd = 1540 kN
Limiting ultimate axial capacity = 1540 kN

BS 8110, Part 1, eq. 38 gives
N = 0.4 fcu Ac + 0.75 fy Asc

For the welded bars
N = (0.4 × 37 × 88743 + 0.75 

× 250 × 1257) × 10−3

For the threaded bars
N = (0.4 × 37 × 89372 + 0.75 

× 500 × 628) × 10−3

Capacity of concrete in contact with plate, 
using 0.8 fcu, and ignoring cover concrete

N = (0.8 × 37 × 2302) × 10−3

Limiting ultimate axial capacity

= 1548 kN

= 1437 kN

= 1565 kN
= 1647 kN

Exercise 7.11  Grouted sleeve splice design

Calculate the ultimate moment of resistance of the column splice shown in Figure 7.116, if the maximum and 
minimum axial force is 1275 kN and 900 kN {1350 kN and 950 kN}, respectively. Determine the anchorage length 
of the projecting bars.

Use grade C30/37 for in situ concrete, fyk {fy} = 500 N/mm2.

Solution
Assume main bars in column are 25 mm dia. and links are 10 mm dia.
For minimum effective depth with splice bar touching inside face of sleeve
d = − − − =300 40 50 12 5 222 5cover mm( . ) .
d

h
= =222 5

300
0 742

.
.

Use d2/h = 0.26 and As = 1963 mm2

(Fig 7.117)
As fyk/fck bh = 0.364

Use BS 8110, Part 3, Column Chart  
21 [7.75].

A

A
sc

c

=
×
×

=
1963 100

300 300
2 02. %
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For 
N

f bh
Ed

ck

=
×

× ×
=

1275 10

30 300 300
0 472

3

.

M

f bh
Rd

ck
2

0 109= .

MRd = 0.109 × 30 × 300 × 3002

For 
N

f bhck

=
×

× ×
=

900 10

30 300 300
0 333

3

.

M

f bh
Rd

ck
2

0 122= . , so not critical

MRd = 0.122 × 30 × 300 × 3002

Maximum safe moment capacity is
To determine bond lengths, check  

stresses in bars.
Axial stress

Bending stress =
6

2

M

bh
Therefore not all bars are in  

compression. Supply all bars with 
tension bond length.

(See cl. 8.4, figure 8.2) Anchorage bond 
length for bars in tension. h > 250 mm. 
Casting conditions for top bars = poor

fbd = 2.25 × 0.7 × 1 × 0.14 × 302/3 
= 2.13 N/mm2

(See cl. 8.4.4.) lbd,req = 0.25 × 435 
× 25/2.13 = 1276 mm

(See cl. 8.4.4., Table 8.2) α1 = 1
α2 = 1 − 0.15 × (65 − 25)/25 = 0.76
lbd = 0.76 × 1276 = 970 mm

= 88.3 kNm

= 98.8 kNm
= 88.3 kNm

= 14.16 N/mm2

or 10.00 N/mm2

= 19.62 N/mm2

For 
N

bh
=

×
×

=
1350 10

300 300
15 0

3

.

M

bh2
3 127= .

M = × ×3 127 300 3002.

For 
N

bh
=

×
×

=
950 10

300 300
10 56

3

.

M

bh2
3 815= . , so not critical

M = 3.815 × 300 × 3002

Maximum safe moment capacity is
To determine bond lengths, check 

stresses in bars.
Axial stress

Bending stress =
6

2

M

bh
Therefore not all bars are in 

compression. Supply all bars with 
tension bond length.

Tension bond length for C30/37 
concrete = 38 × 25 = 950 mm

= 84.4 kNm

= 103.0 kNm
= 84.4 kNm

= 15.00 N/mm2

or 10.56 N/mm2

= 18.76 N/mm2

Figure 7.116  Details for Exercise 7.11.
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7.13.9  Columns spliced onto beams or other precast components

Pin-jointed splices are often formed between columns and precast beams, using any of the methods 
used in column-to-column splicing. The danger is that in unbraced sway frames large torsional 
moments will be induced in the beam unless the joint is specifically designed to eliminate moment 
transfer. A pin-jointed version of the grouted sleeve splice is shown in Figure 7.118, where two bolts 
are used in line to ensure that the connection actually behaves as a pin. Other similar welded or bolted 
details are easy to envisage.

Figure 7.117  Column design chart to BS EN 1992-1-1, used in Exercise 7.11.
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Figure 7.118  Pin-jointed base plate column-to-beam connection.
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Moment-resisting splices may be formed between columns and precast walls and cladding, because 
the latter is usually capable of accommodating the transfer moment. However, caution must be exer-
cised in assuming these splices will attain their theoretical ultimate design limit. Full-scale testing 
[7.72] under in-plane loading found that where the faces of the precast components were flush there 
was extensive cracking and a tendency for the cover to spall on the face of the supporting member, 
even though the connection was designed as pinned (see figures 33 and 34 in the IStructE Manual 
[7.21]).

Lightly loaded columns have successfully been spliced onto hollow-core flooring units, as shown 
in Figure 7.119. Although this practice is not entirely endorsed by all precast concrete engineers,  
there are occasions when, to satisfy an architectural feature almost exclusively at roof level (e.g. a 
mansard roof), there is no other feasible or practical solution. The column base is assumed pinned 
because of flexibility in the slab. Holes for holding-down bolts are pre-drilled during manufacture 
and the tops of the cores are opened to permit the placing of in situ concrete as appropriate. The 
dimensions of the position of the column and base plate are governed in part by the positions of  
the hollow cores in the finalised floor-slab layout. The maximum point load normally considered is 
about 50 kN.

Column splices have (very rarely) been formed on double-tee units. The position of the column  
is restricted to being central over the webs of the flooring units. The joint, which is made by  
welding or bolting to a base plate, is considered to be a last resort in the correct application of precast 
concrete frame design. However, lightweight steel columns have been spliced onto double-tee  
units to form a mansard roof or plant-room frame. The maximum point load normally considered 
is about 75 kN.

7.14  Column Base Connections

Column connections to pad footings and other in situ (or precast) concrete foundations (e.g. retaining 
wall or ground beam) are of three main types:

(1)	 grouted pocket
(2)	 base plate; (a) greater or (b) smaller in plan dimension than the dimensions of the column
(3)	 grouted sleeve.

Methods (1) and (2(a)) are most commonly used. The base plate has the advantage that the column 
may be stabilised and plumbed vertical by adjusting the level of the nuts on the holding-down bolts. 
This is particularly important when working in soft ground conditions, where temporary propping 
alone may not provide adequate stability.

Figure 7.119  Column-to-hollow-core floor slab connection.
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Figure 7.120  Precast pocket foundations are an alternative to site-cast pockets, particularly if the 
foundations cannot be prepared in time for the installation of the column.

7.14.1  Columns in pockets

7.14.1.1  Basic requirements and principles
Pocket foundations are used for foundations on good soil. The pocket shall be large enough to enable 
good concrete filling below and around the column. When the inner surfaces of the pocket are smooth 
the vertical force is assumed to be transmitted directly to the base of the column, and so a depth of 
at least 300 mm is required beneath the column. If the inner surface is roughened to expose the coarse 
aggregate, or castellated with a shear key, as shown in Figure 7.120, the vertical force – and bending 
moments, if the foundation is suitable – are transferred successively by shear friction at the interface 
using a coefficient of friction which varies from μ = 0.3 to 0.9, depending on the roughness of the 
surfaces.

Pocket foundations are located either in the centre of fairly large in situ concrete pad foundations, 
mostly isolated, but may be coupled with a ground beam, giving rise to a balanced foundation con-
taining at least two pockets. The pocket may be offset or cantilevered if there are site restrictions. 
Alternatively, pockets may be partially or completely formed in precast pedestals, as shown in Figure 
7.120, with so-called ‘sockets’. The main difference between the two is that the wall thickness in the 
pedestal is narrow, around 175 to 250 mm, and requires careful detailing of reinforcement, whereas 
the side walls in the cast-in situ base are typically more than 500 mm. The gap between the pocket 
and column is filled using non-shrink concrete of minimum grade C30/37 or, more commonly, a 
non-shrinkable 2:1 mix of coarse sand (6mm aggregate) and cement grout that develops a strength 
of about 20 N/mm2 in 2–3 days to allow the props and wedges to be removed as the precast frame 
progresses. The specification is often the same as for the grout used in splices. The in situ foundation 
is typically grade C25/30 or C30/37, depending on ground conditions or the contractor’s preference.

The column pocket is the most economical solution from a precasting point of view, but its use is 
restricted to situations where fairly large in situ concrete pad footings can easily be constructed. The 
basic precast column requires only additional links to resist bursting pressures generated by end 
bearing forces, and a chemical retarding agent is used to enable the aggregate to be exposed in the 
region of the pocket. In cases where the column reinforcement is in tension, the bars extending into 
the pocket must be fully anchored by bond or by other means. In order to reduce the depth of the 
pocket to a manageable size, these bars may need to be hooked at their ends.

The in situ concrete foundation is cast using a tapered box shutter to form the pocket, with a taper 
of 3° to 5°. The taper eases the withdrawal of the formwork and the placement of grout in the annulus. 
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The gap between the pocket and the column should be at least 50 mm at the bottom and 75 mm at 
the top of the pocket. The foundation may also be cast integral with, or used to support, precast 
ground beams.

Vertical loads are transmitted to the foundation by skin friction and end bearing. The precast 
column requires only additional links at the bottom, say 2–3 H10 at 50 mm spacing, to resist bursting 
pressures generated by end bearing forces using ς = 0.075 {0.11}.

Bending moments and shear forces are transferred to the foundation by forces on opposite faces 
of the pocket to provide a couple, together with skin friction. Figure 7.121(a) shows a structural model 
where the column and pocket surfaces are smooth or roughened. If the surfaces are cast from steel 
or timber formwork, a conservative value of the skin friction, μ = 0.3 (see clause 10.9.6.3(2)), {μ = 0.3} 
is used, owing to possible cracking in all of the faces of the precast–in situ boundary. Exactly what 
constitutes a ‘roughened’ surface is never clearly defined in the literature, but we can assume that if 
the aggregate is exposed, but not damaged, then the surface may be classified as ‘rough’. A retarding 
agent is applied to the moulded surfaces, enabling the laitance to be removed to expose fine and some 
coarse aggregates. If shear keys (indentations according to the dimensions given in Figure 7.25) are 
formed in the sides of both the column and pocket, axial load is transferred by the action of shear 
friction and shear wedging using μ = 0.90; see Figure 7.124.

The failure mode may be by diagonal-tension shear across the corner of the pocket, as shown in 
Figure 7.121(b), so links must be provided around the top half of the pocket. The pocket taper, inclined 
at θ = 3° to 5° to the vertical, gives rise to a wedging force equal to N tanθ, where N is the ultimate axial 
load in the column, and a frictional resistance μN tanθ. This is in addition to the horizontal reaction 
F near the top of the pocket. The total force is in equilibrium with reinforcement in the upper part 
of the base. Several small links, say three to six H8 to H12, are preferred to larger bars in order to keep 
the corner bend radii small. Another mode of failure is by flexural and axial crushing of the in situ 
concrete in the annulus. This is guarded against by using an ultimate flexural/bearing stress of 
0 85 0 85 0 482. . .× ′ = ′f fcd ck  using αcc = 0.85 because it is flexural compression bearing {0 4. ′fcu }, working 
over a width equal only to the precast column, i.e. ignoring load spreading in the third dimension.

The recommended minimum embedment depth l is equal to 1.2 times the depth of column h, even 
though analysis may suggest values for l < 1.2h for columns with small bending moments. The depth 
should not be less than h because of the need to develop a diagonal compressive strut in the column 
to resist shear forces. The most common value is l = 1.5h.

Bruggeling and Huyghe [7.61] propose that l is related to the ratio of the moment M and the axial 
force N as follows:

If / thenM N h l h< >0 15 1 2. , . .

	 If / thenM N h l h> >2 00 2 0. , . . 	 (7.84)

Their text [7.61] does not refer to intermediate values, but it is assumed that they may be linearly 
interpolated.

There is a lack of analytical or experimental data on the real behaviour of pocketed connections 
in large cast-in situ bases, but that is most probably due to an almost total absence of failures. The 
only research on this topic has been limited to considering the prevention of concrete splitting in the 
sides of the pocket, particularly where the cover thickness is less than about 200 mm [7.76], and in 
pockets with narrow side walls [7.77, 7.78].

7.14.1.2  Design methods for pocket foundations
No prescribed design method is given in BS 8110, and so the adopted model shown in Figure 7.122(a) 
is based on the principles of force and moment equilibrium and practical considerations, such as 
ignoring (i) poorly compacted, underfilled and unconfined concrete at the top of the pocket, and (ii) 
friction at the bottom of the pocket where filling voids may exist; there will be little frictional resist-
ance, particularly if ceramic tiles are used to level the column. These are important points of practical 
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Figure 7.121  Pocket foundations. (a) Structural models in pocket foundations and (b) failure modes in 
pocket foundations.

(a)

(b)
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issue, which should not be disregarded in design. However, BS EN 1992-1-1, clause 10.9.6.3 presents 
the design model reproduced here in Figure 7.122(b), which excludes the aforementioned issues. 
Pockets with shear keys are designed to act monolithically with the column, thereby requiring full lap 
lengths between rebars in the column and foundation, with compression struts and ties.

The keyed joint model in Figure 7.122(b)(i) shows the requirement for the depth of embedment 
l = ls + s, where ls = 1.5 lbd is a lap length according to BS EN 1992-1-1, clause 8.7, and the spacing, 
s = approx. 130 to 170 mm is greater than 50 mm or 4 × bar diameters (clause 8.7(3)). If the bars are 
fully stressed in tension fyk = 500 N/mm2 and fck = 30 N/mm2 , then l ≈ 45ϕ + 150 ≈ 1275 mm for H25 
bars, or 1590 mm for H32 bars – clearly impractical solutions for straight bars without hooks or bends. 
Transverse reinforcement for the lapped splice is provided by the links around the pocket.

For smooth/rough pockets, shown in Figure 7.122(b)(ii), the column bars should extend for one 
design anchorage bond length lbd (typically 35 × bar diameter) and, for the same practical reasons as 
given above, starts 50 mm below the top of the pocket. If the area of rebar provided is greater than 
required, the actual tensile (or compressive) stress in the bars is calculated and a reduced bond length 
according to BS EN 1992-1-1, clause 8.4.2 [7.8] or BS 8110, clause 3.12.8.3 [7.9] is provided pro rata 

Figure 7.122(a)  Pocket foundation model used for BS 8110 design.
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to the full bond length. The designer also has the choice of either making the depth of the pocket 
relatively large with straight bars, or providing a bend or hook to the bars and making the pocket 
shallower. This may roughly halve the depth of the pocket. The minimum bond length, and hence 
pocket depth, must not be less than 12 bar diameters.

The ultimate moment M and axial force N may be resolved into a single force acting at a distance 
e = M/N from the centre line of the column. The horizontal shear force F is effective a short distance 
below the top of the pocket, owing to the curvature of the column as it enters the pocket, but is 
assumed to act level with the top. The depth of the column is defined in the plane of bending = h 
and the breadth = b.

The analysis is for rectangular columns and uniaxial bending only. There is no method in BS  
EN 1992-1-1 {BS 8110} for dealing with biaxial bending, but the method for dealing with biaxial  
bending in columns may be adopted here, i.e. a separate design in each principal direction may be 
made to BS EN 1992-1-1, clause 5.8.9(2) provided that the relative eccentricities to clause 5.8.9(3) are 
satisfied, and an increased moment in the critical direction is considered as a uniaxial moment to  
BS 8110.

7.14.1.2(a)  BS EN 1992-1-1 design
In this method the positions of the compressive reactions F1 and F2 between the column and founda-
tion are assumed at 0.1l from the top and bottom of the pocket, respectively. The depth of the 
compressive stress areas is therefore 0.2l and, based on the limiting bearing stress of the infill grout 
0 482. ′fck , the design fails when the line stress 0 482. ′f bck  is exceeded. The coefficient of friction μ = 0.3.

Referring to Figure 7.123, resolving horizontally for the ultimate shear force FEd

	 F F F FEd = − −1 2 3µ 	 (7.90-a)

Resolving vertically

	 F N F FEd3 1 2= − +µ µ 	 (7.90-b)

Combining equations (7.90-a) and (7.90-b)

	 F N FEd Ed3
21= − +( ) /µ µ 	 (7.90-c)

Check the grout strength that the resultant ( ) .F mF f bhck3
2

3
2+ ≤ ′0 482 .

Taking moments about the resultant F2 at point A:

	 N e h F l F h l F l hEd Ed( . ) . ( . . ) ( . )+ + − + = +0 5 0 9 0 5 0 1 0 83 1µ µ 	 (7.90-d)

from which F1 > F2 may be calculated. The required compressive strength of the infill grout is:

	 ′ ≥ =f F b bck 1/ . ,0 482 where column breadth 	 (7.90-e)

The compression area at the interface of the infill grout and the in situ foundation is similarly checked 
using the breadth of the annulus at the top bp = b + 2 × annulus, typically 75 to 100 mm. The required 
compressive strength of the foundation is unlikely to be critical, but is:

	 f F bck i p( ) / .≥ 1 0 482 	 (7.90-f)
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7.14.1.2(b)  BS 8110 design
In this method the positions and magnitude of the compressive reactions between the column and 
foundation are determined from the equilibrium or design forces and moments, based on the limiting 
bearing stress of the infill grout 0 4. ′fcu . The design fails if the calculated compression areas overlap or 
otherwise exceed the available depth of the pocket.

Let the embedment length = l′; then L4 = 0.9l, as the top 0.1l of the pocket is ignored within the 
cover zone, typically 50 mm, to allow for underfilling, settlement, local shrinkage cracking and possible 
poor-quality infill. The moment is transferred to the foundation by a set of compressive struts as the 
resultant of:

(i)	 horizontal reaction forces in the top Ft = p(L2 + L3) and at the bottom Fb = pL3 , where the line 
stress (N/mm units) p f bcu= ′0 4.

(ii)	 vertical frictional resistances μFt and μFb in opposing directions. The coefficient of friction 
μ = 0.35

(iii)	 a vertical reaction force Fn at the base of the column.

The force Ft is distributed to the foundation using horizontal links, and particular attention should 
be paid to this if the edge cover is less than the smaller dimension of the column. A compressive strut 
develops at the sides of the column, at a gradient of about 45° vertically, connecting the reaction from 
links to the bottom corner of the pocket, which also spreads away from the pocket and dissipates 
stresses quickly. Only the local stresses acting before spreading need to be checked.

Referring to Figure 7.122, and considering the line stress p f bcu= ′0 4. , resolving horizontally

	 H p L L pL= + −( )2 3 3 	 (7.85)

	 L H p2 = / 	 (7.86)

where L2 is measured from a point located 0.1 D from the top of the pocket.
Resolving vertically:

	 F N p L L pL N pLn = − + − = −µ µ µ( )2 3 3 2 	 (7.87)

Figure 7.123  Pocket foundation model used for BS EN 1992-1-1 design.
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Combining equations (7.86) and (7.87):

	 F N Hn = − µ 	 (7.88)

Check that the grout strength F f bhn cu≤ ′0 4. .
Taking moments about the centre line of the column at the end of L2 at point A:

Ne H l L pL L L L p L L h+ + = − − + +( . . ) ( ) ( ) .0 1 0 5 2 0 52 3 4 2 3 2 3µ

	 ∴ − − + + + + − =L L L h L Ne H l L pL h3
2

4 2 3 2 20 1 0 5 0 5 0( ) ( ( . . ) . )µ µ /p 	 (7.89)

from which L3 may be calculated for real roots to the quadratic only. Note 0.1L is replaced by the 
cover to the top rebars if this is smaller. The stresses resisting the moment may not overlap on the 
interface (Section 7.10.2), such that L2 + 2L3 ≤ 0.9 L4. Then:

	 F p L L F pLt b= + =( ),2 3 3and 	 (7.90)

The analysis should be repeated for the line pressure acting beyond the column face at the interface 
of the annulus and the foundation, where breadth of the annulus bp = b + 2 × annulus, typically 75 
to 100 mm, e.g. bp = 300 + 2 × 100 = 500 mm. This is unlikely to be critical unless the strength of the 
foundation concrete is particularly low, as the foundation concrete (unlike the infill) contains confine-
ment links around the top of the pocket.

The mode of action for smaller values of M/N < 0.15h in shallow pockets will inevitably change 
from the above models where skin friction underneath the column will dominate more. In reality the 
skin friction will also act over the sides of the column parallel to the direction of the moment, and 
so Eq. (7.90) will be conservative in the presence of large axial forces and small moments.

7.14.1.2(c)  Common aspects to pocket design
The area of the links at the top of the pocket is:

	 A F f A F fsh yk sh t y= =1/ . { / . }0 87 0 87 	 (7.91)

The compressive strut through the side walls F F F Fc c t= =2 21 { }. If the breadth of the in situ con-
crete side walls is t, the width of the compressive strut, idealised as prismatic is:

	 w F f t w F f tck i t cu i= =2 0 482 2 0 41/ /. { . }( ) ( ) 	 (7.92)

The horizontal projection of w down the side wall should not exceed half the depth of the pocket.
If the pocket is tapered at an angle θ to the vertical, lateral forces N tanθ will act on the foundation 

(not the grouted annulus) on either side over the depth of the pocket. The true extent of this dimin-
ishing force down the pocket is not known, and so it is assumed to act over the top half. This will 
generate a frictional resistance μNEd tan θ {μN tan θ} acting on both sides of the foundation. Thus, 
the vertical equilibrium will become

	 F N N F F N N HEd Ed Ed n3 = − − + = − −( tan )/ { tan }2 1 22µ θ µ µ µ θ µ 	 (7.93)

Moment equilibrium is unaffected, because μN tan θ is symmetrical. However, the area of the rebars 
across the top of the pocket will become:

	 A F N f A F N fsh Ed yk sh t y= + = +( tan )/ . { ( tan )/ . }1 µ θ µ θ0 87 0 87 	 (7.94)
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The size of the pad foundation is governed by two main factors:

	 bearing pressures at service conditions
	 edge distance at top of pocket.

See Figure 7.121. The first is checked using any statical method, in order to avoid uplifting grouting 
pressures. The second is based on half the horizontal force in the top 0.5 F1 {0.5 Ft} acting over the 
concrete on the same stress depth at the top of the pocket. If the effective depth from the pocket to 
the edge of the foundation is df, then the condition is satisfied if:

	 0 5 0 2 0 2. . { . ( ) ( ) }F v ld f L L v L L dc f cu c f1 2 3 2 3≤ ′ + ≤ + 	 (7.95)

where vc = shear stress of concrete.

7.14.1.3  Precast concrete pockets
Precast concrete pockets, e.g. Figure 7.125, have not been successful from a commercial viewpoint. 
This is because of the dual effort of preparing a level in situ concrete pad on which the precast foun-
dation may sit, and afterwards bedding-in the pocket onto the pad. The precast pocket alone provides 
a pin-jointed foundation connection and may be used only in conditions of firm and level ground. 
This obviously rules out foundations onto pile caps, or on soft reclaimed land. One notable advantage 
of a precast pocket is that the reaction forces F1 and F3 {Ft and Fn} are resisted by high-strength precast 
concrete, say C40/50, whereas an in situ pocket may be limited by the strength of the in situ concrete, 
say C25/30.

For moment-resisting precast pockets, precast pedestals are designed with narrow walls and com-
pleted on site using in situ backfill and sometimes an integral ground beam, and are as analysed in 
Section 7.14.2.

Figure 7.124  Castellations in column sides for pocket foundations.
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Figure 7.125  Precast concrete pocket foundation.

Exercise 7.12  Column pocket design

Design a column-to-pocket foundation connection required to support a 300 × 300 mm column subjected to an 
ultimate axial force of N = 950 kN {N = 1000 kN} and a moment M = 95 kNm {M = 100 kNm}. The pocket has 
a 5° taper.

Use grade C40/50 concrete for the precast column, grade C30/37 for in situ infill, and grade C20/25 for the 
foundation, with fyk {fy} = 500 N/mm2 for the reinforcement. Cover to column reinforcement = 35 mm, and cover 
to foundation reinforcement = 50 mm.

Solution

Step 1: Column main steel and concrete design
e = 100 × 103/1000 = 100 mm = h/3, hence tension will develop in the column reinforcement.

Assume 16 mm dia. main bars and 10 mm dia. links. D = 300 − 35 − 10 − 16/2 = 247 mm

Column design: d2/h = 0.176, use BS EN 
1992-1-1 derived column design chart 
d2/h = 0.2.

N/bhfck = 0.264 and M/bh2fck = 0.088
∴ Asc = 0.08 bhfck/fyk = 576 mm2

Use four H16 (804 mm2) with H8 links at 
175 mm centres.

Actual stress in bars  
= (576/804) × 0.87 × 500 
= 312 N/mm2

Column design: d/h = 247/300 = 0.823
Use BS 8110 derived column design, 

equivalent to Part 3, Chart 47 [7.75].
N/bh = 11.11, and M/bh2 = 3.704. 

∴ Asc = 0.728% bh
Use four H16 (804 mm2) with H8 links at 

175 mm centres.
Actual stress in bars  

= (655/804) × 0.87 × 500 
= 354 N/mm2

= 655 mm2
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(cl.8.4, figure 8.2) Anchorage bond length  
for bars in tension. h > 250 mm. 
Casting conditions for top bars  
= poor

fbd = 2.25 × 0.7 × 1 × 0.14 × 402/3 
= 2.58 N/mm2

(See cl. 8.4.4.) lbd,req = 0.25 × 312 × 16/2.58 
= 484 mm

(See cl. 8.4.4., Table 8.2) α1 = 1
α2 = 1 − 0.15 × (45 − 16)/16 = 0.728
lbd = 0.728 × 484 = 352 mm
Hence l = 50 + 352 + 35 cover = 437, 

say 450 mm.
μ = 0.3, h = 0.3 m, e = 0.1 m
(7.90 − c) F3 = 950/1.09 = 872.0 kN

Resultant kN= + =872 0 261 6 910 02 2. . .
′ ≥ × ×

= <
fck 910 0 10 300 0 482

21 0 30

3 2

2

. ( . )

.

/

N/mm  provided.
(7.90-d) F1 = (950 × 0.25 − 872 × 0.1635)/0.45 

= 211.0 kN
′ ≥ × × × ×

= <
fck 211 10 0 2 450 300 0 482

16 2 30

3

2

/

N/mm

( . . )

.  provided.

Anchorage bond length for bars in 
tension = 0.25 × 354 × 16/3.535 
= 401 mm

Hence l = 50 + 401 + 35 cover 
= 486, say 500 mm

Then: L4 = max(0.9 × 500; 
500 − 50) = 450 mm

p = 0.4 × 37 × 300 = 4400 N/mm
μ = 0.35, h = 0.3 m
(7.90-c) L L3

2
3− + =0 555 0 0227 0. .

L3 = 45 mm
Ft = 4400 × 0.045 = 198.0 kN

Step 2: Column confinement steel

Using lowest value Fbst = 0.075 × 950

Abst =
×
×

71 3 10

0 87 500

3.

.
 per 2 legs

Use two H8 (200 mm2) links at 50 mm 
centres.

= 71.3 kN

= 164 mm2

Using lowest value Fbst = 0.11 × 1000

Abst =
×
×

110 10

0 87 500

3

.
Use three H8 (300 mm2) links at 50 mm 

centres.

= 110 kN

= 253 mm2

Step 3: Reinforcement around foundation pocket

Bars to be placed in upper half of pocket,  
i.e. to a depth of 225 mm.

Horizontal force induced by taper
= 950 tan 5° = 83.1 kN
Horizontal steel

Asw =
+ ×

×
( . . )

.

83 1 210 0 10

0 87 500

3

= 674 mm2

Bars to be placed in upper half of pocket,  
i.e. to a depth of 250 mm.

Horizontal force induced by taper
= 1000 tan 5° = 87.5 kN
Horizontal steel

Asv =
+ ×

×
( . . )

.

87 5 198 0 10

0 87 500

3

= 656 mm2

Use three H12 (678 mm2) links at 75 mm centres around pocket.
Also provide nominal vertical hanger bars to support confinement links, three H10 bars.
See Figure 7.126 for final details.
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Figure 7.126  Details for Exercise 7.12.

Exercise 7.13  Moment-resisting column pocket design

A 400 × 300 mm column, with its major axis x–x aligned with the maximum moment, is subjected to the follow-
ing ultimate loads and moments. Axial load N = 475 kN {NEd = 500 kN}, bending moments MEd,x-x = 240 kNm 
{Mx-x = 250 kNm} and MEd,y-y {My-y} = 50 kNm, and shear forces HEd,x-x {Hx-x} = 60 kN. Calculate the minimum 
depth of pocket foundation, and the size of the pad foundation if the ground bearing pressure = 250 kN/m2 and 
there is no uplift. Assume that the ultimate loads given above are based on γf = 1.2. Determine the reinforcement 
required in the column, around the pocket and in the bottom of the pad foundation. The pocket has a 5° taper.

Use grade C40/50 concrete for the precast column, grade C30/37 for in situ infill, and grade C20/25 for the 
foundation, with fyk {fy} = 500 N/mm2 for the reinforcement. Cover to column reinforcement = 35 mm, and cover 
to foundation reinforcement = 50 mm.

Solution

Step 1: Column reinforcement design
Assume 25 mm dia. main foundation bars and 10 mm dia. links.

′ = − − − =h 400 35 10 25 2 342 5/ mm.
′ = − − − =b 300 35 10 25 2 242 5. . mm

M h M bx x y y− −′ > ′/ /

See cl. 5.8.9(3) ez/beq/ey/heq = 0.156 < 0.2, 
use separate moments.

Major axis d/h = 342.4/400 = 0.856
Use d2/h = 0.15 (Fig. 7.127)

N

f bhck

=
×

× ×
=

475 10

40 300 400
0 1

3

.

M

f bhck

max

2

6

2

240 10

40 300 400
0 125= ×

× ×
= .

As,max = 0.28 × 300 × 400 × 40/500 
= 2688 mm2

N/fcu b h = 0.083, so
β = 0.9 (BS 8110, Part 1, Table 3.24)

Then ′ = +
× ×

−M x x 250
0 9 342 5 50

242 5

. .

.
d = 342.5 mm
d/h = 0.856. Use Chart 48.

Then 
M

bh
x x− =

2
6 53.  and 

N

bh
= 4 17.

Then Asc = 3.12 %
Use eight H25 bars (3927 mm2).

= 313.6 kNm

= 3744 mm2
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Minor axis d/b = 242.5/300 = 0.808 
Use d2/b = 0.20 (Fig. 4.53)

M

f hbck

min

2

6

2

50 10

40 400 300
0 035= ×

× ×
= .

As,min = zero. Provide 0.2% = 240 mm2

Total As required = 2928 mm2

Use eight H25 bars (3927 mm2)
Major axis provision pro rata = 3605 mm2, 

keeping N/fckbh = 0.1, allows Mmax/
fckbh2 ≈ 0.16 giving M = 308 kNm

Minor axis provision As = 322 mm2

allows Mmin/fckhb2 ≈ 0.055 giving 
M = 79 kNm.

Check clause 5.8.9(4)

240

308

50

79
1 01 1

2 2




 + 



 = ≈.

Continue with fully stressed bars 
(0.87 × 500 = 435 N/mm2) and use the 
equivalent major axis 
moment = 308 kNm.

fbd = 2.25 × 0.14 × 402/3 = 3.68 N/mm2

(See cl. 8.4.4.) lbd,req = 0.25 × 435 × 25/3.68 
= 739 mm

(See cl. 8.4.4., Table 8.2) α1 = 1
α2 = 1 − 0.15 × (45 − 25)/25 = 0.88
lbd = 0.88 × 739 = 650 mm
Hence l = 50 + 650 + 35 cover = 735, say 

750 mm.
Bruggeling’s function for e/h = 308 

× 103/475 × 400 = 1.62, by interpolation 
gives l = 1.84h = 736 mm < 750 mm.

Calculation of reaction F1

μ = 0.3, h = 0.4 m, e = 0.65 m
Then: (7.90-c) F3 = (475 − 0.3 × 60)/1.09 

= 457.0 kN
Resultant kN= + =457 0 137 1 477 02 2. . .

′ ≥ × × ×
= <

fck 477 0 10 300 400 0 482

8 3 30

3

2

. ( . )

.

/

N/mm  provided.
(7.90-d) F1 = (475 × 0.85 + 60 × 0.675 

− 457 × 0.2225)/0.72 = 475.8 kN
′ ≥ × × × ×

= <
fck 475 8 10 0 2 750 300 0 482

21 9 30

3

2

. ( . . )

.

/

N/mm  provided.
Maximum shear stress at top of pocket  

= × −



0 5 0 6 1

20

250

20

1 5
. .

.

df =
×

× ×
475 8 10

2 150 3 68

3.

.

 

Total edge distance = 431 + 50 cover
Compressive strut Fc = ×2 475 8.
Strut width w = 672.8 

× 103/(2 × 481 × 0.482 × 20)

= 3.68 N/mm2

= 431 mm

= 481 mm
= 672.8 kN

= 73 mm, OK

Actual stress in bars  
= (3744/3927) × 0.87 × 500 
= 415 N/mm2

Anchorage bond length for bars in 
tension = 0.25 × 415 × 25/3.535 
= 734 mm.

Hence l = 50 + 734 + 35 cover = 819, 
say 850 mm.

Bruggeling’s function for e/h = 313.6 
× 103/500 × 400 = 1.57, by interpolation 
gives l = 1.81h = 724 mm < 850 mm.

Calculation of reaction Ft

Fn = 500 − 0.3 × 60 = 482.0 kN
Line pressure in in situ infill
= 0.4 × 37 × 300 = 4440 N/mm
L2 = 60 × 103/4440 = 13 mm
L4 = max(0.9 × 850; 850 − 50) = 800 mm
(7.90-b) L L3

2
3− + + × − =0 907 313 6 60 0 0565 3 4 4440 0. (( . . . ) )/

Hence L3 = 86 mm
L2 + 2 L3 = 185 < 0.9 L4 = 720 mm
Ft = 4440 × (0.086 + 0.013) = 439.6 kN

Maximum shear stress at top of pocket 
= =0 8 0 8 25. .fcu

Then df =
×

× ×
=

439 6 10

2 99 4 00
555

3.

.
mm

Total edge distance = 555 + 50 cover
Compressive strut Fc = ×2 439 6.
Strut width w = 621.6 

× 103/(2 × 605 × 0.4 × 25)

= 4.00 N/mm2

= 605 mm
= 621.6 kN

= 52 mm, OK

(Continued)

L L3
2

3− + + × − =0 907 313 6 60 0 0565 3 4 4440 0. (( . . . ) )/
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Step 2: Perimeter bursting steel in foundation around pocket
Bars to be placed in upper half of pocket, i.e. to a depth of < 500 mm.

Horizontal force induced by taper
= 475 tan 5°
Force across pocket = 475.8 + 41.6
Horizontal steel

Asv =
×

×
517 4 10

0 87 500

3.

.
 per 2 legs

Use six H10 (1356 mm2) links at 70 mm 
centres around pocket.

Also provide vertical hanger bars to  
support confinement links, nominally 
three H10 bars.

= 41.6 kN
= 517.4 kN

= 1190 mm2

Horizontal force induced by taper
= 500 tan 5°
Force across pocket = 439.6 + 43.7
Horizontal steel

Asv =
×

×
483 3 10

0 87 500

3.

.

 
 per 2 legs

Use five H12 (1130 mm2) links at 80 mm 
centres around pocket.

Also provide vertical hanger bars to support 
confinement links, nominally three H10 
bars.

= 43.7 kN
= 483.3 kN

= 1111 mm2

Step 3: Base size

Gap at top of pocket = 50 + 750 tan 5° 
= 115.6 mm, say 115 mm

B = 2 × 481 + 2 × 115 + 300 = 1492 mm. 
This is found to be too narrow and gives a 
base length of about 4 m. Thus use 
B = 1800 mm.

Depth of foundation  
= 750 + 50 + 300 = 1100 mm

Base self-weight bearing 
pressure = 25 × 1.100 = 27.5 kN/m2

Net bearing pressure = 250 − 27.5 
= 222.5 kN/m2

Length of base H from the following at the 
front corner:

N

BH

M

BH

M

HB
x x y y+ + ≤− −6 6

222 5
2 2

2. kN/m

where N = 475/1.2 = 395.8 kN
Mx-x = (240 + 60 × 1.1)/1.2 = 255.0 kNm
My-y = 50/1.2 = 41.7 kNm
From which H ≥ 2.73 m
And to prevent uplift at the rear corner:
N

BH

M

BH

M

HB
x x y y− − ≥ −− −6 6

27 5
2 2

.

From which H ≥ 3.541 m
Use B × H = 1.80 × 3.55 m.
Maximum and minimum bearing stresses, 

including self-weight of base  
= +178.6 kN/m2 (<250) and +0.2 kN/m2 (>0)

Gap at top of pocket = 50 + 850 tan5° 
= 124.4 mm, say 125 mm

B = 2 × 605 + 2 × 125 + 300 = 1760, say 
1800 mm

Depth of foundation  
= 850 + 50 + 300 = 1200 mm

Base self-weight bearing 
pressure = 24 × 1.200 = 28.8 kN/m2

Net bearing pressure = 250 − 28.8 
= 221.2 kN/m2

Length of base H from the following at the 
front corner:

N

BH

M

BH

M

HB
x x y y+ + ≤− −6 6

221 2
2 2

2. kN/m

where N = 500/1.2 = 416.7 kN
Mx-x = (250 + 60 × 1.2)/1.2 = 268.3 kNm
My-y = 50/1.2 = 41.7 kNm
From which H ≥ 2.83 m
And to prevent uplift at the rear corner:
N

BH

M

BH

M

HB
x x y y− − ≥ −− −6 6

28 8
2 2

.

From which H ≥ 3.50 m
Use B × H = 1.80 × 3.50 m.
Maximum and minimum bearing stresses, 

including self-weight of base  
= +190.0 kN/m2 (<250) and 0 kN/m2
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Step 4: Reinforcement in bottom of base
Taking moments Mz-z across face of column, lever arm lx = (H − 400)/2
Considering bending about major x–x axis, where net pressure excludes self-weight of base:
p N BH M BH M HBmax x x y y= + +− −/ / /6 62 2

p N BH M BH M HBmin x x y y= − +− −/ / /6 62 2

lx = 1.575 m
pmax = 151.1 kN/m2

pmin = 16.2 kN/m2

pz-z = 91.3 kN/m2

Mz z− = × × +

× × ×

91 3 1 8 1 575

2

59 8

2
2

3
1 8 1 575

2

2

. . . .

. .

MEd,z-z = 1.2 × 292.9
d = 1100 − 50 cover − 16/2

k =
×

× ×
=

351 5 10

20 1800 1042
0 009

6

2

.
.

z = 0.95 × 1042 = 990 mm

As =
×

× ×
351 5 10

0 87 500 990

6.

.
Use six H16 at 340 centres (1206 mm2) 

in bottom of base.
See Figure 7.128 for final details.

= 292.9 kNm

= 351.5 kNm
= 1042 mm

= 816 mm2

lx = 1.55 m
pmax = 161.2 kN/m2

pmin = 15.2 kN/m2

pz-z = 96.55 kN/m2

Mz z− = × ×

+ × × ×

96 55 1 8 1 55

2
64 66

2

2

3
1 8 1 55

2

2

. . .

.
. .

Then Mu,z-z = 1.2 × 302.0 =
d = 1200 − 50 cover − 16/2

k =
×

× ×
=

362 4 10

25 1800 1142
0 00618

6

2

.
.

z = 0.95 × 1142 = 1085 mm

As =
×

× ×
362 4 10

0 87 500 1085

6.

.
Use six H16 at 340 centres (1206 mm2) 

in bottom of base.
See Figure 7.128 for final details.

= 302.0 kNm

= 362.4 kNm
= 1142mm

= 768 mm2

Figure 7.127  Column design chart to BS EN 1992-1-1, used in Exercises 7.13 and 7.10.
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7.14.1.4  Columns in pedestal sockets
Canha et al. [7.77] studied precast columns founded into pockets (or called ‘sockets’) in precast con-
crete pedestals, of the type shown in Figure 7.120, in order to determine the horizontal reactions, and 
hence design the reinforcement, in the pedestal walls as defined in Figure 7.129. The analysis is similar 
to that of pockets in mass foundations, up to the point where reinforcement is designed using a  
45° strut, and vertical and horizontal ties in the pedestal walls. Using full-scale tests, subjecting 
400 × 400 mm columns in keyed pockets of depth 1.6h to 2.0h (h = column depth) to combined axial 
force Nd, bending moment Md and shear force Vd, failure loads were compared to the design methods 
given in the literature and in this textbook. The mean ratio of the failure load in the seven tests to 
the proposed analysis was 1.35 (minimum 1.25), which is acceptable.

Canha’s analysis differs relative to the design method in Section 7.14.1, as follows:

(i)	 Reaction stresses are carried to the top of the in situ infill, where there is no allowance for 
underfilling, settlement, local shrinkage cracking and generally poor-quality infill in the top 
20–30 mm.

(ii)	 The centroid of the bottom and top horizontal reactions HB and HT was based on a triangular 
concrete stress distribution, rather than rectangular ultimate stress blocks, thus making the lever 
arm between them greater. This introduces a paradox, because the reinforcement and diagonal 
strut are based on ultimate limit state.

(iii)	 A frictional reaction occurs across the bottom of the column, although when this is used some 
of the compression at the bottom of the pocket is obviously transferred to it. This force relies 
on good compaction beneath the column, even if the bottom of the column is flat.

(iv)	 The solution requires that the compressive strength of the infill in the annulus is the same as for 
the precast pedestal.

Referring to Figure 7.129, the pressure distribution beneath the column gives a reaction Fnb acting at 
an assumed distance enb = h/4 from the centre of the column (called a in Section 7.14.1). This may 
be greater than it should be, particularly for lower values of Md/Nd, and makes quite a difference to 
the final result, as shown later. In this analysis μ = coefficient of friction at the precast–in situ interface, 

Figure 7.128  Reinforcement details for Exercise 7.13 {BS 8110 solution in brackets}.

3-H10-330
hangers  
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6-H16-340-(B1)
11-H16-340-(B2)  

50 cover 
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taken as μ = 0.3 when both column and pocket are cast against steel formwork, μ = 0.6 ditto for 
timber formwork, and μ = 1.0 for the keyed profile.

The vertical resolution of forces is:

	 N F F F F H Hd nb fri top fri bot nb top bot= + − = + −, , µ µ 	 (7.96-a)

Horizontally

V H H Fd top bot nb= − − µ

Thus

	 H H V Fbot top d nb= − − µ 	 (7.96-b)

Solving these equations gives 

	 F N Vnb d d= − +( ) / ( )µ µ1 2 	 (7.96-c)

Taking moments about the resultant at Hbot on the side wall at point A:

	 M V l y N h F h e y H l y y hd d emb d nb nb top emb+ − ′( ) + − + + ′ = − − ′ +0 5 0 5. ( . ) ( )µ µ 	 (7.96-d)

from which Htop > Hbot may be calculated. This procedure is similar to the BS EN 1992-1-1 equation 
(7.90-d).

Canha [7.77] proposed that the centroid to Htop, y = lemb/6, based on the triangular stress block 
present halfway down the pocket, and the centroid to Hbot only y′ = lemb/10 due to the large rigidity 

Figure 7.129  Force equilibrium to determine reaction forces and reinforcement in column pocket [7.77]. 
(Courtesy of fédération internationale du béton (fib), www.fib-international.org, and ICE Publishing.)

http://www.fib-international.org
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of the pocket on the compression side, following a CERIB report. The authors state that the design 
method is applicable to axial forces with large eccentricity, around e = Md/Nd = 2h, but the assump-
tions that have been made in terms of pressure distributions means this is probably conservative and 
could be used for small eccentricities.

For example, try h = 300 mm column, Nd = 1000 kN, Md = 600 kNm, Md/Nd h = 2, Vd = 50 kN; let 
μ = 0.7, enb = 75 mm, lemb = 2h = 600 mm, y = 100 mm, y′ = 60 mm. Then:

	 Fnb = − × =( . ) / . .1000 0 3 50 1 09 903 7 kN 	 (7.96-c)

	 Htop = + × + × − × =( . . . . ) / .600 50 0 54 1000 0 15 903 7 0 243 0 53 1051 kN 	 (7.96-d)

Half this force will be transmitted through the two longitudinal walls (walls 3 and 4 in Figure 7.130) 
as tension, and Htop/2 will develop a 45° compressive strut resulting in a vertical tie force Fvm = Htop/2 
in the longitudinal walls. If the pedestal wall is 200 mm thick and allowing 40 mm cover, the maximum 
diameter of bar that can form a tight enough bend to reach the corners of the walls is H16 (4 dia. 
mandrel). Using fyk = 500 N/mm2, As,top = 0.5 × 1051 × 103/0.87 × 500 = 1208 mm2. Use three pairs of 
H16 (1206 mm2) in the top half of the wall, i.e. at 50 cover to the top bar and then at 100 mm spacing.

The compressive strut force = × × =0 5 1051 2 743. kN . Using concrete fck = 40 N/mm2 for the 
precast pedestal, the width of the compressive strut to BS EN 1992-1-1 is w = 743 × 103/200 × 
(0.482 × 40) = 193 kN/m, which extends 136 mm down the wall < lemb/2 = 300 mm: OK. The vertical 
steel Asv = As,top = 1208 mm2 and may be provided by using four H16 in the corners and two more in 
the side walls (1206 mm2). Figure 7.130 shows the final arrangement of rebars proposed by the 
authors.

The pressure distributions acting on the breadth of the column b for Htop and Hbot may be checked 
using a triangular distribution of stress according to Figure 7.129 or, more realistically as this is an 

Figure 7.130  Arrangement of reinforcement in column pocket [7.77]. (Courtesy of fédération internationale 
du béton (fib), www.fib-international.org, and ICE Publishing.)

http://www.fib-international.org
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ultimate design, a parabolic-linear distribution. Taking flexural triangular stress distributions limited 
to 0 482. ′fck for the infill concrete/mortar, and letting b = 300 mm, then if the depth to the centroid is 
y, the depth of the stress block is 3y, such that:

3y = Htop/b ½ 0.45fck = 1051 × 103/(300 × ½ × 0.482 × 40) = 363 mm
y = 363/3 = 121 mm ≈ lemb/6 = 100 mm assumed at the start.

Similarly at the bottom, where (7.96-b)

Hbot = 1051 − 50 − 0.3 × 903.7 = 730 kN, pro rata with Htop

y′ = 84 mm ≈ lemb/10 = 60 mm assumed at the start.

Figure 7.131 may be used as a design chart to determine Htop/Nd in terms of the eccentricity e/h = Md/
Ndh, two column sizes, and three values for μ. Two assumptions have been made in order to present 
the data in a single chart: Vd (in kN) = Md/10 (in kNm), and the depth of pocket lemb = 1.0h for e/h = 1 
to lemb = 2.0h for e/h = 3. The former is based on a cantilever column 20 m in height subject to hori-
zontal wind pressure, representing an upper limit. The reader can check other relationships. It should 
be noted that, because the magnitude of Htop is directly proportional to all the loads and moments, 
the ratio Htop/Nd is independent of the magnitude of Nd.

The effect of the resultant line of action for Fnb from the centre of the column, i.e. enb, is quite 
significant. Looking at the design chart in Figure 7.131, for e/h = 1, μ = 0.3, and h = 300 mm. If 
enb = h/4 = 75 mm, then Htop/Nd = 0.79. If enb = 25 mm, then Htop/Nd = 0.94, 19 per cent greater. The 
increase diminishes as e/h becomes larger.

7.14.2  Columns on base plates

Base plates that are larger than the size of the columns are used where a moment connection is 
required. Figures 7.132(a) and (b) show the structural mechanism for this type of connection, and 
Figures 7.133 and 7.134 show photographs of the base plate before and after casting in the column. 
The disruption to manufacture of the precast column may be considerable, because the plate cannot 
be contained within the internal confines of the mould. However, base plates provide immediate 

Figure 7.131  Design chart to determine horizontal reaction at top of pocket.
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Figure 7.132  Base plate design principle. (a) General arrangement, and (b) notation.

(a)

(b)

stability when fixing the column on site, and the depth of the foundation is not excessive. The choice 
of using base plates rather than pockets tends to be made more on production rather than structural 
considerations.

An ultimate flexural/bearing stress of 0 85 0 482 0 4. . { . }f f fcd ck cu=  is used for the infill grout in the 
narrow gap beneath the plate and over the full width of the base plate. Because of confinement, this 
is a conservative stress limit and allows for the possible lack of filling at the very centre of the plate.
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Figure 7.133  Column base plate with starter bars welded to plate.

Figure 7.134  Column-to-foundation connection with extended base plate.
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F + N = 0.482fckbXd (7.97) F + N = 0.4fcubXd (7.97)

where X d = the compressive stress block depth.
Taking moments about the centre line of compressive stress block

	 M F d d Xd N d Xd= − ′ − + −( . ) ( . . )0 5 0 5 0 5 	 (7.98)

Also, M = N e, such that:
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from which X and F may be calculated.
We can simplify by letting a stress factor, K

K
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The following design method may be used to calculate the base plate thickness in the completed 
structure. Referring to Figure 7.132(b) and resolving vertically, if F > 0:

If X N f bd X N f bdck cu> ′ > ′/ /0 482 0 4. { . }, then F is positive.
Assume N is number of bolts, each of root area Ab and yield strength fykb {fyb}, providing the force 

F, then:

	 A
F

Nf
b

yb

= 	 (7.102)

The design strength fykb/γm {yield strength fyb} and ultimate tensile strength for the holding-down 
bolts are given in Table 7.11.

Except in extreme cases of very high bending and low axial load, the worst bending on the base 
plate occurs on the compression side. Use a base plate of thickness t which is the greater of:

t f L pck y= 0 964 2. / (7.103) t f L pcu y= 0 8 2. / (7.103)

(based on the compression side), or

(based on the tension side)	 t Fm bpy= 4 / 	 (7.104)

where L = overhang of plate beyond column face, m = distance from centre of bolts to centre of bars in 
column, and py = yield strength of the plate. Steel grade S275 or S355 {43 or 50} is used; see Table 7.12.

If X < N/0.482fckbd {X < N/0.4fcubd}, then F is negative and Eq. (7.100) is not valid. The analysis 
simplifies to the following:

	 X
e

d
= −1

2
	 (7.105)
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Table 7.11  Yield and ultimate tensile strength of holding down bolts and base plates

Bolt grade

BS EN 1993-1-8, clause 3.1.1(3) BS 5950

Bolt ultimate tensile 
strength fub (N/mm2)

Bolt yield strength 
fybk (N/mm2)

Bolt yield strength 
fyb (N/mm2)

4.6 400 240 195
5.6 500 300
6.8 600 480
8.8 800 640 450

10.9 1000 900

Plate grade Plate yield strength 
pyk {py}

(N/mm2)

Plate ultimate 
tensile strength

(N/mm2)BS EN 1993-1-1 BS 5950

S235 235 360
S275 43 275 430
S355 50 355 510
S420 420 520
S450 450 550

and

	 N f bXdc= 	 (7.106)

because the grout is not fully stressed, Eq. (7.105) is modified to:

	 t f L pc y= 2 2 / 	 (7.107)

The yield strength fykb {fyb} and ultimate tensile strength for holding-down bolts are given in Table 
7.12. The design value for bolts according to BS 5950 is equal to the yield strength, either fyb = 195 or 
450 N/mm2 for grade 4.6 or (more commonly) grade 8.8. The design value to BS EN 1993-1-8:2005 
[7.79] is fykb/γM2 (γM2 = 1.25). Thus fydb = 160 or 512 N/mm2 for grade 4.6 or 8.8. These values should 
be adopted as characteristic values in design calculations.

The yield strength pyk {py} and ultimate tensile strength for base plates are given in Table 7.11. The 
design value according to BS 5950 is equal to the yield strength. The design value to BS EN 1993-1-8: 
2005 [7.79] is pyk/γM0 (γM0 = 1.0).

The column is sometimes cast without the base plate, for convenience of fitting it into an existing 
mould. After casting, the base plate is welded onto the protruding column bars, and the final section 
of concrete between the precast column and the base plate is cast. To avoid difficulties due to shrink-
age, this can be, say, 50 mm of dry-pack, or possibly a non-shrinking grout or concrete.

Reinforcement is fitted through holes in the base plate and fillet-welded at both sides (see Figure 
7.133), using the same details as given in Section 7.13.4 on splices. The design strength of the column 
is therefore determined using mild steel reinforcement strength, which occasionally leads to cumber-
some detailing. Additional links are provided close to the plate, as is the practice at splices.

Vertical loads are easily distributed through the grouted infill beneath the plate (with the specifica-
tion for the grout as for use in splices). Overturning moments require a greater attention to detail, 
both in the precast column and in situ foundation. Tensile forces must be transmitted by bond in the 
precast column, bending and shear in the base plate, tension in the cast-in holding-down bolt, and 
bearing and shear in the foundation.
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Holding-down bolts, most commonly of grade 4.6 or 8.8, are used as appropriate. The length of 
the anchor bolt is typically 375 to 450 mm for 20- to 32 mm-diameter bolts. The bearing area of the 
bolt head is increased by using a plate washer, nominally 100 × 100 × 8 mm. The bottom of the bolt 
is a minimum of 100 mm above the reinforcement in the bottom of the footing. Confinement rein-
forcement (in the form of links) around the bolts is usually required, particularly where narrow beams 
and/or walls are used and where the edge distance is less than about 200 mm. The steel is designed 
on the principle of shear friction, but should not be less than 4 R8 links at 75 mm centres placed near 
the top of the bolts. As a precaution against lateral bursting around the bolt, anchor loops are usually 
provided around the bolts in order to achieve the full strength of the bolt if the horizontal edge dis-
tance is less than about 200 mm.

Larger compressive forces beneath plates that project beyond the column face in two directions 
cause biaxial bending in the plate. The maximum projection of the plate is therefore usually restricted 
to 100 mm, irrespective of size (see Figure 7.134). 100 mm is also a minimum practical limit for detail-
ing and site erection purposes. The resulting thickness of plate and size (and grade) of anchor bolts 
are given in Figure 7.135.

Pin-jointed footings can be designed by decreasing the in-plane lever arm. Base plates using two 
bolts on one centre line, or four bolts closely spaced, give the desired effect.

Base plates equal to or smaller than the column are used where a projection around the foot of the 
column is structurally or architecturally unacceptable – for example, where the connection is made 
at a floor level and cannot be hidden in the finishing screed. The holding-down bolt group is located 
in line with the main column reinforcement. The base plate is set flush with the bottom of the precast 
column and small pockets, typically 100 mm cube (for access purposes), leave the plate exposed at 
each corner (as shown in Figure 7.136 in the factory and Figure 7.137 on site), or at each mid-side 
of the column. Short starter bars are welded to the base plate (as previously described) in various 
configurations. The design of starter bars is a repeat of the design of the column at the foundation, 
except that the effective depth to the projecting bars is decreased to allow space for the starter bars 
to be welded to the plate. Diameter of holes around starter bars = bar diameter + 10 mm. Starter bars 
are to pass halfway through the base plate hole, and are welded above and beneath the plate. The weld 
throat thickness is usually 8, 10 or 12 mm. The fillet weld provided to the top of the plate is as follows:

Maximum diameter ϕ and area of starter bar = As,s

Ultimate force in starter bar 

	 F f A F f AEds yk s s s s y s s= =0 87 0 87. { . }, , , 	 (7.108)

Throat thickness of weld 

	 t F f t F fEds wk s s w= =/ . ( . ) { / . },0 7 1 25 0 7πφ πφ/ 	 (7.109)

where fwk {fw} = weld strength according to Table 7.12. (γm for welds = 1.25)

Table 7.12  Yield and ultimate tensile strength of welds

Weld grade

BS EN 1993-1-8 BS 5950

Weld yield strength 
fwk (N/mm2)

Weld ultimate tensile 
strength (N/mm2)

Weld strength fw 
(N/mm2)

S235 235 360
S275 275 430 215
S355 355 510
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The plate is usually most critical in the temporary condition. In most cases, i.e. in columns less 
than 400 mm deep, these connections have a limited moment of resistance and are therefore consid-
ered pin-jointed. Again, two bolts may be used to form a truly pin-jointed connection, although site 
workers prefer four bolts to assist with vertical alignment and frame stability.

An alternative to casting the holding-down bolts into the foundation is to drill and fix resin-anchor 
or expanding bolts on site. The advantage in construction terms is obvious and it places less respon-
sibility on the contractor to locate the bolts accurately. However the pull-out capacity of a drilled bolt 
is less than the capacity of a cast-in bolt of the same diameter. In some instances where the pull-out 
capacity is critical, the cost of drilled bolts may be greater. In other cases the smallest holding-down 
bolt used, typically 12 or 16 mm diameter, may still be overdesigned and the smaller drilled replace-
ment may be more economical.

A fully welded option is shown in Figure 7.138. While the full axial and moment capacity of  
the connection is readily generated through the weld, the specialist welding equipment and tech
nique make this a less popular choice for most contractors. The weld size is typically 12 mm throat 
thickness, using S355 electrodes to grade 450 plates. The control of a uniform input of power is a key 
issue, in order to prevent overheating of the concrete immediately above the plate cast into the 
column, and spalling is sometimes seen. The welded joint is protected using a dry-mix pack of at least 
grade C40/50.

Figure 7.135  Column base plate design graph.
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Figure 7.136  Column casting with flush base plate.

Figure 7.137  Column-to-foundation connection with flush base plate.
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Figure 7.138  Steel base plate fully welded to cast-in plate in pile cap (courtesy of T&A Prefabricados, 
Recife, Brazil).

Exercise 7.14  Column base plate design

Design a column base plate connection required to support a 300 × 300 mm column subjected to an ultimate 
axial force of NEd = 950 kN {N = 1000 kN} and a moment MEd = 95 kNm {M = 100 kNm}.

Use grade C30/37 for the grout, grade S275 {43} steel for the base plate.

Solution
Try a 500 × 500 mm plate with L = 100 mm overhang and d′ = L/2 = 50 mm

e = 95 × 103/950 = 100 mm

Then k =
× × + −

× ×
950 10 100 500 2 50

500 500 30

3

2

( )/

X X2
2

2 1
50

500

3 0 076

0 85
0− −



 +

×
=

.

.
Hence X = 0.197
Because X < N/0.482fckbd = 0.263 then F is 

negative, so:

X
e

d
= − = −

×
=1

2
1

2 100

50
0 6.

and

fc =
×

× ×
950 10

500 0 6 500

3

.
Hence

t =
× ×2 6 33 100

275

2.

= 0.076

= 6.33N/mm2

= 21.5 mm

e = 100 × 103/1000 = 100 mm

Then k =
× × + −

× ×
1000 10 100 500 2 50

500 500 37

3

2

( )/

X X2 2 1
50

500
5 0 065 0− −



 + × =.

Hence X = 0.203
Because X < N/0.4 fcubd = 0.27 then F is 

negative, so:

X
e

d
= − = −

×
=1

2
1

2 100

50
0 6.

and

fc =
×

× ×
1000 10

500 0 6 500

3

.
Hence

t =
× ×2 6 67 100

275

2.

= 0.065

= 6.67N/mm2

= 22.0 mm

Use 500 × 500 × 25 mm mild steel base plate.
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Exercise 7.15  Column base plate design

Repeat Exercise 7.14 using NEd = 190 kN {N = 200 kN} and MEd = 105 kNm {M = 120 kNm}.
Use grade C40/50 concrete for the precast column, C30/37 for the grout, with fyk {fy} = 250 N/mm2 for the 

reinforcement welded to the plate, cover to column bars = 35 mm, grade S275 {43} base plate and grade 8.8 
holding-down bolts.

Solution

Step 1: In the base plate
Try 500 × 500 mm plate with L = 100 mm overhang and d′ = L/2 = 50 mm

e = 105 × 103/190 = 552.6 mm
Then

k =
× × + −

× ×
190 10 552 6 500 2 50

500 500 30

3

2

( . )/

X X2
2

2 1
50

500

3

0 85
0 0381 0− −



 + × =

.
.

Hence X = 0.0927
Because X > N/0.482fck b d = 0.053 then F is 

positive, so:
F = 0.482fckbXd − N = 335.0 − 190
Using fykb = 640/1.25 = 512 N/mm2

Ab =
×

×
145 10

2 512

3

t =
× ×0 964 30 100

275

2.

= 0.0381

= 145.0 kN

= 142 mm2

= 32.4 mm

e = 120 × 103/200 = 600 mm
Then

k =
× × + −

× ×
200 10 600 500 2 50

500 500 37

3

2

( )/

X X2 2 1
50

500
5 0 0346 0− −



 + × =.

Hence X = 0.102
Because X > N/0.4 fcu b d = 0.054 then F is 

positive, so:
F = 0.4fcubXd − N = 376.9 − 200
Using fyb = 450 N/mm2

Ab =
×

×
176 9 10

2 450

3.

t =
× ×0 8 37 100

275

2.

= 0.0346

= 176.9 kN

= 197 mm2

= 32.8 mm

Use two M24 grade 8.8 holding-down bolts in a 500 × 500 × 35 mm plate.

Step 2: In the column.
Before proceeding we need sizes of the starter bars in the column. These are designed as grade 250, owing to the 
weld to the plate, even though high-tensile bars will be provided. Assume the main bars are 32 mm and links 
10 mm dia.

d

h
=

− −
=

300 35 32 2

300
0 83

/
.

d2/h = 0.17, 
use BS EN 1992-1-1 derived column  
design chart d2/h = 0.2 (see Figure 4.53)

N

f bhck
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3
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f bhck
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2

6

2

105 10

40 300 300
0 097= ×

× ×
= .

From column design chart:
Asc = 0.26 bhfck/fyk = 0.26 × 3002 × 40/250
Use four H32 + two H20 (3845 mm2) 

column bars.
Then m = 50 + 35 cover + 10 links + 32/2

t =
× × ×

×
4 145 10 111

500 275

3

= 3744 mm2

= 111 mm

= 21.6 mm

d

h
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− −
=
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/
.
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×
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=
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.

M
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6

2

120 10

300 300
4 444= ×

×
= .

BS 8110 does not publish charts for 
fy = 250 N/mm2; therefore column analysis 
is carried to show that for d/h = 0.83, and 
using x = 65 mm, then Asc = 4230 mm2 
satisfies the above.

Use six H32 (4825 mm2) column bars.
Then m = 50 + 35 cover + 10 links + 32/2

t =
× × ×

×
4 176 9 10 111

500 275

3.

= 111 mm

= 23.9 mm

This is less than the 35 mm-thick provision above.
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7.14.3  Columns on grouted sleeves

The design of these joints is identical to the grouted sleeve splice described in Section 7.13.5. Full 
compression or tension anchorage lengths are provided in both the precast column and in situ foun-
dation. High-tensile deformed reinforcing bars are left protruding from the foundation, which is quite 
difficult to achieve with any accuracy (see Figure 7.139(a)). This is the main disadvantage in using 
this connection. The tendency is for the bars to touch the sides of the sleeves in the precast column, 
thus preventing full penetration of grout around the bar. Since the grout cannot be inspected after-
wards, there is doubt that the bar is fully bonded. Allowance can be made for this by making the 
normal bond stress deductions as if the bar were one of a group.

Notwithstanding these difficulties, and because preventative measures can be taken, the joint may 
be considered in design as monolithic, providing that the bedding joint and grout sleeves are com-
pletely filled by pressure grouting to the satisfaction of the site engineer.

Work by Kuttab [7.71], Somerville [7.76], and Korolev and Korolev [7.80] has shown axial force–
moment interaction characteristics of the joint are equal to those of the column itself. An added bonus 
is that high-tensile reinforcement is used throughout. The minimum internal diameter of the grout 
tube is 40 mm when using 25 mm-diameter deformed bar. Nominal cover to the tube and the 
minimum distance between tubes should be at least 75 mm. Confinement links are provided in the 
usual manner.

Protruding bars are often used with in situ slab foundation or foundation piles. The moment-
resisting connection is realised with reinforcement bars, protruding from the foundation (more 
common) or from the column, as is the case in Figure 7.139(b). They are inserted in ducts to lap with 
the main reinforcement after grouting. The diameter of the ducts should be oversized to allow for 
placing tolerances.

Figure 7.139  Protruding bars from the column (a) and positioned into sleeves preformed in the foundation (b) to provide a 
full moment connection.

(a) (b)





CHAPTER 8

Designing for Horizontal Load

8.1  Introduction

There is no doubt that precast multi-storey structures of up to about 50 m in height can be designed 
with economy, safety and excellent form. The main debate is in the manner in which horizontal forces 
are transmitted through the components and their connections, particularly in very large precast 
structures where the connections become highly stressed. The obvious relationship between stability 
and details is evident from the photograph of The Bourse in Leeds, UK, shown in Figure 8.1. The 
tallest precast (wall frame) structure in Europe is the 54-storey building for Nationale Nederlanden 
in Rotterdam, which consists of slip-formed in situ cores, precast load-bearing walls and precast 
double-tee floor units.

This increasing awareness towards the structural integrity of structural connections in prefabricated 
construction has been where most of the recent research effort has been directed. Most of the papers 
cited in this book are directed towards the structural integrity either of the structure or of the con-
nections. The details used to achieve robustness in a structure have a significant effect on the structural 
mechanisms by which horizontal forces are distributed, and vice versa. Rarely has it been possible to 
test entire structures, the exception being the half-scale, three-storey precast structure tested at the 
University of California, San Diego, in 2008 [8.1]. A main feature of this 56 ft × 16 ft × 23 ft tall struc-
ture (17.1 × 4.9 × 7.0 m), shown in Figure 8.2, was to develop a diaphragm seismic design methodol-
ogy for precast buildings, and these tests included 16 input ground motions, monitored by 640 sensors 
dynamically recording the various damage limit states. The floors comprised single-span 10 inch 
(255 mm) deep double-tee units and 4 inch (102 mm) deep hollow-core units, both with a 1½ inch 
(38 mm) thick topping. Subjected to peak ground accelerations of between 0.30g and 0.61g, the 
maximum roof drift ratio (sway/height) recorded at the centre of the floor diaphragms was 0.23 per 
cent and 1.88 per cent, respectively. The former sway of h/434 is close to the recognised ratio of h/400 
in BS EN 1992-1-1 {h/500 used in BS 8110}. In the latter, where the sway = h/53, peak strains of 7700 
με were recorded in the chord reinforcement at the centre of the floor, there were some floor–beam 
connections fractures, and there was some cracking up to 1.0 mm wide, but there was recovery of the 
floor diaphragm after loading.

Horizontal forces in precast structures derive mainly from wind loading and temperature gradients. 
In seismic zones earthquake loading is the predominant loading, but that is beyond the scope of  
this book. Secondary effects, such as linear changes in volume due to creep, tendon relaxation and 

This chapter deals with the transfer of horizontal load from the floor plate at every floor level to the 
foundations. The stability of the structure and the methods of achieving it are discussed.

Multi-storey Precast Concrete Framed Structures, Second Edition. Kim S. Elliott and Colin K. Jolly.
© 2013 Kim S. Elliott and Colin K. Jolly. Published 2013 by Blackwell Publishing Ltd.
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shrinkage, etc., are mostly (but not totally) eliminated by precasting, where factory controlled mois-
ture loss is more effective than on site. The low water content and the low water/cement ratio used 
in the predominantly horizontal components ensure that shrinkage effects are minimised. The prac-
tice in design offices is to restrict these secondary effects to individual joints between the precast 
components under consideration and not to allow them to accumulate over large areas of the 
structure.

With the exception of structural toppings, the use of large quantities of in situ concrete is confined 
to situations where shrinkage cracking and minimal creep strains can be tolerated and allowed for in 
design. In situations where that is not acceptable, non-shrinkable concrete (or grout) is used.

Wind loading is in accordance with BS EN 1991-1-4 [8.2] {BS 6399-2:1997 [8.3]}, and force coef-
ficients for rectangular-plan buildings are used for all building shapes. Although force and pressure 
coefficients are available [8.4] for non-rectangular plan forms (L, U, H shapes etc.) and unclad skeletal 
(lattices), the information is not widely used at present. An ultimate horizontal loading to BS EN 
1992-1-1, clause 5.2(5) [8.5] of 0.5 per cent, based on an inclination of θo = 1/200, of the total loading 
above each floor level ‘together with other actions’ as stated in clause 5.2(5) {BS 8110, Part 1 [8.6] of 
1.5 per cent of the permanent loading Gk above each floor level replaces the ultimate wind force where 
appropriate}. This takes into account the effects of lack of verticality in construction.

Figure 8.1  Construction of The Bourse, Leeds, UK (courtesy of Blatcon Ltd).
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Two key factors need to be satisfied in design: horizontal load transfer by diaphragm action in the 
precast concrete floor plate (Sections 8.3 and 8.4), and stability in the vertical bracing elements (Sec-
tions 8.6 to 8.7). Diaphragm action may also be divided into two distinct categories – behaviour with 
and without a structural topping. A general introduction to diaphragm action was given in Chapter 
1, Section 1.4 and the reader should be familiar with this before proceeding.

8.2  Distribution of Horizontal Load

The distribution of horizontal loading between stabilising elements is determined from the position 
and stiffness of the bracing elements in the structure. The bracing elements may be either (in order 
of descending stiffness):

	 precast components, such as walls, cores, or columns
	 masonry infill walls
	 moment-resisting frames, e.g. continuous in situ framework
	 steel cross-bracing ties or diagonal tie/struts,

or some combination of each in the same structure. The relative stiffness of each bracing element 
determines the force carried by that element, and in turn defines the horizontal deflections in the 
floor plate.

Taking, for example, shear walls or cores as being the most popular type of bracing, and assuming 
that Young’s modulus and shear modulus are constant for the materials used in the bracing, the stiff-
ness of each unit is proportional to its second moment of area (I) in the uncracked condition (at the 
serviceability limit state). Thus the larger the I-value, the greater will be the force required to cause 
horizontal displacement, and the greater will be the shear force in the floor slab adjacent to that wall 
or core. If the unit is more squat, i.e. its height-to-length ratio is small (less than about 2), shear 
deflections will govern and the response to loading will be a function of the plan cross-sectional area, 
rather than I.

Figure 8.2  Horizontal load testing of precast concrete diaphragm floors in a half-scale skeletal structure at 
University of California, San Diego’s Englekirk Engineering Centre, in February 2008 [8.1] (courtesy of  
J. Restrepo, University of California at San Diego, USA).
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Non-symmetrical walls (the vast majority) are considered for providing torsional stability, as shown 
in Figure 8.3, although the disposition of columns is usually such that the shear centre of the system 
coincides fairly closely with the centre of the external wind pressure. However, for L-shaped buildings, 
shown on plan in Figure 8.4, where the eccentricity ratios ex/X and ey/Y exceed 0.15, the torsional 
equilibrium may increase individual floor diaphragm reactions by up to 50 per cent.

Floor diaphragm forces also derive from a geometric imperfection caused by lack-of-plumb defor-
mations, determined from the angular disposition of columns and right-angled walls, as shown in 
Figure 8.5. A design method is given by Bachmann and Steinle [8.7] based on DIN 1045-1 models, 
similar to the imperfection analysis in BS EN 1992-1-1, Figure 5.1c [8.5]. A uniform inclination of 
columns, particularly pin-ended single-storey columns – but less likely in continuous columns – 
reduces as the number of columns in the plane of sway increases. According to Figure 8.5, the inclina-
tion θi/2 causing the diaphragm force Hi is given by

	 θ αi /= +0 5 1 1 200. ( ) /m h 	 (8.1)

where

αh h= ≤ ≤2 3 2 1/ /
h	  = storey height of column
m	 = number of columns contributing to the total force in the direction of imperfection

	 H N Ni i b a= +θ ( ) / 2 	 (8.2)

Figure 8.3  Definitions of floor plate and torsional stability in shear wall buildings.

Figure 8.4  Eccentricity in shear wall systems.
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and to a roof diaphragm

	 H Ni i a= θ 	 (8.3)

For example, for a two-bay structure (m = 3 columns) of h = 3.5 m storey height, subjected to ultimate 
upper and lower column loads of 2000 and 2600 kN, αh = >2 3 5 1/ . , θi = 0.816 × 1/200 = 0.0041 
radians. Hi = 0.0041 × 4600/2 = 9.4 kN per column × 3 = 28.2 kN per floor bay. This compares with 
0.5% ΣN = 0.005 × 6000 = 30 kN, and wind pressure of (say) 1 kN/m2 × 3.5 m height × 8 m bay 
width = 28 kN. Note that under large axial column loads, e.g. N = 5000 kN, Hi increases to around 
60 kN per bay and that will govern.

Any statical method may be used to determine these reactions, but a design method given by Pearce 
and Matthews [8.8] assumes that the floor plate is a rigid diaphragm and that the relative deflections 
of the bracing elements are proportional to the distance a from the centroid of stiffness to the bracing. 
It also assumes that shear deflections are small compared with flexural deflections. Even though the 
distribution of forces will vary, depending upon whether the response in a wall system is governed 
by flexure, shear or a combination of both, or if one part of the wall system reaches its elastic limit 
before another, only one parameter is used in the calculation of stiffness.

In the following analysis the walls are assumed to be parallel with each other and to the direction 
of the load. Walls inclined to the direction of the load may have their resistance resolved into Cartesian 
components. Referring to Figure 8.6, the cantilevered walls may be considered as linear springs of 
stiffness 8EI/L3, and the floor as a rigid beam. The floor plate reaction in each bracing element H1, 
H2 . . . Hn is given by the general expression:

	 H
I

I

eI a

I a
Hn

n

i

n n

i

= +








∑ ∑ 2

	 (8.4)

where

Hn	  = reaction in wall n
In and Ii	 = second moment of area in wall n and in all walls
e	  = distance from the centroid of stiffness to the centre of pressure of externally applied 

wind load
a	  = distance from the centroid of stiffness to each bracing element
H	  = total reaction = total applied load.

Note that where there are only two walls, the system is statically determinate.

Figure 8.5  Horizontal diaphragm load caused by geometric imperfection.
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If a wall is composed of cross-walls, forming I-, T-, U- or L-configurations, as shown in Figure 
8.7(a), the inertia of the composite elements is used in place of the above providing that the vertical 
joint at the intersections of the legs of the shape is capable of resisting the vertical interface shear 
force. If the walls are discrete components separated by columns (Fig. 8.7(b)), no interaction between 
the legs is considered.

In cases where 0.5 per cent of total loads {or 1.5 per cent Gk} is greater than the ultimate wind 
force, e is taken as the distance from the centroid of stiffness to the centroid of the permanent loads. 
This may be approximated from the summation of the centres of masses of the walls (external and 
internal) and floor slab at each level.

If the walls terminate at different floor levels, the structural response of the building will be differ-
ent above and below each floor level. The theory suggests that each change in the wall position will 
cause an immediate change in the response of the structure. In fact, shear forces will develop in the 
floor plate and the changes will be gradual, with the continuous walls taking a slightly larger share of 
the total force than Eq. (8.4) gives.

A similar situation occurs in buildings containing blocks of different height, as shown in Figure 
8.8(a). The reactions in the upper part of the taller block A must be transferred to the walls in the 
lower part of block A and to the walls in block B. In certain cases it is possible that the maximum 
wall reaction per floor will occur at an upper floor, possibly at the intersection of the two blocks, 

Figure 8.6  Distribution of horizontal load in statically indeterminate wall systems.
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rather than at the foundation. However the maximum wall shear and maximum overturning moment 
will always occur at the foundation.

This kind of problem is solved by dividing the elevation of the building into component rectangles, 
and using superposition to obtain the centroid of horizontal pressure above each floor level. There 
are two ways of subdividing the elevation – block by block or floor by floor. The latter is more con-
venient in the calculation of horizontal reactions, because the eccentricity e has a single value through-
out. However, when using the method of superposition the overturning moment cannot be extracted 
from the analysis because the reactions differ between the walls in the various blocks in the upper 
and lower parts of the building. It is therefore necessary to determine the reactions at every floor level 
so that they may be summed at the foundation.

A specific problem occurs where one part of the building is very tall in relation to the remainder, 
for example in Figure 8.8(b), where a one- or two-storey podium is connected to a multi-storey 
structure. At the level of the top of the podium the reactions in the walls in the tall building will 
suddenly be distributed through the floor plate as shear forces, moments and possibly torsion. It is 
better to isolate structurally the two parts of the building rather than risk possible floor plate cracking, 
as shown in Figure 8.8(c).

Torsional effects in non-symmetrical shear wall systems may be balanced by walls at right angles 
(or near-right angles) to the direction of the load, as shown in Figure 8.9. At least three walls are 
required, with at least two of the walls, called ‘balancing walls’, at right angles to the direction of the 

Figure 8.7  Distribution of horizontal load in two-dimensional wall systems. (a) Distribution in combined 
shear cores and (b) distribution in shear walls.

(a)

(b)
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Figure 8.8  Effects of different building heights. (a) Distribution of horizontal load in buildings of different height. (b) Force 
trajectories between parts of building. (c) Floor plate behaviour at narrow sections.

(a)

(b)

(c)

Figure 8.9  Shear system balanced by walls at right angles.

load. Provided there is shear continuity between the walls, any statical method may be used to deter-
mine the shear centre of the system and the reactions in the balancing walls. If the walls are not 
connected to one another, the shear centre is taken at the centroid of the main wall parallel to the 
load. If this is a distance e from the centre of pressure, then referring to Figure 8.9:

	 H H H H He y1 2 3= = − =and / 	 (8.5)

Normally y is at least 6 m. If there are more than two balancing walls, the statical method given by 
Eq. (8.4) may be used to determine the reactions in each of the balancing walls.
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Exercise 8.1  Distribution of horizontal loading

Calculate the percentage reactions to a uniform lateral load against the large face of the building for each of the 
shear walls shown in Figure 8.10. The walls are all of equal thickness and manufactured using the same concrete 
strength and proportion of reinforcement.

Solution

Step 1: Calculations for determining wall stiffnesses
I ∝ L3, because t, fck and E {t, fcu and E} are all constant.

Taking the origin for x = 0 at the left-hand side, then calculate the wall stiffnesses from:

Wall reference Relative I x Ix a x x= -- Ia Ia2

A 27.0 12 324 −24.25 −655 15 872
B 8.0 39 312 2.75 22 61
C 42.9 51 2187 14.75 633 9333

Total 77.9 2823 25 266

Shear centre distance = =2823

77 9
36 25

.
. m

Therefore e = − =57 0

2
36 25 7 75

.
. . m

Step 2: Distribution of load between walls
The fraction of the total force in each of the walls is as follows:

Wall A H H HA = + ×



 = =27

77 9

7 75 655

25266
0 547 54 7

.

.
. . %

Wall B H H HB = + ×



 = =8

77 9

7 75 22

25266
0 096 9 6

.

.
. . %

Wall C H H HC = − ×



 = =42 9

77 9

7 75 633

25266
0 357 35 7

.

.

.
. . %

Clearly the contribution of wall B is small, but it may be significant in reducing diaphragm bending moments 
and shears, as shown in Section 8.3.

Figure 8.10  Details for Exercise 8.1.
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Exercise 8.3

Repeat Exercise 8.1, but omitting Wall C, and comment on the effectiveness of this new arrangement.

Solution
Taking moments about wall A:

(39 − 12) HB = (57.0/2 − 12) H
Then HC = 0.611 H
This is a significant increase over the value 0.096 H in Exercise 8.1, particularly for such a small wall. Because the 

two-wall system is independent of the size of the wall, then the location of the wall should be consistent with 
its size, i.e. place larger walls near the centroid of the pressure.

Exercise 8.4  Distributions in buildings of different height

Calculate the horizontal forces in each of the shear walls in the y-direction for the braced structure shown in 
Figure 8.11. Block A is four storeys tall, while Block B is six storeys and contains a 3 × 3 m lift and a 3 m high 
lift-motor room. Each floor-to-floor level is 3.0 m.

Given that the design ultimate wind pressure is 0.8 kN/m2, that the total characteristic uniformly distributed 
permanent and imposed actions are equivalent to 6 kN/m2 and 5 kN/m2 plan area respectively, determine the 
maximum horizontal shear force, and the maximum average shear stress in the walls.

Exercise 8.2

Repeat Exercise 8.1, but omitting Wall B.

Solution
Taking moments about wall A:

(51 − 12) HC = (57.0/2 − 12) H
Then HC = 0.423 H, i.e. only an increase of six percentage points from Exercise 8.1.
Also HA = 0.577 H, a three percentage point increase compared with Exercise 8.1. Thus, unless there are other 

requirements for the introduction of Wall B, this could be omitted from the shear system. It is the reason that 
many shear wall structures have just one large panel wall at each end.

Figure 8.11  Details for Exercise 8.4.
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Solution

Step 1: Calculations for determining wall stiffnesses
I ∝ L3, because t, fck and E {t, fcu and E} are all constant.

Taking the origin for x = 0 at the left-hand side, calculate the wall stiffness. Using the block-by-block approach, 
and selecting the left-hand end of the building as zero datum, we have the following:

Wall reference Relative I x Ix a x x= -- Ia Ia2

A 12.80 6.000 76.80 7.57 96.92 733.9
B 4.05 24.075 97.50 10.50 42.54 446.8
C 4.05 27.000 109.35 13.43 54.38 730.2

Total 20.90 283.65 1910.9

Shear centre distance m= = =x
283 65

20 9
13 57

.

.
.

Step 2: Considering ultimate wind pressure:
Total area of face of building in y-direction = (24 × 12) + (10 × 18) + (3 × 3) = 477 m2

Design wind pressure, H = 0.8 × 477 = 381.6 kN

Centroid of wind pressure = = × + × + × =x
( ) ( ) ( . )

.
288 12 180 29 9 25 5

477
18 67 m from LHS

e = − =18 67 13 57 5 10. . .  m

Step 3: Considering eccentric load
Total floor area = (4 × 24 × 15) + (6 × 10 × 33) + (1 × 9) = 3429 m2

0.5% (Gk + Qk)

= × × + × ×0 5 1 35 6 1 5 5 3429

100

. ( . . )

< wind load

= 267.5 kN

1.5% Gk = 1.5 × 6 × 3429/100
< wind load

= 308.6 kN

The fraction of the total force, and the design shear force in each of the walls, are as follows:

Wall A H H HA = + ×



 = =12 8

20 9

5 10 96 92

1910 9
0 353 135 0

.

.

. .

.
. . kN

Wall B H H HB = + ×



 = =4 05

20 9

5 10 42 54

1910 9
0 307 117 3

.

.

. .

.
. . kN

Wall C H H HC = − ×



 = =4 05

20 9

5 10 54 38

1910 9
0 339 129 3

.

.

. .

.
. . kN

The average maximum shear stress in each wall is given by H/Lt as follows:

Wall A τ A = ×
×

=135 0 10

200 4000
0 169

3
2.

. N/mm

Wall B τB = ×
×

=117 3 10

200 3000
0 261

3
2.

. N/mm

Wall C τC = ×
×

=129 3 10

200 3000
0 287

3
2.

. N/mm , which is the maximum.
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8.3  Horizontal Diaphragm Action in Precast Concrete Floors without 
Structural Toppings

8.3.1  Background

The use of structural toppings in hollow-core flooring systems has long been a controversial issue, 
with the main emphasis of the debate centred not around the vertical strength and stiffness charac-
teristics of the floor, which are well documented, but on the horizontal behaviour of the floor acting 
as a plate or diaphragm, as shown in Figures 8.12 and 8.13.

This debate has in part resulted from a lack of conclusive evidence of the real behaviour of the 
precast floor diaphragm, and a lack of understanding of the shear transfer mechanism between two 
precast units. The joint publication in Britain by the ICE and IStructE [8.9], specified:

In general it is advisable to use structural topping on precast floors, so that the risk of cracking in the 
screed and finishes is minimised and the diaphragm action of the floor is ensured. This topping should 
include light fabric reinforcement.

There was conflicting opinion as to the need for an in situ reinforced concrete structural topping 
to provide the necessary diaphragm action in the floor plate. Floor screeds of more than about 30 m 
length require contraction joints to avoid cracking due to shrinkage. This will create occasional planes 
of weakness, where the shear must only be transferred through the precast slab. Research is looking 
at the use of steel-fibre reinforced concrete for use in thinner (30 mm maximum) and larger-area 
screeds. Staggered joints may be used in wider buildings, but these joints could be a crucial factor in 
certain situations. Structural toppings are known to be costly and time-consuming, and to counter 
the advantages inherent in a precast solution. However, their continued use has been based on the 
lack of understanding of an adequate shear transfer mechanism between adjacent hollow-core floor 
units, which are joined together on site by placing reinforced concrete infill at the ends of the precast 
units and in situ grout or small-aggregate concrete between them.

The precast industry was faced with having to justify the use of a wholly precast hollow-core floor 
diaphragm, but with no evidence of its actual behaviour. To add further confusion to the matter the 
Institutions’ Manual was later revised to state that structural toppings were not necessary. In the 

Figure 8.12  Horizontal load transfer in hollow-core floor slab.
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meantime, however, considerable resistance to the use of an unscreeded precast floor was encountered 
by the precast industry. A library computer search carried out found fewer than six directly related 
publications (e.g. [8.10, 8.11]) and, prior to 1988, the only attempt to study the behaviour of a com-
plete floor diaphragm using this type of proprietary unit was by Stroband and Kolpa (at 1/5 scale) 
[8.12], Sarja [8.13] and Svensson et al. [8.14]. Since then Stroband [8.15] has carried out some finite 
element work and Menengotto [8.16, 8.17] has done some experimental studies on undulating edge 
profiles, to try to clarify how the precast diaphragm actually works.

Diaphragm action is not considered without a structural topping in floors comprising precast 
double-tee slabs where the maximum depth of flange is 50 to 75 mm. Although double-tee slabs are 
intermittently welded together longitudinally and at their ends to beams (see Section 5.3.2), which 
would provide the necessary shear and tensile forces in the plate, diaphragm action is not considered 
in large floors because of the inability to generate the compression or maintain a uniform centroidal 
axis across contiguous floor panels. Secondly, it would not be wise to rely entirely on short welded 
connections for structural integrity.

Similarly, diaphragm action is not considered in unscreeded precast beam-and-block flooring for 
the obvious requirement of achieving shear transfer through the infill blocks. Diaphragm action is 
considered as being fully effective in the precast composite plank types of floor (Figure 5.1(d) and 
(e)), with no additional measures being taken other than to check the shear strength of the diaphragm 
at the critical positions, e.g. close to large voids, or narrow floor widths.

8.3.2  Details

The most important feature for ensuring horizontal diaphragm action in a hollow-core floor slab is 
the edge profile, shown in Figure 5.11. The edge is not made deliberately rough, but the drag of the 
casting machine on the semi-dry mix creates a surface roughness vital to diaphragm action. These 
units have edge profiles that permit the placement of in situ concrete in the longitudinal joints between 
adjacent units. Although different grades of in situ concrete are used in practice, the lowest strength 
is usually C20/25 (see Table 4.3). Despite a slight roughening of the edges during the manufacturing 
process, these joints may be considered plain (i.e. uncastellated) and unreinforced.

Figure 8.13  Multi-bay hollow-core floor prepared for in situ concrete ring beams to complete the diaphragm 
(courtesy of Reinforced Concrete Council).
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It is also essential that the width of the gap between the units is large enough to permit the place-
ment of properly compacted in situ concrete (or a sand/cement grout). Manufacturers have responded 
to this requirement in the last ten years by increasing the size of the former at the top edges of the 
units from about 10 to 20 mm (see Figure 5.11). This improved profile is also beneficial in the lateral 
distribution of vertical shear forces, moments and deflections. The integrity of the floor system in the 
vertical plane ensures the success of the floor acting as a horizontal diaphragm.

Thus the precast floor unit has large in-plane stiffness, and the flexural deformations between the 
discrete precast slabs are small. The design of a diaphragm is therefore essentially a joint design 
problem, as illustrated in Figure 8.14. The essential features in the construction of a typical hollow-
core floor are:

	 The precast units should be placed side by side such that there is no ‘appreciable’ gap between the 
units to allow shear-tension failure in the unreinforced in situ concrete. The size of this gap is not 
consistent, but its existence is thought to alter the shear failure mechanism by allowing diagonal 
tension to develop across gaps of more than 60 mm [8.18].

Figure 8.14  Shear transfer in longitudinal joints between hollow-core slabs.
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Figure 8.15  Peripheral tie steel is also used to ensure diaphragm action.

	 Lateral tie steel, in the form of a continuous piece of 7-wire helical prestressing strand, or lapped 
high-tensile deformed bar, is placed into a narrow (typically 50–80 mm wide) in situ concrete strip 
between the ends of the flooring units and supporting beams. This reinforcement, shown in Figure 
8.15, which is actually provided for stability purposes, provides the necessary tie forces required to 
prevent the precast slabs from moving apart sideways.

	 L- or U-shaped shear friction bars are placed into in situ concreted slots formed in the broken-out 
cores (sometimes referred to as ‘milled slots’) of the hollow-core units, or placed into the longitu-
dinal joints between the units. These bars also prevent longitudinal shrinkage movement, particu-
larly if the precast slabs have been delivered to site at an early age, say three days. Shrinkage 
movements of 2–3 mm per 10 m-long slab has been seen where the slabs were seated, but not tied 
to the supporting member.

8.3.3  Structural models for diaphragm action

Horizontal loads due to wind (or earthquakes) are transmitted to shear walls or moment-resisting 
frames by considering the roof or floor, comprising individual precast concrete units, as a deep hori-
zontal beam, truss or girder (see Figure 8.16). The structural walls or frames are supports for this 
analogous beam and the lateral loads are transmitted to these supports as reactions Hn in Eq. (8.4) 
and/or (8.5). The magnitude of the shear force at the wall may therefore be determined. The effective 
depth of the diaphragm is equal to the depth of the floor slab, and the parts of beams that are below 
the floor plate are ignored.

Various structural models have been proposed for the shear transfer mechanism, but the most 
critical situation is where the floors span parallel with the supporting shear walls. The web shear must 
also be transferred to the chord elements, i.e. the reinforced concrete edge or spine beams spanning 
perpendicular to the floor units. This is commonly known as horizontal ‘Vierendeel girder action’, in 
which the Vierendeel frame components are simulated by in situ concrete strips peripheral to the 
precast slab units. In longer floors, where the length-to-breadth ratio L/B is greater than about 5 or 
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Figure 8.16  Structural models for floor diaphragm action.

6, the structural mechanism is probably closer to a deep beam than a Vierendeel girder. However, the 
problem is always one of shear transfer in the joints, irrespective of the assumed model.

Equilibrating shear parallel with the supporting beam is determined using any statical method. In 
multi-bay floors, where the slabs are spanning parallel to the direction of the applied load, as in Figure 
8.17(a), the shear Vh at interior support between span L1 and L2 is given by:

	 V
VS

I

V B L L

B
h = = −6

3

( )1 1 	 (8.6)

for L1 and L3, where S and I are the first and second moments of the area above the interface.
Where the slabs are spanning perpendicular to the direction of the applied load, Figure 8.17(b), 

the maximum transverse shear between the slabs Vh occurs at the neutral axis and is given by:

	 V
VS

I
Vh = = 1 5. 	 (8.7)

The shear force Vh is carried by dowel action using shear friction reinforcement, often called ‘cou-
pling bars’, as indicated in Figure 8.18 [8.19]. The purpose of these bars is to transfer shear, caused 
by small, lateral, rigid-body translations in the slab, into the chord elements. A tie force is thus gener-
ated in the reinforcement in the beam and/or in situ perimeter strip. It is becoming increasingly 
popular to reinforce the in situ perimeter strip using 7-wire helical prestressing strand. The favourable 
mechanical properties of this type of strand and long lengths available on site make it an attractive 
alternative to high-tensile bar.

The ties prevent the slabs from moving apart and simultaneously generate the clamping forces  
that create the friction so essential to diaphragm action. In this manner, all the requirements specified 
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in BS EN 1992-1-1, clauses 10.9.3(12) and 10.9.7 [8.5] and BS 8110, Part 1, clause 5.3.7(a) [8.6] are 
satisfied thus:

. . . the diaphragm should form part of a realistic structural model . . . transverse reinforcement for 
shear transfer across connections may be concentrated along supports, forming ties consistent with the 
structural model . . . for smooth and rough surfaces (BS EN 1992-1-1), and . . . these should be 
restrained to prevent their moving apart. No reinforcement need be provided in or across the joint, and 
the sides of the units forming the joint may have a normal finish . . . (BS 8110).

Figure 8.17  Shear forces along internal beams in floor diaphragm. (a) Slabs spanning parallel to wind 
loading and (b) slabs spanning perpendicular to wind loading.

(a)

(b)
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An ultimate interface shear stress of 0.15 N/mm2 {0.23 N/mm2} is therefore used in design. The 
design clauses in the codes are based on work carried out by Mast [8.20]. In computing the magnitude 
of the interface shear stress τ = V/BD, the depth of the unit can only be taken to the depth of the in 
situ–precast interface, i.e. D − 30 mm in most types of hollow-core slab. The reason for this derives 
from observations made of the compaction of the concrete in the joint. It is observed that grout loss 
occurs in the bottom of the joint and that the lower 10 to 15 mm is not grouted. Also, the lip at the 
bottom of the units prevents full penetration. The value also recognises that differential camber will 
be present, further reducing the net contact depth.

The interfaces between the hollow-core units and the in situ joint concrete are most likely to be the 
planes of cracking. Cracks occur owing to the shrinkage of the in situ concrete, or by the restraint in 
the precast floor system. In practice, cracks up to 1 mm wide have been found, shown in Figure 8.19, 
and it is assumed that in the majority of practical cases cracks exist in the joints between precast floor 
units. This is obviously detrimental to the shear transfer behaviour of the floor slab and as such the 
shear must be transferred in cracked concrete. In this case the shear resistance is a combination of 
[8.21–8.23]:

	 aggregate interlock in cracked concrete, by wedging action and shear friction
	 dowel action through bar kinking and shear capacity
	 axial restraint stiffness provided by reinforcement perpendicular to the cracks, as shown in Figures 

8.15 and 8.20.

If the shear force V and the shear slip δ in Figure 8.20 are plotted out, the relationship would be 
something like the graph in Figure 8.21(a). The gradient of the V-δ curve gives the stiffness Ks. Simi-
larly, as the shear force is applied to the cracked interface, the two halves of the specimen would begin 
to move apart a distance given by cw (as this is in fact a crack width). The relationship between δ and 
cw is shown in Figure 8.21(b).

Shear strength and stiffness are provided by aggregate interlock, and the structural integrity by 
dowel action of the reinforcing bars crossing the cracked interface. Aggregate interlock may be sepa-
rated into two distinct phases – namely ‘shear wedging’, where the inclined surfaces either side of the 
crack are in contact, and shear friction, where the contact surfaces are being held in contact by the 

Figure 8.18  Tie bars cast into floor slots act as complementary shear friction reinforcement at the ends of 
the slabs [8.19].
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normal stress. Shear wedging provides a very high resistance, but cannot be relied upon for very long 
if the interface cracks are wide.

As the crack width increases, tensile forces T are mobilised in the reinforcing bars, as shown in 
Figure 8.21(c). To understand this, a simple analogy is to slide one’s knuckles of the hand over each 
other with an elastic band stretched around the fists. As the knuckles slide, the elastic band tightens 
and the resistance to movement increases. This is the shear mechanism that is active in a hollow-core 
floor diaphragm.

Figure 8.19  Shrinkage cracks in the in situ mortar-filled longitudinal joint between prestressed hollow-core 
floor units. Crack width varied from 0.35 to 1.15 mm wide, on average about 0.5 mm.

50 mm 

Figure 8.20  Shear transfer mechanisms of aggregate interlock and dowel action between discrete precast 
units.
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Cholewicki has developed a mathematical model to predict the strength and stiffness of the longi-
tudinal joint between hollow-core units, based on shear friction and dowel action hypotheses [8.24]. 
Given this tool and a set of geometric and material properties, it is possible to predict shear behaviour 
by calculating the stiffness Ks and the strength V.

The floor plate is also subjected to horizontal bending where, as shown in Figure 8.15, internal 
equilibrium is maintained by tension and compression chords. The tie force T = Mh/z, where Mh is 
the applied diaphragm moment and z the lever arm. z depends on the aspect ratio for the floor, and 
on the magnitude of the bending moment. Maximum values for z/B at the points of maximum 
bending are as follows [8.25]: for B/L < 0.5, z/B = 0.9 and for 0.5 < B/L < 1.0, z/B = 0.8.

Walraven [8.26] proposes a constant value for z/B = 0.8. BS EN 1992-1-1 does not restrict consid-
eration of the floor plate as a normal rectangular bending section.

Figure 8.21  Idealised relationships in longitudinal slab joint. (a) Shear force versus shear slip, (b) shear force 
versus crack width; (c) shear force versus transverse tie force.

(a)

(b)

(c)
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Where the aspect ratio B/L > 1, the behaviour will be closer to the strut-and-tied arch model than 
either the deep beam or truss models. The tie force is then given by:

	 T
V

B LI
= 0 5.

/
	 (8.8)

as a diagonal compressive strut develops across the floor.

8.3.4  Diaphragm reinforcement

The maximum horizontal bending moment Mh is calculated from the equilibrium of external wind 
pressures and the reactions from the shear walls, obtained from Eq. (8.4). Referring to Figure 8.15 
and given that the breadth of the diaphragm is B, the diaphragm reinforcement Ahd1 to be positioned 
in the chord elements over the tops of the beams at the ends of the floor slab is determined with 
reference to Figure 8.15 from the following expression:
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z f
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× 0 87.
where z is the lever arm of the slab as a 

normal rectangular bending section, with a 
minimum value of 0.76B.
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where d is the depth of the precast floor slab = D − 30 mm, and ′fcu  is the strength of the in situ grout 
(or concrete) in the longitudinal gaps between the floor units. The 30 mm subtraction is applicable 
to hollow-core and other types of floor unit that have a lip at the bottom edge, which prevents the 
infill grout from penetrating the full depth of the floor slab. It also allows something for the differential 
camber often seen between adjacent prestressed units.

It is necessary to collect the floor diaphragm tie steel Ahd1 in the chord elements. This may be 
achieved as follows:

	 By utilising the reinforcement already provided in the chord elements, such as edge beams, and by 
providing a positive non-slip tie between the beams. This tie may be continuous through the 
column, as shown in Figure 7.68(a) for the billet connector, or may be provided as shown in Figure 
7.68(b) by using steel dowels in shear.

	 By placing tie steel additional to the steel provided in the chord members. (This steel may also be 
used as part of the stability tie steel determined in Section 9.4.) Some designers prefer to pass the 
reinforcement through small holes in the column. Alternatively if the beam is wider than the 
column, the bars are placed symmetrically on either side of the column.

Diaphragm reinforcement may be curtailed according to the usual rules governing lap lengths and 
anchorage. In many cases the point of maximum shear will coincide with minimum bending and 
therefore the full length of the slab B may be used in computing the average value for τ. However, 
where the maximum moment and shear coincide, the breadth of the diaphragm is reduced to z to 
allow for the decay in shear stress in the compression zone. Thus with Nmm units:
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τ =
−
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If τ exceeds this value, the shear force must be resisted by shear reinforcement placed across the 
ends of the slabs, as explained above. The steel area Ahd2 is given in BS EN 1991-1-1, clause 6.2.3(3) 
[8.5] or BS 8110, Part 1, clause 5.3.7.(d) [8.6] as follows:

where tan(af) is the coefficient of friction, as given in BS EN 1992-1-1, clause 6.2.5(2) [8.5] {Table 5.3 
of BS 8110 [8.6]}. Hollow-core slabs are considered as being untreated and smooth, and tan(af) = 
0.6 {= 0.7}. Thus:

Thus the total steel Ahd = Ahd1 + Ahd2 may be determined. The minimum tie steel Ahdmin (mm2) is pro-
vided as a perimeter tie and given as follows:

Exercise 8.5  Diaphragm reinforcement in f﻿loor slab

If the ultimate horizontal wind pressure acting on the floor slab used in Exercise 8.1 is 4 kN/m, calculate the 
maximum horizontal bending moment and shear force, and determine the floor diaphragm reinforcement. Check 
that the interface shear stress is no greater than the design value given in BS EN 1992-1-1 {BS 8110}. The overall 
depth of the precast floor slab is 150 mm. Choose a suitable position to curtail the chord reinforcement.

Use grade C20/25 concrete for the in situ infill, and fyk {fy} = 500 N/mm2.
Assume five-storey height edge columns are 300 mm square and cover is 35 mm.

Solution

Step 1: At the point of maximum moment
Total wind force = 4 × 57 = 228 kN.

Wall reactions from Exercise 8.1 enable the horizontal shear force and bending moment diagrams to be drawn, 
as shown in Figure 8.22.

At point A in Figure 8.22, where the moment is maximum and the shear is zero:

d = 6000 − 300 − 35 = 5665 mm

k = ×
× ×

=449 4 10

150 5665 20
0 00467

3

2

.
.

Flexural lever arm

z = + − ×5665 0 5 0 025 0 88235 0 00467( . . . . )

F
M

z
s = =max 449 4

5 641

.

.

Ahd1 = ×
×

79 7 10

0 87 500

3.

.

= 5.641 m

= 79.7 kN

= 184 mm2

Flexural steel lever arm z = 0.8 × 6.0

F
M

z
s = =max 449 4

4 8

.

.

Ahd1 = ×
×

93 62 10

0 87 500

3.

.

= 4.8 m

= 93.62 kN

= 216 mm2

Use three H12 rebars continuous reinforcement.
Check compression in the in situ concrete, where the depth of the floor slab = D − 30 mm
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Fc = 0.85/1.5 fck d 0.4B
= 0.85/1.5 × 20 × (150 − 30) 

× 0.4 × 5665 × 10−3

> 96.04 kN required, OK.
= 3081 kN

Fc = 0.45 fcu d 0.4B
= 0.45 × 25 × (150 − 30) × 0.4 × 6000 × 10−3

> 96.04 kN required, OK.

= 3240 kN

Step 2: With maximum shear combined with moment
At point B:

F
M

z
s = =max 288

5 641.

Ahd1 = ×
×

51 1 10

0 87 500

3.

.

= 51.1 kN

= 118 mm2

F
M

z
s = =max 288

4 8.

Ahd1 = ×
×

60 0 10

0 87 500

3.

.

= 60.0 kN

= 138 mm2

Check compression in the in situ concrete, where the effective depth of the floor slab

t = D − 30 mm and
z = 5641 mm.
Fc = 0.85/1.5 fcu d 0.4B
= 0.85/1.5 × 20 × (150 − 30) 

× 0.4 × 5641 × 10−3

= 3069 kN > 60.0 kN required, OK.
Shear stress at B:

νave = ×
×

=76 8 10

120 5641
0 113

3
2.

.  N/mm

< 0.15 N/mm2 permissible

t = D − 30 mm and
z = 4800 mm.
Fc = 0.45 fcu d 0.4B
= 0.45 × 25 × (150 − 30) × 0.4 × 4800 × 10−3

= 2592 kN > 60.0 kN required, OK.
Shear stress at B:

νave = ×
×

=76 8 10

120 4800
0 134

3
2.

.  N/mm

< 0.23 N/mm2 permissible

Hence Ahd2 = 0
Use two H12 bars.

Step 3: Chord reinforcement:

Ahdmin = =40000

500
80 2mm

Use one H12 bar (113 mm2) minimum.
Hence steel may be curtailed when M = 0.87 × 113 × 500 × 4800 × 10−6 = 236 kNm. The position may be 

obtained from the bending moment diagram, at 10.86 and 43.85 m, say 10.4 and 44.3 m with anchorage bond 
lengths. (It is quite likely that the designer would choose to continue the three bars along the full length of the 
building, to avoid confusion and the possibility of misplacing the reinforcement.)

Figure 8.22  Details for Exercise 8.5.
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8.3.5  Design by testing

There has been extensive experimental work describing the shear transfer mechanism in cracked 
reinforced concrete, and the formulation of some basic relationships between the dominant material 
and geometrical effects that are based mainly on experiments using small specimens [8.27, 8.28]. 
However, there is a lack of experimental data on the monotonic and/or cyclic behaviour of large-scale 
units, and on the correlation between the small-scale testing and the full-sized diaphragm.

Tests carried out by Omar, Elliott and Davies [8.29–8.31] on full-scale, 200 mm-deep hollow- 
core units, shown in Figure 8.23, found that the attainable horizontal shear stress in the floor slab 
exceeded the permissible design stress for unreinforced, uncastellated joints. The laboratory tests were 
carried out in a ‘realistic environment’ regarding materials specification, geometry and on-site 
practice.

The results have shown interface shear stresses are in excess of the working load by a factor  
of at least 2.15, despite the presence of initial cracks in the interface of up to 0.55 mm wide. The 
working load is calculated by multiplying the working stress by the net contact area in the longitudinal 
joint. The working stress is defined as the ultimate shear stress of 0.15 N/mm2 divided by γ f of 
1.5 {0.23 N/mm2 divided by γf of 1.4} for wind loading. Clamping forces normal to the precast units 
resulted in coefficients for the ratio between shear wedging and shear friction T/V of at least 5.

Figure 8.23  Experimental set up by Omar. (The precast floor slabs were manufactured by Bison Floors Ltd, 
UK.)
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It is also known that the behaviour of the interface depends on the roughness of the sides of the 
precast units. Physical measurements have been made on factory-produced units to quantify this 
parameter [8.32]. The surface roughness is measured using an instrument placed onto the sides of 
slipformed units to measure roughness along a sampling length of 100 mm, as shown by the plot in 
Figure 8.24. The roughness factor Ra is determined in accordance with BS 1134 [8.33] as the arith-
metical mean deviation of the edge profile (in mm), which is the average value of departure of the 
profile above and below the mean centre line throughout the sampling length. Values for Ra in typical 
hollow-core production are between 0.2 mm and 0.3 mm.

Tests were carried out on slabs selected with different surface textures, in a manner similar to that 
shown in Figure 8.23. The specimens were grouted together in the longitudinal joint, using in situ 
concrete of 27 N/mm2 cube strength with 10 mm aggregate. The behaviour was linear up to about ⅔ 
of the ultimate load. The crack width at the ultimate shear load increased with increasing roughness 
factor. This indicates that the interlocking mechanism is dependent on the texture of the adjacent 
surfaces. The peaks and valleys interlock the opposite surfaces until a critical crack width is reached, 
usually at about 2.5 mm, after which a shear friction failure occurs. The resulting shear stress τua 
(N/mm2) may be expressed in terms of the roughness factor Ra (mm) as follows:

	 τua aR= +0 0 0. .22 2 7 	 (8.15)

The results in Figure 8.25 show that for a smooth concrete surface with a roughness factor of zero, 
the extrapolated shear stress is 0.22 N/mm2, i.e. just less than the BS EN 1992-1-1 [8.5] value of 
0.15 N/mm2 with an appropriate load factor of 1.5, and the BS 8110 [8.6] design value of 0.23 N/mm2.

Designers also assume that the floor plate undergoes negligible shear deflection, i.e. the longitudinal 
shear stiffness is very large. In reality it is in the order of Ks = 500 kN/mm to 1000 kN/mm for 4 m 
long × 200 mm deep slabs [8.30]. Based on this experimental evidence, the maximum horizontal shear 
deflection between these slabs at a design working shear stress of up to 0.23/1.4 = 0.16 N/mm2 would 
be approximately 0.02 mm. If this deflection was summed over a building length L (m), a total shear 
deflection at the midpoint would be 0.05L (mm).

A further deleterious factor is that shear deflections of this nature are not recoverable. Figure 8.26(a) 
(from [8.30]) shows residual shear deformations of between 0.1 and 0.2 mm, equivalent to a shear 
strain of about 50 με after several completed ultimate load cycles. However, when cycled at the 
working load the residual shear strain is less than 30 με (Figure 8.26(b)). Dislocations and abrasion 
across the tops of the asperities in cracked concrete are responsible for these permanent deformations. 
The resulting degradation in stiffness is about 50 per cent of the initial monotonic value.

Figure 8.24  Tracing of surface roughness in the sides of proprietary hollow-core floor units.
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Figure 8.26  Results of cyclic load tests by Omar at Nottingham University. (a) Tested to ultimate load 
magnitude and (b) tested to working load magnitude. (Conversion factor: 200 kN force = 0.36 N/mm2 stress.)

(a)

(b)

Figure 8.25  Effect of surface roughness and final crack width on interface shear stress capacity between 
hollow-core units.
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Actual stresses at the interfaces between slabs and walls depend on the geometry of the building 
and the number of walls, but typical ultimate values (in the region of 0.05 N/mm2 to 0.15 N/mm2) 
are lower than the permissible design ultimate stresses. A rigorous analysis on the hollow-core floor 
diaphragm at the building known as ‘The Ark’ (at Hammersmith, London) determined maximum 
serviceability values of about 0.13 N/mm2 in the longitudinal joints [8.34]. Figure 8.27 shows this 
form of construction.

Sarja [8.13] tested a large floor slab, shown in Figure 8.28, consisting of five 1.2 m wide × 265 mm 
deep hollow-core slabs. The slabs were tied together using an in situ ring beam containing either 
two 10 mm or two 16 mm-diameter rebars. The average strengths of the materials were fcu = 21 to 
24 N/mm2 for the added concrete, and fy = 420 and 475 N/mm2 for the 10 mm and 16 mm bars, 
respectively. The stress distribution along the longitudinal joint in these tests is plotted in Figure 8.29.

Figure 8.27  Hollow-core floor slabs used in The Ark, Hammersmith, London (courtesy of Bison Floors).

Figure 8.28  Test arrangement by Sarja [8.13].
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Shear tests were also carried out on pairs of slabs equal in size to the above. The tie steel in the 
ends of the slab was two 16 mm bars in one end and one 8 mm bar in the other end. No details are 
given in the report as to the effect of these differences.

The slabs were loaded in three-point bending over a span of 5.7 m (Tests 1 to 6) and pure shear (Tests 
7 and 8). The resulting average shear stress and bending moment at failure are given in Table 8.1.

The results show that where the tie steel is two 10 mm-diameter bars, and the tensile strength of 
these bars is only 64.4 kN, the lowest recorded shear stress is 0.18 N/mm2. Wahid Omar [8.30] found 
that the tensile tie capacity of the steel should be at least 115 kN in order to generate shear stresses of 
0.25 N/mm2 or greater. Sarja’s results confirm this; when the tie steel force in tests 5 and 6 was at least 
175 kN, the failure shear stress was 0.32 N/mm2. The results for the pure shear tests are clearly greater 
than in the case of combined bending and shear.

8.3.6  Finite element analysis of the f﻿loor plate

Several attempts have been made by researchers to predict the behaviour of precast diaphragms 
composed of discrete elements. Early attempts to simulate behaviour were hampered by the large 

Figure 8.29  Stress distributions in longitudinal joint between hollow-core floor slabs [8.13].

Table 8.1  Test Results on Hollow-Core Floor Diaphragm in Bending and/or Shear [8.13]

Tie steel bars Shear force
Average  
shear stress

Bending 
moment

Test reference Loading regime (no. × mm) (kN) (N/mm2) (kNm)

1
2
3
4

3 point bending 2 × 10 140
180
160
140

0.18
0.23
0.20
0.18

400
513
456
400

5
6

3 point bending 2 × 16 247
287

0.32
0.37

705
819

7
8

Pure shear 1 × 8 406
382

0.52
0.49

–
–
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Figure 8.30  Finite element models used by de Roo & Straman [8.35].

number of variables to be studied, and the results resembled no more than the displacements between 
solid rectangular blocks connected by springs. The introduction of finite elements into structural 
analysis in the late 1970s enabled the modelling of both the precast concrete units and the interface 
between them.

The pioneering work by Sarja in 1978 [8.13] showed the early potential for these techniques, but 
unfortunately the input data relied heavily on known values, somewhat defeating the objective of the 
work. The numerical work modelled the experimental test slab shown in Figure 8.28. The most inter-
esting result from this work was the variation of the interface shear stresses in one of the longitudinal 
joints. Figure 8.29 shows these distributions for three-point bending tests. The greatest values are close 
to the application point of the load. It is clear that these large stresses are due to compressive strut 
action and some arching stresses are being interpreted as shear. The reduction in shear to zero at ⅔ 
of the way across the slab suggests the presence of flexural cracking, although quite why the shear 
stress distribution increases again is unclear.

De Roo and Straman at Delft University of Technology [8.35] used the finite element package 
DIANA to simulate all the precast units, the longitudinal mortar joints and the transverse tie beams. 
Using non-linear interface slip surfaces to replicate the longitudinal shear-slip characteristics  
measured in tests, the relationship between the applied bending moment and the horizontal deflection 
of the diaphragm is shown in Figure 8.30. The deflection at the working load was about 1 mm, and 
the span-to-deflection ratio at failure was 1/4000. The results have shown that the floor diaphragm 
failed owing to yielding of the ties in the edge beam with a factor of safety of 3.13 with respect to  
the design strength. The compressive stresses were formed in a triangular distribution and con
centrated across 2.5 m of the floor, giving a lever arm factor of z/B = 0.97. This suggests that the 
BS 8110 proposed design lever arm factor of 0.8 is very conservative and hence why it is not used in 
Eurocode designs.

The maximum compressive stress obtained in the modelling was 3.6 N/mm2, and the maximum 
shear stress in the longitudinal joint was 0.4 N/mm2. The final deformation pattern is shown in 
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Figure 8.31, where the critical longitudinal joint is not at the support but at the second interface 
between the slabs.

8.4  Diaphragm Action in Composite Floors with Structural Toppings

Composite floor systems are designed on the basis that the precast flooring units provide restraint 
against lateral (in this case vertical) buckling in the relatively thin topping. In other words, the precast 
floor is acting as permanent shuttering. The shear is carried entirely by the reinforced in situ concrete 
topping (the welded connections between double-tee units are ignored: see Figure 1.34). The minimum 
thickness of structural topping is 40 mm. The design ultimate shear stress is taken as at least 0.45 N/
mm2, for grade C25/30 concrete (0 0 2 3. /28fck  from clause 6.2.5(2) [8.5]) {BS 8110, Part 1, Table 3.9 
[8.6]}, and the effective depth of the topping is measured at the crown (thinnest part) of the pre-
stressed flooring unit.

Continuity of reinforcement in structural toppings is always extended to the shear walls or cores 
and it is safe to assume that the shear capacity of in situ diaphragms will not be the governing factor 
in the framing layout. Designers are careful not to allow large voids near external shear walls, and to 
ensure that if an external wall adjacent to a prominent staircase is used, then a sufficient length of 
floor plate is in physical contact with the wall.

Figure 8.31  Floor diaphragm deformations [8.35].

Exercise 8.6

Calculate the horizontal shear force capacity in the y-direction in the screeded double-tee floor slab shown in 
Figure 8.32, if the maximum thickness of topping is 75 mm. The precamber in the precast unit may be taken as 
span/400. Use grade C20/25 concrete.

Solution
The maximum shear force occurs at a point of zero bending at the interface of the floor slab and shear wall. 
Maximum thickness of topping = 75 mm.
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As as % age of Ac from clause 9.2.1.1
is the maximum of 0.13 or 

0 26

100

0 3 20

500

2 3. . /

× ×

Area of mesh = 0.13% × 75 × 1000

= 0.13

= 97.5 mm2/m

Area of mesh = 0.15% × 75 × 1000 = 112.5 mm2/m

Use A142 mesh.
Minimum depth of topping = 75 − (9000/400) = 52.5 mm
Minimum slab-to-slab contact length = 9 m
Effective area of topping = 9000 × 52.5 = 472 × 103 mm2

Shear stress is maximum of
0.12 × 2 × (0.13 × 20)1/3 or
0.035 × 23/2 × 201/2

Shear resistance = 0.443 × 472
= 0.443
= 209 kN

Average shear stress for grade 25 concrete 
containing 0.15% 
reinforcement = 0.45 N/mm2.

Shear force = 0.45 × 472 = 213 kN

Figure 8.32  Details for Exercise 8.6.

8.5  Horizontal Forces due to Volumetric Changes in Precast Concrete

The effect of shrinkage and temperature changes during the period of cement hydration time is less 
significant in precast concrete than in cast-in situ work. Early-age deformations are unrestrained and 
therefore of little importance. In addition, precast connections are often designed such that volumetric 
changes do not generate large internal forces in the structure. This is achieved by assuming that once 
frictional forces are exceeded, the components are allowed only a very small free movement between 
one another before the in situ reinforced concrete strips accommodate the tensile forces. Skeletal 
structures are also sufficiently flexible to accommodate such movements.

In calculating volumetric changes in precast concrete, the two major obstacles in using standardised 
data intended for in situ concrete production are:

	 the volume-to-surface area of many precast components is lower than normal, for example in 
double-tee units, where the exposed surface area is large

	 water content in many precast components is low, e.g. in prestressed components such as hollow-
core slabs.

Hence measured values tend to be used in place of general data. The following table gives specific 
information on shrinkage, temperature and elastic shortening obtained from the PCI Manual [8.36]. 
The axial strain induced from volumetric changes in a range of common precast concrete components 
is given in Table 8.2.
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The data include elastic shortening strains in prestressed concrete, which equate to about 0.00035 
(350 με). Data collected by Bensalem [8.37] on the lateral (i.e. side-to-side) shrinkage in extruded 
hollow-core slabs found that two-day-old units shrank 0.2 mm per 600 mm width after several  
months’ exposure to moderate climatic conditions in the UK. The shrinkage strain is therefore 
εsh = 0.00033.

Horizontal forces and column bending moments due to drying shrinkage or temperature move-
ment are shown in Figure 8.33. The deformation is given by:

	 ∆ = +( )ε αsh t L 	 (8.16)

where

α	 = 8 × 10−6 per °C for concrete made with flint or quartzite aggregate,
α	 = 10 × 10−6 per °C for concrete made with granite or basalt aggregate,

Table 8.2  Approximate axial volume changes for unrestrained precast 
concrete elements

Volume-to-surface 
ratio (mm) Axial strain Typical components

25
37
50
75

100
125

0.00062
0.00067
0.00069
0.00086
0.00086
0.00089

300 deep double-tee slabs
700 deep double-tee slabs
150 deep hollow-core slabs
250 deep hollow-core slabs
Narrow beams or columns (300 wide)
Wide beams or columns (600 wide)

Figure 8.33  Horizontal forces and column bending moments due to drying shrinkage or temperature 
movement.
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h

Column ECIC h
h

∆



Designing for Horizontal Load  579

In a multi-storey structure the force is greatest at the first-floor level, because the foundation does 
not move. The maximum axial force in the beams (elastic analysis) is given by:

	 F
E I

h
c c

1 = 5 25
3

. ∆
	 (8.18)

	 F F F F2 1 3 1= − =3 857 1 607. .and 	 (8.19)

where Ec, Ic and h refer to the column.
The maximum bending moment is:

	 M F h= 2 357. 1 	 (8.20)

In the common situation when the ground floor is 1.2 times as high as the other floors, the coef-
ficients for F1, F2, F3, and M in Eq. (8.18 to 8.20) are 3.367, −2.832, 1.201, and 1.654, respectively. In 
multi-bay construction the forces accumulate in each successive bay. The connections must be 
designed to alleviate the forces to prevent tensile cracking in the connection and flexural cracking in 
the column.

If the concrete maturity is tm days when 
components are assembled, the 
autogenous shrinkage

εca
t

cke fm= −( ) × − ×− −1 2 5 10 100 2 6. . ( )

and drying shrinkage using opc

ε εcd t h cd
t t

t t h
k( )

( )

( . )
= −

− +
× ×0

0 0

0
0 04 2

εcd
fe ck

0 = ×− + −761 100 012 8 6( ( )).

where, for an exposed perimeter u and 
drying depth h0 = 2 Ac/u

Kh is interpolated from

Shrinkage strains εsh are modified according 
to the volume of reinforcement in the 
cross section ρ = As/Ac, and exposure 
parameter K as follows:

′ =ε ε
ρsh
sh

K
where K = 25 for indoor and 15 for outdoor 

exposure.

(8.17)

h0 Kh

100
200
300

>500

1.0
0.85
0.75
0.7

′ = +ε ε εsh ca cd (8.17)

α	 = 12 × 10−6 per °C for concrete made with limestone aggregate.
t	  = temperature range.

The shrinkage strain εsh may be taken either from BS EN 1992-1-1, clause 3.1.4(6) and Annex B 
[8.5], or from BS 8110, Part 2, Figure 7.2 [8.38], with appropriate modification factors for low water 
content mixes (because these data are for water contents of 190 l/m3).
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Exercise 8.7  Shrinkage and temperature-induced moments

Determine the six-month drying shrinkage and temperature-induced horizontal deflections in the three-storey 
unbraced structure shown in Figure 8.34, and calculate the resulting axial forces in the rc beams and the bending 
moment at the foundation at column A. The floor slabs are simply supported on the beams and may be considered 
as being unconnected.

Use a temperature range of 20°C since the frame installation, and indoor exposure conditions. The age at 
loading is 28 days. Use grade C30/37 flint aggregate concrete with 190 l/m3 water content.

Solution

Step 1: Beam properties
A = 180 000 mm2. The exposed perimeter, u = 1500 mm. Drying depth of beam ho = 180 000/1500 = 240 mm.
Steel ratio = 4 × 491/180 000 = 1.091 %.

εca e= −( ) × − ×− −1 2 5 30 10 100 2 28 6. . ( )

Kh = 0.81
εcd0 = 761 e(−0.012(30+8)) × 10−6

εcd = −
+

× ×( )

( . )
. .

182 28

154 0 04 240
0 81 428 2

3

′ = +ε ε εsh ca cd

Free shrinkage per beam = ′ +
= + × × ×−

( )

( . )

ε αsh

s

t

L 216 4 8 20 10 60006

The outer column displacement = 2Ls

= 17.4 με

= 482.2 με

= 199 με

= 216.4 με

= 2.26 mm
= 4.52 mm

Modification factor for the 
reinforcement = 1 + (25 × 0.01091)

Shrinkage strain (estimated from  
BS 8110, Part 2, Figure 7.2)

= 140/1.273

Free shrinkage per beam = ′ +
= + × × ×−

( )

( )

ε αsh

s

t

L 110 8 20 10 60006

The outer column displacement = 2Ls

= 1.273

= 110 με

= 1.62 mm
= 3.24 mm

Figure 8.34  Details for Exercise 8.7.
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Step 2: Column properties
Column properties: Ic = 6.75 × 108 mm4.

Short term Ec (Table 6.1)
30-year creep factor (from BS EN 

1991-1-1, Annex B)

ϕRH = +
−





×
×

+






















1
1

50

100
0 1 240

35

30 8

3

1 3

0 7

. ( )( / )

.

55

30 8

0 2

( )

.

+






β( )
.

fcm =
+

16 8

30 8

β( ) .( . )
t0 =

+
1

0 1 280 2

βH = × + ×

+
+

1 5 240 1 0 012 50

250
35

30 8

18. ( . )

βc t t( , )
( )

( )
0 = −

+ −
182 28

600 182 28
ϕ( , ) . . . .t t0 = × × ×1 73 2 73 0 488 0 984
Long term equivalent Ec = 33/1.432
For 1.2h = 3600 mm, h = 3000 mm

F1 = × × × ×
×

3 367 23 05 6 75 10 4 52

3000 10

8

3 3

. . . .

M = 1.654 × 8.76 × 3000 × 10−3

= 33 kN/mm2

= 1.73

= 2.73

= 0.488

= 600

= 0.621

= 1.432
= 23.05 kN/mm2

= 8.76 kN

= 43.48 kNm

Short term Ec (Table 6.1)
30-year creep factor (estimated from  

BS 8110, Part 2, Figure 7.1) = 2.58.
Proportion of long-term creep at 6 

months = 60%.
Long-term equivalent Ec

= 28/0.6 × 2.58
For 1.2h = 3600 mm, h = 3000 mm

F1 = × × × ×
×

3 367 18 09 6 75 10 3 24

3000 10

8

3 3

. . . .

M = 1.654 × 6.68 × 3000 × 10−3

= 28 kN/mm2

= 18.09 kN/mm2

= 4.933 kN

= 24.48 kNm

8.6  Vertical Load Transfer

8.6.1  Introduction

The reactions from the horizontal floor diaphragm calculated in Section 8.2 are transferred to the 
stabilising systems as point loads acting at the centroid of the area of the floor that is in contact with 
each bracing element, i.e. column, wall or core. The loads are reversible in nature and may not be 
coincident if floor levels differ in height.

In the split-level building example shown in Figure 8.35(a), the columns on Line A near the shear 
walls will be subjected to a horizontal shear force equal to the floor reaction in each shear wall. The 
columns on Line A are effectively loaded in the manner shown in Figure 8.35(b), with point reactions 
at a distance x from each floor level. In the worst situation, the shear is maximum when x is small, 
and (ignoring second-order deflections) bending is maximum when x = h/2, as shown in the figure. 
Flexural and shear checks should be made on these columns, particularly as the axial compression 
may be small in gable end columns, where many shear walls are located. If necessary a deeper column 
should be used. The usual outcome is that a shear wall is positioned in the split-level area to eliminate 
the reactions completely.
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This problem does not exist in unbraced structures, because the horizontal loads are shared equally 
between all columns.

In a skeletal structure the bracing elements will be either:

	 walls or cores, in the case of a braced structure, or
	 columns, in the case of an unbraced structure, or
	 both, in the case of partially braced structures (refer to Sections 1.5 and 4.1).

Figure 8.35  Design approach for split-level structures. (a) Horizontal load transfer in a split-level braced 
structure, and (b) column bending moments in a split-level braced structure.

(a)

(b)
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As a point of information only, a method of strengthening pin-jointed precast structures, using roof 
diaphragms and external shear walls, is given in the PCI Journal by Kaplan et al. [8.39]. The external 
roof diaphragm operates as a ring beam, connected to a so-called shear wall, which is in reality a deep 
column located next to the pin-jointed columns of the original frame.

8.6.2  Unbraced structures

The stability of unbraced pin-jointed structures is provided entirely by columns designed as cantilev-
ers for the full height of the structure (Figure 4.2(b)). Figure 8.36 shows a photograph of a typical 
unbraced structure, where any partial restraints provided by moment-rotation of torsionally stiff 
beam-to-column connections, deep external spandrel panels, or internal brick/block walls have ALL 
been ignored in the design.

The line of load application is at the centroid of the flooring system. The distribution of hori
zontal loading between columns is directly proportional to the second moment of area of the  

Figure 8.36  Spandrel beams in perimeter of frame.
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columns in the uncracked condition at the serviceability limit state, divided by the bending  
height cubed, h3. Non-symmetrical buildings (the vast majority) are considered for torsional stability, 
but the disposition of columns is usually such that the shear centre of the system coincides  
fairly closely with the centre of pressure. In most instances the columns will be equally loaded 
horizontally.

The maximum overturning moment in each column is ΣHi hi, where Hi is the floor diaphragm 
reaction at each column, and hi is the effective height from a point 50 mm below the top of the foun-
dation to the centroid of the floor plate i (Figure 8.37). The overturning moment is additive to the 
frame moments derived under column design. There is no moment distribution into the beams if the 
connections are pinned, and therefore the columns are designed using an effective length factor of 
1.0 between floors and 2.0 to the top.

The maximum height for an unbraced pin-jointed structure is about 10 m. Architectural restric-
tions on the sizes of columns and the magnitude of the moment-restraint required at the foundation 
are likely to be prohibitive for greater heights. The moment carried by the columns is dependent on 
the degree of fixity between the column and the footing, and on the resistance of the soil to footing 
rotation. The design codes give the total stiffness of the foundation (i.e. column-to-footing-to-soil) 
equal to that of the column, and this is assumed in design. PCI Manuals [8.36] are more explicit, but 
the result is approximately the same.

Columns are manufactured in a single length and therefore the design of splices is not applicable. 
There are occasions, however, where a column is founded onto floor beams or slabs; see Figures 7.119 
and 7.120. This connection, which is designed as pin-jointed, does not contribute to overall stability 
(rather like a gable post in a warehouse).

Column reinforcement may be reduced at upper floor levels in accordance with the applied bending 
moment but, as in most precast components, increased fabrication costs (usually) outweigh savings 
in material.

Figure 8.37  Definitions of lever arm for overturning moments in columns.
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Exercise 8.8  Overturning moments in columns in unbraced structures

Determine the maximum overturning moments in the columns shown in Figure 8.38. The bay centres are 6 m. 
The columns, which have identical cross sections, are founded in deep in situ concrete pockets with 50 mm cover 
to any reinforcement in the foundation. The storey heights are given to the centroid of the floor and roof slabs. 
Sway deflections are equal at roof level. The wind pressure may be taken as 0.7 kN/m2.

Solution
The different floor spans have no effect on the overturning moments because the beam-to-column connections 
are pinned.

Add an extra 50 mm to bending heights of columns at foundation to allow for cover cracking.
Bending height of columns 1, 2, 3 = 10.0 + 0.050 = 10.05 m
Bending height of columns 4, 5 = 7.0 + 0.050 = 7.05 m
Relative stiffness of columns 1, 2, 3 = EI/L1,2,3 = EI/10.05 = 0.0995 EI
Relative stiffness of columns 4, 5 = EI/L4,5 = EI/7.05 = 0.1418 EI

Proportion of horizontal force in columns 1, 2, 3 = ×
× + ×

=3 0 0995

3 0 0995 2 0 1418
0 513

.

. .
.

EI

EI EI
, or 0.171 per column

Proportion of horizontal force in columns 4, 5 = 0.487, or 0.243 per column
Wind pressure acting on three-storey face gives maximum condition:
Wind at roof* = 0.7 × 6.0 × 1.5 = 6.30 kN acting @ 10.05 m above foundation
Wind at 2nd floor = 0.7 × 6.0 × 3.0 = 12.60 kN acting @ 7.05 m above foundation
Wind at 1st floor = 0.7 × 6.0 × 3.25 = 13.65 kN acting @ 4.05 m above foundation
* neglecting any beam parapet in this exercise.
Moment in columns 1, 2, 3:
M = × × + × + × =0 171 6 3 10 05 12 6 7 05 13 65 4 05 35 47. (( . . ) ( . . ) ( . . )) .  kNm
Moment in columns 4, 5:
M = × × + × =0 243 6 3 7 05 12 6 4 05 23 2. (( . . ) ( . . )) .  kNm
Thus maximum moment = 35.47 kNm.

Figure 8.38  Details for Exercise 8.8.
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8.6.3  Deep spandrel beams in unbraced structures

Deep beams, such as spandrel beams with a large upstand (say at least 750–1000 mm deep by about 
150–200 mm wide), may be used to distribute sway moments into the frame by providing a vertical 
couple between the main connector, at the bottom of the beam, and a fixing at the top of the beam 
(see Figures 3.35 and 8.39). The principle is shown in Figure 8.40, where the stiffness and strength of 
the spandrel is considerably greater than in the column. For this to work, the horizontal forces in the 
fixings in the spandrel beam must generate a moment given by:

	
M

H h

n

M
H h

n

i

i

=

=

∑
at the st floor  and

at upper floors

1 ,
	 (8.21)

where Hi = horizontal floor load, h = storey height, and n = number of columns in the row. The 
compressive and tensile forces in the couple are given by F = M/z, where z = lever arm between the 
fixings. For this to be effective, z should be at least 600 mm.

The columns must be capable of resisting the same force by providing a tensile tie to the fixing and 
additional reinforcement surrounding it to carry the shear force, particularly in lightly loaded columns.

A fully effective vertical shear resistance, one that does not rely on shear friction, must be provided 
between the spandrel beam and the column. Two options include projecting reinforcement grouted 
in, or castellated or roughened shear keys. A vertical interface shear resistance between the end of the 
spandrel and the column must be equal to the shear fixing force F. The shear force will be upwards 
in direction at one end of the spandrel beam, and unless the beam is very lightly loaded (permanent 
action only) that will not cause a problem. At the other end of the spandrel beam the force will be 
additive to the total shear force, and must be allowed for in the design.

The most effective method of force transfer is to stitch the two components using projecting loops 
(typically H8 at 50–100 mm centres) and a vertical lacer bar concreted into a recess. Welded joints are 
often made at the top of the beam which, as shown in Figure 8.39, must be protected with grout. 
Bolted fixings usually require clearance holes, which do not give positive connectivity unless friction-
grip bolts are used.

The columns are designed on the assumption that the spandrel is rigidly connected to it, both in 
terms of strength and stiffness. Thus the normal rules for column effective length factors β apply (see 
Section 4.4). A typical value for αc = 0.2 to 0.3; hence β = approx. 1.1.

8.6.4  Braced structures

Braced structures offer the best solution to stability in multi-storey construction, irrespective of the 
number of storeys (Figure 4.2(a)). Connection details and foundation design and construction are 
greatly simplified. Precast concrete wall units are inexpensive, have high in-plane stiffness and strength, 
are easy to erect, and may be integrated with the structure using one of three methods:

	 infill wall, either solid or hollow-core
	 cantilever wall, either solid or hollow-core
	 cantilever box.

Other methods of bracing are infill brick or block-work walls, and steel cross-bracing.
As shown in Figure 8.41, reproduced from the IStructE publication [8.40], floor diaphragm action 

occurs between vertical cores, composed of walls or a box. A centroidal line of load application from 
the floor plate to the core is once again assumed. The distribution of horizontal loading between shear 
walls or shear frames is dependent upon the following:
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Figure 8.39  Welded joint at top of spandrel beam.

Figure 8.40  Spandrel beam restraint mechanism in unbraced structures.
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(1)	 In-plane deflection response
This is predominantly a flexural deflection in cantilever walls (although shear deflection may 
govern in ′long′ walls, i.e. length-to-height ratio > 2), a shear deflection in infill walls, and truss 
deflection in steel cross-bracing.

(2)	 Position
The structure must be balanced by disposing the walls according to their stiffness and in such a 
manner that the centre of pressure of horizontal loading lies between at least two of the ‘larger’ 
walls, as shown in Figure 8.3. Torsional effects, resulting from eccentricities, are statically deter-
minate and modifications to the load distribution satisfy equilibrium in the direction of loading. 
If this cannot be achieved, lateral forces develop in the shear walls at right angles to the direction 
of loading, as explained in Section 8.2.

(3)	 Columns in the remainder of the structure
These may, if so desired, be designed to make a contribution to overall stability. This is rarely 
taken into account because:

Figure 8.41  Stabilising system in braced structures [8.40].
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(a)	 the contribution is usually small
(b)	 similar problems associated with moment-resisting bases, etc. in sway structures are 

re-introduced
(c)	 shear walls are usually over-designed, because their size is often governed by lifting and 

pitching.
(4)	 Connections between walls, or between a wall and the foundation

Walls may be used in the structure for other purposes (e.g. supporting half-landings) than for 
stability. They may be designed so as not to be moment- or shear-resisting. This may be achieved 
by under-reinforcing the connections and allowing load redistribution to take place away from 
the wall, while maintaining structural integrity and load-bearing facility.

(5)	 Expansion joints in the floor diaphragm
In general, precast structures exceeding 60 to 80 m in plan dimension are usually isolated, depend-
ing on the plan configuration.

The horizontal forces are transmitted through the structure in the manner shown in Figure 8.42(a). 
It is not necessary for the walls to be located one above the other in the same vertical plane (Figure 
8.42(b)), providing that the columns and beams surrounding the upper-storey walls are designed to 
carry the vertical wall reaction. This figure shows the load path for the horizontal force H.

The moments in the columns are small, but the axial forces have to be considered, particularly in 
the lightly gravity-loaded cases where walls are positioned between ‘gable’ columns and uplift may 

Figure 8.42  Horizontal load transfer in braced structures using coincident and non-coincident wall 
positions. (a) Walls in same vertical position and (b) walls in different vertical positions.

(a)

(b)
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occur, because gable columns support beams that do not carry floor slabs directly. However, large 
compressive forces may occur in the columns adjacent to infill walls, requiring a greater cross section 
(or reinforcement) than in the remainder.

Columns adjacent to cantilever shear walls are assumed not to carry additional axial forces due to 
overturning moments, despite the presence of a continuous vertical shear key between the column 
and wall. At ultimate, this shear key is assumed to break down and the shear wall is assumed to behave 
in isolation from the columns and beams.

8.6.5  Uni-directionally braced structures

Structures braced in one principal direction, and unbraced in the other, are considered separately as 
far as the design of walls is concerned. This means that the effects of sway in the unbraced direction 
are ignored when the walls in the braced direction are designed. On the other hand, the beneficial 
effect of lateral bracing is considered when the unbraced columns are designed, and this often leads 
to rectangular-section columns with the weaker axis in the plane of the bracing.

8.6.6  Partially braced structures

Partially braced structures are used in situations where stability walls are architecturally undesirable 
in the upper two (or maximum three) storeys (Figure 4.2(c)). The structure is designed as fully braced 
up to a specified level, and unbraced thereafter. This may not always be the same level throughout 
the entire building and may be different in the different directions of stability. The columns are can-
tilevered above this level as in an unbraced structure, but because they are not founded at a rigid 
foundation their behaviour is different from ordinary cantilever columns.

The advantages in using this system are many; for example:

	 There are no bending moments at the foundation.
	 Columns between ground and first floor, where greater headroom is usually required, are braced.
	 Column sizes and reinforcements in most one- or two-storey cantilevered structures are no greater 

than if the structure were fully braced, i.e. stability is being provided ‘for free’.
	 Column splices may be made in the braced part of the structure.
	 Clear floor areas for open-plan offices and staircases are punctuated only by columns.

Figure 8.43  Mixed steel–precast concrete partially braced structure.
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An attractive application is the hybrid steel (or timber) roof/precast concrete structure, Figure 8.43, 
where the height of the structure is too great for a wholly unbraced structure, and the upper arcade 
prohibits the use of stabilising walls.

As explained in Section 4.4.4, columns in the unbraced part of the structure that are not in direct 
contact with the shear walls are designed as cantilevers, with a maximum effective length factor of 
2.45 {2.3}. Columns supporting raking steelwork that is connected at its lower end to a rigid (no-sway) 
part of the structure are designed as propped cantilevers. The shear forces at the base of the unbraced 
columns are carried in the floor plate to the stiffening elements, in accordance with their stiffness and 
position. However, bending moments resulting from sway in the unbraced part are carried over into 
the unbraced part of the structure, diminishing to zero with distance to the level of the floor plate 
below. The effective length factor for the columns in this region is 1.0.

It is equally plausible to use a partially braced structure with the lower floor (or two floors) unbraced, 
as shown in Figures 8.44(a) and (b). The reason for doing this is to avoid shear walls at the ground 
floor. An open mall or car park may be required. However, there are few buildings today without service 
cores extending into the basement area, and so it is unlikely that this option would be used.

If the lower floors are unbraced, then the aforementioned rules for effective length factors are now 
reversed, except that it is possible to specify a moment-resistant foundation that would give an effec-
tive length factor in the ground-floor column (calculated using elastic stability functions) of 1.15.

Figure 8.44  ‘Inverted’ partially braced structure. (a) Bracing from first floor upwards and (b) bracing from 
second floor upwards.

(a)
(b)

Exercise 8.9  Columns in a partially braced structure

Repeat Exercise 4.8 where the structure is braced in both directions, using infill shear walls up to the second-floor 
level. The building is 36 m in length × 12 m wide. The 300 mm-square columns are at 6 m centres in both direc-
tions. The characteristic wind pressure is 1.0 kN/m2.

Design the internal column. Assume that the horizontal out-of-plumb force 0.5%(Gk + Qk) {1.5% Gk} is not 
critical in this exercise.

Solution
Reference should also be made to Section 7.2.

In this exercise we are concerned only about the magnitude of the column bending moment at the second-floor 
level in both directions. Slenderness and second-order deflections can be obtained from:

(Continued)
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For braced columns
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with k1 = k2 = 0.1.
For unbraced cantilever columns, the 
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with k1 = k2 = 0.1.

Then the slenderness ratio λ = l

r
0

and λlim = × ×20A B C

n
 with initially

A = 0.7, B = 1.1, C = 0.7 and n = 1

= 0.5909 l

= 2.449 l

Effective length factors β taken from 
BS 8110, Tables 3.21 and 3.22.

βa
el

b
= ×

′






1

2000

2

au = βakh
where K is conservatively taken as 1.

Column To BS EN 
1992-1-1

To BS 8110

λ λlim Effective length factors Slenderness ratios βa au (mm)

Ground to first floor 24.9 10.78 β = 0.9 (braced) 10.8 < 15, so short
First to second floor 20.5 10.78 β = 1.0 (braced) 10.0 < 15, so short
Second to third floor 84.9 10.78 β = 2.35 (unbraced) 23.0 > 10, so slender 0.26 79.35 K
Third floor to roof 169.7 10.78 β = 2.35 (unbraced) 46.0 > 10, so slender 1.06 317.40 K

Step 1:  Load case 1. For maximum gravity loading without wind. From Exercise 4.8:

From annex B of BS EN 1992-1-1
φef = 1.293, so A increases to
A = 1/(1 + 0.2 φef) = 0.795, and assuming
2% reinforcement, B increases to
B A f A fs yd c cd= + =1 2 1 33/ .
N at 3rd floor
N at 2nd floor
The out-of-plumb moment from BS EN 

1992-1-1, clause 5.2 with eccentricities at 
3rd floor and roof:

ei3 = × × × ×1

200
1 0 724 2 449

3000

2
. .

eir = × × × ×1

200
0 816 0 724 2 449

6000

2
. . .

Mecc = 306.1 × 21.7 + 570.7 × 13.3
Second-order moments from clause 5.8.8.3 

madd = 41.2 + 114.4
Total moment
N/bh = 9.74
M/bh2 = 6.29
Asc = 2.75% bh

= 306.1 kN
= 876.8 kN

= 13.3 mm

= 21.7 mm

= 14.2 kNm

= 155.6 kNm
= 169.8 kNm

N at 3rd floor = 319.5 kN
N at 2nd floor = 918.9 kN
Mmin = 0.05 × 0.3 × 918.9
(not critical, ignore further)
Mecc due to column eccentricity = 0
Madd = (319.5 × 0.3174) K 

+ (599.4 × 0.07935) K
Then using
N/bh = 10.21 so K = 1.0
from BS 8110, Part 3, Chart 47, and
M/bh2 = 5.517
Asc = 2.084% bh
> 1% bh

= 13.8 kNm

= 149.0 K kNm
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Load case 2. For patch gravity loading

N at 3rd floor
N at 2nd floor
Mecc = 3.16 + 5.29
madd = 53.5 + 32.0
Mpatch at 3rd floor = 0.5 × 41.18
Total moment
N/bh = 7.06
M/bh2 = 4.24
Asc = 1.392% bh
< case 1

= 237.6 kN
= 635.5 kN
= 8.45 kNm
= 85.5
= 20.59 kNm
= 114.5 kNm

N at 3rd floor
N at 2nd floor
Madd = (244.3 × 0.3174) K 

+ (412.3 × 0.07935) K
(but K = 1.0)
Mpatch at 3rd floor = 0.5 × 43.34
Total M = 21.67 + 110.26 = 131.9 kN
N/bh = 7.296
M/bh2 = 4.886
Asc = 1.89% bh
< case 1

= 244.3 kN
= 656.6 kN

= 110.26 K kNm

= 21.67 kNm

Load case 3. For combined gravity and wind loading in the x-direction
Horizontal wind force at roof = 1.0 × 1.5 × 12 = 21.6 γw kN per 21 no. columns

Horizontal wind force at 3rd floor = 1.0 × 3.0 × 12 = 43.2 γw kN per 21 no. columns

N at 3rd floor
N at 2nd floor
Mwind = (21.6 × 6.0 + 43.2 × 3.0) 0.9/21
Mecc = 6.65 + 7.59
madd = 41.2 + 114.4

Total M = 9.26 + 14.14 + 155.6
N/bh = 9.742
M/bh2 = 6.632
Asc = 3.011% bh
> case 1

= 306.1 kN
= 876.8 kN
= 9.26 kNm
= 14.14 kNm
= 155.6 kNm

= 179.0 kNm

N at 3rd floor
N at 2nd floor
Mwind = (21.6 × 6.0 + 43.2 × 3.0) 1.2/21
Madd = (264.6 × 0.3174) + (483.0 

× 0.07935) 
Mecc = 0
Total M = 12.34 + 0 + 122.3
N/bh = 8.307
M/bh2 = 4.987
Asc = 1.83% bh
< case 1

= 264.6 kN
= 747.6 kN
= 12.34 kNm

= 122.3 kNm

= 134.7 kNm

Load case 4. For combined gravity and wind loading in the y-direction
The larger windward face area causes a horizontal wind force in this direction three times the above.

Mwind = 3 × 9.26
Total M = 27.77 + 14.14 + 155.6
N/bh = 9.742
M/bh2 = 7.318
Asc = 3.532% bh
> case 3
Provide Asc = 3.532% × 300 × 300
Use four H25 + four H20 bars 

(3220 mm2).

= 27.77 kNm
= 197.6 kNm

= 3179 mm2

Mwind = 3 × 12.34
Total M = 37.03 + 0 + 122.3
N/bh = 8.307
M/bh2 = 5.901
Asc = 2.53% bh
> case 1
Provide Asc = 2.53% × 300 × 300
Use four H25 + two H20 bars 

(2591 mm2).

= 37.03 kNm
= 134.7 kNm

= 2277 mm2

8.7  Methods of Bracing Structures

Attempting to use precast concrete as much as possible, the most common methods of bracing struc-
tures are (1) infill shear walls, and (2) cantilever panel or hollow-core walls. Figure 8.45 summarises 
the structural differences between the two types.

8.7.1  Infill shear walls

Unlike any other type of shear wall, infill shear walls rely on composite action with the ‘individually 
unstable’ pin-jointed column-to-beam structure for their strength and stiffness. Where an infilled wall 
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Figure 8.45  Behaviour of infill and cantilever shear walls in pin-jointed frames.

is built solidly, but not monolithically, into a flexible structure, its resistance to horizontal loading 
increases considerably owing to composite action with the structure. This is shown in the load-
response sequence in Figure 8.46(a). Because the structure is (by design) flexible and the infill panel 
very stiff (having a large in-plane EI), there is a paradox in the fundamental use of infill structures. 
Theoretically the problem is similar to analysing stiff beams on elastic foundations [8.41], in that 
resistance to horizontal loading is affected by the amount of deformation and the interaction between 
the two media.

Optimum ultimate limit state design, i.e. collapse occurring in the structure and wall simultane-
ously, is very difficult to achieve because of the large number of variables used in the analysis. One 
of the most important of these is the quality of the vertical shear key connection, which for manu-
facturing purposes is usually unreinforced.

Most of the pioneering work on infilled frames – albeit using masonry infill – was carried out by 
Stafford-Smith and Carter [8.42], Mainstone [8.43] and Wood [8.44]. The design procedures sug-
gested by these authors are widely used and respected in the UK. More recently Kwan and Liaum 
[8.45, 8.46] have proposed a plastic theory to deal with ultimate collapse mechanisms and suggested 
that an optimum design can be attained using reinforced joints with finite interface shear strength. 
Kwan’s analyses further support the UK approach.

Commentaries on the behaviour of infilled shear walls are numerous, and therefore only the 
assumptions and methods used in current design will be raised here. Wright [8.47] produced a design 
method based on the principles developed by Stafford-Smith for masonry infill, which were combined 
with Mainstone’s work using micro-concrete. The design assumptions are:

(1)	 Ultimate horizontal forces are resisted by a compressive diagonal strut across the concrete infill 
wall. The effective width of the strut depends primarily on the relative stiffness of wall panel and 
structure, and on the geometry h and θ as defined in Figure 8.46(b), but also reduces as the 
interface cracking load is exceeded.

(2)	 The tensile diagonal strength of the reinforced concrete wall is ignored, but the amount of rein-
forcement is sufficient to prevent excessive diagonal cracking and to maintain the intrinsic shape 
of the wall panel, particularly at the corners.
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(3)	 Slender wall panels are designed as slender braced plain concrete walls (reinforcement is usually 
less than 0.2 per cent {0.4 per cent}), taking into account manufacturing and site inaccuracies 
and deflection-induced bending moments.

(4)	 The shear resistance at the horizontal interface between beam and wall panel is also based on 
shear in plain concrete walls (normal aggregate, grade C20/25 minimum) using an ultimate 
average stress equal to 0.2 × 0.14 (fck)

2/3 plus 0.6 times the pre-compressive stress {0.45 N/mm2, 
or a value equal to 25 per cent of the vertical pre-compressive stress}.

(5)	 The wall is not subjected to vertical frame loading, i.e. floor beams are assumed structurally 
isolated from the wall units even though the gap between them is grouted solidly.

(6)	 The wall is not subject to simultaneous in-plane and out-of-plane wind loading. Eddy currents 
in enclosed courtyards of I-shaped buildings may in extreme circumstances present mutually 
perpendicular wind pressure to parts of the structure.

Some analyses have been so refined that the infill frame can often be misrepresented as a simple 
pin-jointed truss where the walls, columns and beams are singularly replaced by diagonal struts, chord 
elements and ties, respectively. This analogy is inadequate, because load transfer occurs over an 
extended region of the interface and the distribution of interaction over the contact length is semi-
parabolic/triangular. The length of contact gives the effective width of the compressive strut and, 
together with the appropriate reductions for slenderness and spurious eccentricity, the ultimate 
diagonal compressive strength of the wall is computed. If the permissible horizontal shear stress is 
not exceeded, load versus infill panel size data may be presented as shown in Figure 8.47(a) {8.47(b)}. 
The derivation of these curves is given later. Note that the stiffness of the frame is based on 
300 × 300 mm components throughout – a reasonable practical assumption.

The structural mechanism is as follows. On first application of a racking load there may be full 
composite action between the frame and wall if these are bonded together. At a comparatively early 

Figure 8.46  Infill shear wall design principles. (a) Precast infill frame strut analogy and (b) precast infill 
frame stresses.

Flexible frame

Rigid infill

Contact zones

(a)

(b)
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stage, however, cracks will develop between the two components except in the vicinity of two of the 
corners, where the infill panel will lock into the frame and there will be transmission of compressive 
forces into the concrete wall. At this stage it is convenient to consider the concrete wall acting as a 
compression diagonal within the frame, the effective width of which depends on the relative stiffness 
of the two components and on the ratio of the height to the width of the panel. This action continues 
until the shear resistance is overcome and a crack, slightly inclined to the horizontal, is developed. 
Several more or less parallel cracks of this type may develop with further increase in load, and failure 
may finally result from the loss of rigidity of the infill as a result of these cracks, or from local 

Figure 8.47(a)  Horizontal shear capacity of infill precast concrete walls according to BS EN 1992-1-1.
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Figure 8.47(b)  Horizontal shear capacity of infill precast concrete walls according to BS 8110.
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crushing or spalling in the region of the concentrated loads. In some cases the strength of the structure 
may be limited by the strength of the frame members or joints.

Essential problems in this approach are:

	 determining the contact lengths between frame and wall;
	 finding an effective width for the equivalent strut; and
	 establishing the mode of failure and strength of the wall.

The contact length depends on the relative stiffness of the frame and infill, and on the geometry 
of the panel. Stafford-Smith first developed the analogy with a beam on an elastic foundation, by 
which the column of an unfilled frame under lateral load may be regarded as one half of a beam on 
an elastic foundation which under a central concentrated load, P, remains in contact with the founda-
tion over a length known as the characteristic length, α, given by:

	
α

λh

P

h
=

2
	 (8.22)

in which λh is a non-dimensional parameter expressing the relative stiffness of the frame and infill, 
where

	 λ θ=
′

E t

E Ih
i

c

sin2

4
4 	 (8.23)

where

Ei	 = infill modulus
Ec	 = concrete frame modulus
t	  = infill thickness
θ	  = slope of infill
I	  = minimum moment of inertia of beams or columns
h′	 = height of infill.

An ‘equivalent’ strut analogy is thus developed for the determination of α. This depends on aspect 
ratio h′/L′. Failure occurs either by local crushing at the corner, diagonal splitting due to excessive 
compression, or shear failure. Figures 8.48 and 8.49 (reproduced from [8.42]) are used to determine 
the failure loads appropriate to these conditions. Resulting ultimate design stresses are assessed against 
the following:

0 6. fck

mγ
 for concrete in compression

(with γm = 1.5)
f f fk

m

b m

mγ γ
= 0 5 0 7 0 3. . .

 for group 1 clay brickwork 

laid with general-purpose prescribed 
mortar in compression

(with brick strength fb ≤ 110 N/mm2, mortar 
strength fm ≤ 20 N/mm2, fk ≤ 75 N/mm2, 
γm ≤ 3.0) [8.49]

fcvk

mvγ
 for brickwork in shear

(with γmv = 2.5) [8.49]. (8.24)

0 67. fcu

mγ
 for concrete in compression

(with γm = 2.2)
fk

mγ
 for brickwork in compression

(with γm = 3.5 [8.48])*
fv

mvγ
 for brickwork in shear

(with γmv = 2.5 [8.48])*. (8.24)
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Note that in reference [8.42] the compressive and shear strengths are given as fc and fbs, respectively.
Mainstone’s method considered an upper-bound solution by restricting the width of an equivalent 

strut to 0.1 w′, where w′ = diagonal length of infill, but where the effects of slenderness must be 
considered. Vertical column reactions in compression or tension are carried to the column as 
appropriate.

Design methods are given in Sections 8.7.2 and 8.7.3 for concrete and brick infill walls, 
respectively.

8.7.2  Design methods for infill concrete walls

Concrete walls are considered to be plain walls, according to BS EN 1992-1-1, Section 12 [8.5] and 
BS 8110, Part 1, clause 3.12.5 [8.6] because the minimum area of reinforcement is provided only for 

Figure 8.48  Infill wall design graph for limiting compressive strength [8.42].
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lifting purposes. In BS EN 1992-1-1, clause 12.3.1.1(1) the compressive design strength is multiplied 
by 0.8, giving fcd,pl = 0.8 × 0.85 fck/1.5 = 0.453 fck. The limiting strength of concrete to BS 8110, clause 
3.9.4.15 is 0.3 fcu. These reductions allow for the less ductile, and presumably the unconfined, nature 
of plain concrete in walls. The wall is built in on all sides and is therefore braced. Referring to Figure 
8.46(a) the strength of the strut Rv is given by:

Figure 8.49  Infill wall design graph for limiting shear strength [8.42].

where fck {fcu} = compressive cylinder {cube} strength of the infill wall.
The horizontal component of Rv gives the resistance Hv = Rv cos θ as:

Rv = 0.453 fck × 0.1 w′ (t – 2 ei)
where (clause 5.2(7)) the imperfection 

ei = h′/400 as (Eq. 12.12) eo = 0

(8.25) Rv = 0.3 fcu × 0.1 w′ t (8.25)

Hv = 0.0453 fck L′(t – 2 ei) (8.26) Hv = 0.03 fck L′t (8.26)

To BS EN 1992-1-1, where the infill slenderness ratio Le/t > approximately 6.5 (see explanation 
later), the above equation is modified in accordance with clause 12.6.5.2, using a load factor Φ based 
on slenderness according to equation 12.11. Note that notation in BS EN 1992-1-1, Table 12.1 is: 
length of infill = b, height = lw and thickness = hw. The effective length Le = βw′, where β = b/2lw if 
b ≤ lw, or β = (1 + (lw/b)2)−1 if b > lw. If there is moment continuity along the top and bottom wall 
boundaries, β may be factored by 0.85 according to clause 12.6.5.1(4), but this is not usually the case 
in infill walls.
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To BS 8110, where the infill slenderness ratio w′/t > 12, the above equation is modified in accord-
ance with clause 3.9.4.16. As the wall is built in on two sides at the corner, the effective length of the 
wall Le = 0.75w′.

The design is as follows:

There is a limit on the slenderness ratio, 
clause 12.6.5.1(5)

λ = <L

t
e 12

86  or Le/t ≤ 25 (8.27)

There is a limit on the slenderness ratio, 
clause 3.9.4.4.

L

t

w

t
e = ′ <0 75

30
.

(8.27)

Rv = 0.453 fck × 0.1 w′ t Φ
(Eq. 12.11) where
Φ = (1.14 (1 – 2ei/t) – 0.02 Le/t) 

≤ (1 – 2ei/t)
i.e. slenderness governs where  

(1.14 (1 – 2ei/t) – 0.02 Le/t) ≤ (1 – 2ei/t).
Then Le/t ≥ 7 (1 – 2ei/t), e.g. if h′ = 3000 mm 

and t = 200 mm, ei = 3000/400 = 7.5 mm, 
and threshold

Le/t ≥ 7 × 0.925 = 6.475.
The horizontal resistance is: 

Hv = 0.0453 fck L′ t Φ

(8.28)

(8.29)

(8.30)

Rv = 0.3 fcu × 0.1 w′ (t – 1.2ex – 2eadd)
where

ex = 0.05t and e
L

t
add

e=
2

2500
The horizontal resistance is: 

Hv = 0.03 fcu L′ (t – 1.2ex – 2eadd)

(8.28)

(8.29)

(8.30)

V c f t RRv ck v= ≤0 14 2 3. sin/ α θ
H R c f L tRv v ck n= ≤ + ′cos ( . )/θ µσ0 14 2 3

(8.31)
(8.32)

VRv = 0.45αt ≤ Rv sin θ
HRv = Rv cos θ ≤ 0.45L′t

(8.31)
(8.32)

Rv sin θ = 0.567fckL′t/2 (8.33) Rv sin θ = 0.6fcuL′t/2 (8.33)

Values of Hv in terms of L′ and t are plotted graphically in Figure 8.47a {8.47b} for a specific wall 
height, together with respective slenderness limits.

At corners, Stafford-Smith shows that the length of contact with the column is α = π/2λ, where 
λ = stiffness factor from Eq. (8.23). Although the contact length along the beam, as illustrated in 
Figure 8.46, is 0.5 L′ in the case of precast concrete walls, where the interface cracking load is not 
exceeded, the horizontal contact is taken over the full length L′. BS EN 1992-1-1, clause 6.2.5(1) 
(equation 6.25) bases the interface shear resistance of a smooth surface (here called vRv) on cohesion 
c = 0.2 times the design tensile strength f fctd ck= 0 14 2 3. / , plus friction μ = 0.6 times the normal compres-
sion σn. Owing to the diagonal strut theory, σn will always be acting on the beam from the vertical 
resolution of the diagonal force = H tanθ acting near the corners of the wall over a length of L′/2; 
thus σn = H tanθ/L’t/2. Normal compression does not act on the contact length of the column because 
the horizontal force H is resisted by the horizontal interface with the beam. In consideration of the 
vertical and horizontal shear forces, BS 8110, Part 1, clause 5.3.7 recommends an interface shear stress 
of 0.45 N/mm2 without castellations or other shear key aids, because the joints are in compression as 
well as shear over the contact length. 

Hence the vertical and horizontal contact contributions to Rv are respectively:

Residual horizontal shear may be taken by added interface reinforcement passing through beams 
and grouted into holes in the wall, or otherwise fixed to wall panels. Excess vertical shear is carried 
by the beam-to-column connector.

Bearing under the corners of the wall, which extends a distance L′/2 from the corner, is checked 
for the weaker of the concretes used for the beam, wall or infill grout. The bedded bearing stress is 
given in Section 7.6.1. as 0.85 fcd = 0.567 fck {fb = 0.6 fcu}.
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Exercise 8.10  Concrete infill wall design

The three-storey building shown in Figure 8.50 is 50 m long × 6 m wide and is braced at each end using infill 
concrete walls. Determine the minimum thickness of the wall at ground floor if the characteristic wind pressure 
wk is 0.8 kN/m2.

Use grade C30/37 concrete for the wall and grade C40/50 concrete for the frame.

Solution

Step 1: Estimate wall thickness
L = 6000 mm

′ =L 5700 mm
h = 4000 mm

′ = − − =h 4000 100 400 3500 mm
θ = °31 55.

′ = + =w 5700 3500 66892 2 mm
I = × = ×300 300 12 6 75 103 8 4/ . mm
Characteristic wind load at first-floor level per end = 0.8 × 50/2 × (1.5 + 3.0 + 3.25) = 155 kN

Hv = 1.5 × 155
Rv = 232.5/cos 31.55°
L′ > h′ (as per Table 12.1 with b > lw)
Le = 6689 × (1 + (3500/5700)2)−1

Le/t < 25, hence
Eq. (8.28 and 8.29)
ei = 3500/400
Rv = 0.453 × 30 × 669 t (1.14 (1 − 17.5/t) 

− 97.16/t) × 10−3

i.e. 272.8 = 9.09 (1.14t − 117.1)
Solving gives t
< 194 mm, i.e. the design is governed 

more by slenderness than strength.

= 232.5 kN
= 272.8 kN

= 4858 mm
t > 194 mm

= 8.75 mm

= 129 mm

Let t = 200 mm

Hv = 1.4 × 155
Rv = 217/cos 31.55°
Le = 0.75 × 6689
Le/t = 5017/t < 30, hence
Diagonal strength capacity Rv given 

Eq. (8.28 and 8.29)
R t

t

v = × × ×

× −





× −

0 3 37 669

0 94
5017

1250
10

2

2
3

.

.

Solving this quadratic gives t
< 167 mm, i.e. the design is well 

balanced for both slenderness and 
strength.

= 217 kN
= 254.7 kN
= 5017 mm
t > 167 mm

= 166 mm

Let t = 170 mm

(Continued)

Figure 8.50  Details for Exercise 8.10.
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Exercise 8.11  Slender precast infill wall strength check

Calculate the ultimate horizontal shear capacity of the 200 mm-thick precast concrete shear wall shown in Figure 
8.51, and determine the minimum strength of the precast concrete. The wall is built into a precast concrete frame 
on all sides.

Step 2: Check interface strength
Using relative stiffness parameter λ to give contact length against column α using Eq. (8.22)

Ewall = 33 kN/mm2

Eframe = 35 kN/mm2

λ = × × × °
× × × ×

33 200 2 31 55

4 35 6 75 10 35008
4

sin( . )

.
α π

λ
π

h h
= =

× × ×−2 2 2 054 10 40003.
Contact length with column
= 0.191 × 4000
Eq. (8.31)
VRv = 0.2 × 0.14 × 302/3 × 765 × 200 × 10−3

Vertical force Vv = 272.8 × sin 31.55°
> 41.3 kN
Residual force = 142.8 − 41.3
is carried to ground beam and does not 

transfer to column.
Shear capacity along horizontal plane is 

given by Eq. (8.32)
σn = 232.5 × 103 tan 31.55°/0.5 

× 5700 × 200
HRv = (0.2 × 0.14 × 302/3 + 0.6 × 0.25) 

× 5700 × 200 × 10−3

> 232.5 kN design force.
Use 200 mm-thick concrete wall.

= 2.054 × 10−3

= 0.191

= 765 mm

= 41.3 kN
= 142.8 kN

= 101.4 kN

= 0.25 N/mm2

= 479.1 kN

Ewall = 28 kN/mm2

Eframe = 30 kN/mm2

λ = × × × °
× × × ×

28 170 2 31 55

4 30 6 75 10 35008
4

sin( . )

.
α π

λ
π

h h
= =

× × ×−2 2 1 967 10 40003.
Contact length with column
= 0.2 × 4000
Eq. (8.31)
VRv = 0.45 × 800 × 170 × 10−3

Rv = 254.7 × sin 31.55°
> 61.2 kN
Residual force = 133.3 − 61.2
is carried to ground beam and does not 

transfer to column.
Shear capacity along horizontal plane is 

given by Eq. (8.32)
HRv = 0.45 × 5700 × 170 × 10−3

> 217 kN design force.
Use 170 mm-thick concrete wall.

= 1.967 × 10−3

= 0.20

= 800 mm

= 61.2 kN
= 133.3 kN

= 72.1 kN

= 436.0 kN

Figure 8.51  Details for Exercise 8.11.
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Solution
Geometric and material data is as for Example 8.10.
θ = °31 55.

′ = + =w 5700 3500 66892 2  mm
t = 200 mm

Ex. 8.10. Le = 0.726 × 6689
Le/t  = 4858/200
< 25
Eq. (8.28 and 8.29)
ei = 3500/400
Rv = 0.453 fck × 669 × 200 (1.14 (1 − 

17.5/200) − 97.16/200) × 10−3

Hv = Rv cos 31.55°
Shear capacity on horizontal bedding is 

itself a function of Hv (in kN) and fck

σn = Hv × 103 tan 31.55°/0.5 × 5700 
× 200 = 10.77 × 10−4 Hv N/mm2

H f HRv ck v= × + × ×
× × ×

−

−

( . . . . )/0 2 0 14 0 6 10 77 10

5700 200 10

2 3 4

3

H f HRv ck v= +31 92 02 3. ./ 737
But in the limit HRv = Hv = 28.64fck 

Then 28 64 31 92 21 112 3. . ./f f fck ck ck= +
for a limiting shear capacity 
HRv = 2180 kN.

= 4858 mm
= 24.2

= 8.75 mm

= 33.6 fck kN
= 28.64 fck kN

fck ≥ 76.1 N/mm2

Ex. 8.10. Le = 0.75 × 6689
Le/t = 5017/200
< 30, but because > 12, reduction 

factors apply
Eq. (8.28 and 8.29)
R fv cu= ×

× −
×







× −

0 3 669 200

0 94
5017

1250 200
10

2

2
3

.

.

Hv = Rv cos 31.55°
Shear capacity on horizontal bedding
HRv = 0.45L′t 

= 0.45 × 5700 × 200 × 10−3

Then if 513.0 kN = 14.93 fcu for a
limiting shear capacity  

HRv = 513 kN.

= 5017 mm
= 25.08

= 17.52 fcu kN

= 14.93 fcu kN

= 513.0 kN

fcu ≥ 34.4 N/mm2

This exercise reinforces the conclusion from Exercise 8.10 that the design of infill shear walls to BS 
8110 is better balanced than to BS EN 1992-1-1, where slenderness limit of 25 is restrictive on the 
strength.

8.7.3  Design method for brickwork infill panels

The ultimate horizontal forces are resisted by a diagonal compressive strut across the infill. The criteria 
are based on a stiffness factor λ, as before. The method is the same except that:

	 A factor k replaces the constant 0.1 for the width of the diagonal strut.
	 The crushing strength of the concrete is replaced with fk, the strength of brickwork (masonry units 

in clay or calcium silicate) in compression. See BS EN 1996-1, clause 3.6.1.2, and Tables NA.2 and 
NA4 [8.48] {BS 5628, Part 1 [8.49]}.

	 A further criterion is the local crushing resistance of the brickwork at the corners, obtained from 
Figure 8.48.

	 Young’s modulus for brick = 1000 fk {450 fk} (N/mm2 units).
	 The horizontal shear limit is obtained from Figure 8.49, with fs = fv/γ m, where fs = 0.35 N/mm2 (BS 

5628, Part 1, clauses 25 and 27.4)} and γ m = 2.5. v = 0.3 +0.4σd ≤ 0.065 fb (BS EN 1996-1, clause 
3.6.2(3)) {fs = 0.35 N/mm2 (BS 5628, Part 1, clauses 25 and 27.4)} and γ m = 2.5. μ = 0.6 for solid 
(or unperforated) bricks, because vertical compressive stress acts at the same time as the shear.

	 Hence value from the design graphR f h tvs s= ′ × 	 (8.34)
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fs
d= +0 30 0 4

2 5

. .

.

σ

Hence
Rv ≤ fsh′t × value from graph in 

Figure 8.49.

(8.35) fs = =0 35

2 5
0 14 2.

.
. N/mm

Hence
Rv ≤ 0.14h′t × value from graph in 

Figure 8.49.

(8.35)

The compression limit is obtained from compressive failure curves in Figure 8.48:

Rvc = (fk/γm)h′t × value from graph
where, from BS EN 1996-1, clause 3.6.1.2, 

with group 1 bricks of strength 
fm ≤ 110 N/mm2 and mortar strength 
fm ≤ 12 N/mm2

f f fk b m= ≤0 5 750 7 0 3 2. . . N/mm

(8.36) Rvc = (fk/γm)h′t × value from graph
where fk is from BS 5628, Part 1, clause 27.3, 

based on the strength of mortar from 
Table 1. The bricks should have a 
minimum crushing strength of 21 N/mm2.

(8.36)

Exercise 8.12  Brickwork infill wall
The building in Exercise 8.10 is braced at each end between first and second floors using 215 mm-thick infill 
brick walls. Check the adequacy of these walls using 47 N/mm2 strength brick in 1: ¼: 3 mortar.

Solution
′ =L 5700 mm

h = 3000 mm
′ = − − =h 3000 200 400 2400 mm

θ = °22 83.

′ = + =w 5700 2400 61852 2  mm
I = × = ×300 300 12 6 75 103 8 4/ . mm
twall = 215 mm

γm = 3.0 for compression, and 2.5 for shear.
fb = 47 N/mm2 for the bricks, and
fm = 12 N/mm2 as 1:¼:3 is M12 mortar 

mix, so the masonry strength
f f fk b m= =0 5 15 60 7 0 3 2. .. . N/mm
Ewall = 1000 × 15.6 = 15.6 kN/mm2

Eframe = 35 kN/mm2

λ = × × × °
× × × ×

15 6 215 2 22 83

4 35 6 75 10 24008
4

. sin( . )

.
λh = 5.411

′
′

=L

h
2 375.

From Figure 8.48
R

f h t
vc

k m( / )
.

γ ′
= 0 33  for compression failure, 

and 0.55 for diagonal splitting failure. 
The lower is critical, so

Rvc = × × × × −0 33
15 6

3 0
2400 215 10 3.

.

.
From Figure 8.49, using μ = 0.6

R

f h t
s

v m( / )
.

γ ′
= 2 65  for shear failure.

= 1.804 × 10−3

= 885.6 kN

γm = 3.5 for compression, and 2.5 for 
shear.

From BS 5628 Table 2(a):fk = 14.28 N/mm2

Ewall = 450 × 14.28/1000 = 6.43 kN/mm2

Eframe = 30 kN/mm2

λ = × × × °
× × × ×

6 43 215 2 22 83

4 30 6 75 10 24008
4

. sin( . )

.
λh = 4.505

′
′

=L

h
2 375.

From Figure 8.48
R

f h t
vc

k m( / )
.

γ ′
= 0 38  for compression 

failure, and 0.60 for diagonal splitting 
failure. The lower is critical, so

Rvc = × × × × −0 38
14 28

3 5
2400 215 10 3.

.

.
From Figure 8.49, using μ = 0.6

R

f h t
s

v m( / )
.

γ ′
= 2 73 for shear failure.

= 1.502 × 10−3

= 800 kN
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The shear capacity is a function of the 
normal compression σn; iteration is 
required. Try Hv = 225 kN.

fs = + × ×
× ×







0 3
0 4 225 10

0 5 5700 215
2 5

3

.
.

.
.

Rs = × × × × −2 65 0 179 2400 215 10 3. .
HRv = 244.4 cos 22.83°
Design ultimate wind load at second floor 

level per end
Hv = 1.5 × 0.80 × 25 × (1.5 + 3.0)
< 225.2 kN capacity, and the design 

value of
Rv = 135.0/cos 22.83°
α π

λ
π

h h
= =

× × ×−2 2 1 804 10 30003.
Contact length with column 

α = 0.29 × 3000 = 870 mm
Shear strength without σn is 

0.3/2.5 = 0.12 N/mm2

Rv = × × ×
°

−0 12 870 215 10

22 83

3.

sin .
Residual force = (146.5 − 57.8) sin 22.83° 

= 34.4 kN is carried to first-floor beam 
and does not transfer to column

= 0.179

= 244.4 kN
= 225.2 kN

= 135.0 kN

= 146.5 kN

= 0.29

= 57.8 kN

Rs = × × × × −2 73
0 35

2 5
2400 215 10 3.

.

.
HRv = 197.2 cos 22.83°
Design ultimate wind load at second floor 

level per end
Hv = 1.4 × 0.80 × 25 × (1.5 + 3.0)
< 181.8 kN capacity, and the design 

value of
Rv = 126.0/cos 22.83°
α π

λ
π

h h
= =

× × ×−2 2 1 502 10 30003.

Contact length with column 
α = 0.349 × 3000 = 1046 mm

Rv = × × ×
°

−0 14 1046 215 10

22 83

3.

sin .
Residual force = (136.7 − 81.1) sin 22.83° 

= 21.6 kN is carried to first-floor beam 
and does not transfer to column

= 197.2 kN

= 181.8 kN

= 126.0 kN

= 136.7 kN

= 0.349

= 81.1 kN

8.7.4  Infill walls without beam framing elements

The function of horizontal beams for the framing action in infill wall design may be replaced by using 
dowels between upper and lower walls, as shown in Figures 8.52 and 8.53. The units are economical 
to manufacture in shallow steel or timber moulds; see Figure 8.54. The dowels serve two functions 
– by providing horizontal shear forces as well as holding the walls together by developing tension 
across the interface. The diagonal strut analogy for infill walls is replaced by shear panel concepts, 
whereby both the horizontal and the complementary vertical shear forces are resisted by mechanical 
means. The vertical shear resistance between the wall and columns may be provided either by welding 
together cast-in plates on site, or by using projecting dowels grouted into a keyed joint along the full 
interface.

This method of construction, although more expensive than the infill method, has the advantage 
that fairly large voids may be formed in the walls, providing that there remains sufficient contact 
between the precast components to allow panel action to take place. The wall panels are also relatively 
inexpensive to manufacture, requiring simple rebar cages usually consisting of two sheets of A142 or 
A193 mesh. The units shown in Figure 8.54 also included projecting dowels, dowel holes and cast-in 
plates.

Figures 8.55 and 8.56 show a deep nib solution to providing a large, vertical shear capacity  
between connecting walls. This is an alternative to the use of interlocking loops or welding plates  
in the sides of the walls. Vertical tie bars pass through sleeves in the walls, which are grouted to  
form the continuity. The black ring in Figure 8.56 is a dam to enable a flowable, non-shrink grout  
to be used.
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8.7.5  Use of slip-formed or extruded hollow-core walls as infill walls

Slip-formed or extruded hollow-core units, made in a similar manner to hollow-core slabs, may be 
used as infill walls, as shown in Figure 8.57 and Figures 8.58(a) and (b).The latter shows two alterna-
tive forms of construction. The method is not used extensively in some countries, and hardly at all 
in the UK, but it should not be dismissed as an alternative form of bracing, even though the thickness 
of the wall will inevitably be greater than for a solid wall of equal strength.

Slip-formed hollow-core walls are notoriously difficult to handle in the vertical position, owing to 
an absence of cast-in lifting points. Friction clamps provide the best method of lifting and pitching, 
but the safety of these devices must be guaranteed at all times.

The wall units must be symmetrical and lightly prestressed. In the first method (Figure 8.58(a)), 
the hollow cores lie in a horizontal plane and the ends of the cores are filled with in situ concrete 
(6 mm aggregate) for a distance of about 100 mm generally, and 500 mm to 600 mm in at least two 
cores per unit. Note the similarity with the hollow-core slab arrangement. The edges of the units are 
profiled to give a ‘tongue-and-groove’ joint, which helps to locate the walls one above another. Wall 
units are bedded onto wet mortar, with steel or plastic shims used to obtain the correct levels. Some 
form of temporary stability is required, usually in the form of sturdy clamps placed around the 
columns at the corners of each wall unit. This method of assembly relies on the columns for temporary 
stability.

Figure 8.52  Construction of precast shear walls.
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Figure 8.53  Partially complete construction of precast shear walls.

Figure 8.54  Wall panels in stock yard.
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Figure 8.55  Precast concrete walls with deep nib vertical connection.

Figure 8.56  Vertical tie bars in deep nib connection between precast concrete walls.
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The design method is an extension of the solid infill wall design, except that there are four addi-
tional considerations:

	 the reduced cross-sectional area and inertia of the hollow-core wall unit compared with a solid 
wall of equal thickness

	 the horizontal shear force in the longitudinal joint between the units
	 the shear key to the column
	 crushing of the webs in the corners of the wall panel.

The diagonal strut model is shown in Figure 8.58. Because the ends of the wall units are filled with 
grout, the contact width is equal to the full width of the wall. However, if Eq. (8.22) is to be used to 
determine the contact length α, the relative stiffness of the hollow-core wall must be modified to take 
into account the voids. The wall must also be checked for diagonal compressive capacity and for the 
effects of slenderness, as in the design of the solid wall in Section 8.7.1. Thus an effective thickness 
of wall tef is found by equating EIhcw of a hollow-core unit to EI of a solid wall of equal thickness. 
Assuming that E is constant, and the breadth of the wall is b, then the conversion is made as follows:

	 t
I

b
ef

hcw=
′

12
3 	 (8.37)

The effect of this reduction will have a compound effect on strength, especially if the wall becomes 
slender. The compressive strength of the wall is based on the total thickness of the two flanges – i.e. 
the webs between the hollow cores are ignored. As a result, the overall thickness of a hollow-core wall 
is likely to be greater than that of an equivalent solid wall. However, as the thickness of the greater 
proportion of solid walls is governed in practice not by ultimate design, but by lifting in the factory, 
the differences may not always be significant.

The second criterion concerns the development of sufficient vertical compression across the joint 
to enable the joint to be considered a compression joint, for which the ultimate shear stress is vRdi 

Figure 8.57  Hollow-core shear wall under construction (in Far East).
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Figure 8.58  Hollow-core units used as infill shear walls. (a) Hollow cores and joints horizontal and 
(b) hollow cores and joints vertical.

(a)

(b)
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which BS EN 1992-1-1, clause 6.2.5 [8.5], defines in terms of the normal stress σn {according to BS 
8110, Part 1, clause 5.3.7(b) [8.6] this is 0.45 N/mm2}. Neither code specifies the degree of compres-
sion that must exist across the joint, but it must be active in all design situations. The minimum 
compressive stress due to self-weight gives an ultimate compressive stress of about 0.04 N/mm2, and 
is clearly insignificant. However, it is not possible for a horizontal shear force Hv to exist in the joint 
unless it is accompanied by a diagonal force Rv, where Rv = Hv/cos θ. The vertical component of 
Rv = Rv sin θ. The force Rv acts across a diagonal of width 0.1 × diagonal length of wall = 0.1w′ and 
therefore compresses the joint over a distance x = 0.1 w′/sin θ.

However, because the wall unit has large in-plane stiffness, EIxx, it is known that diagonal forces 
acting across a hollow-core diaphragm exert uniform pressures and displacements over a considerable 
length of the interface. Wahid Omar [8.31] found differential crack openings of less than 0.05 mm in 
a 4 m long hollow-core slab when subjected to shear, and several investigators have measured greater 
shear capacities between hollow-core units when a diagonal force is acting across the joint.

Thus the compressive stress may be determined and, if necessary, added to the self-weight pressure 
of 0.04 N/mm2. The ratio of the vertical to the horizontal stress will depend on θ, but for θ = 35° (a 
common value) it is between 0.70 and 0.75. This is equal to the required coefficient of friction in a 
plain surface (BS EN 1992-1-1, clause 6.2.5 [8.5]) {BS 8110, Part 1, Table 5.3 [8.6]}.

The wall units must in all cases be prevented from moving apart, and be shear-connected to the 
columns. The simplest method is to cast projecting U- or L-shaped tie bars into the columns and fill 
the mating opened hollow core with expansive concrete, as shown in Figure 8.59. The projection from 
the column should be a full anchorage length, typically 600 mm for a 16 mm bar. Mild steel bars are 
often cast against the inside of the mould and broken out as soon as the column is demoulded.

The area of steel required may be calculated as follows. The vertical shear force is complemen
tary to the horizontal force and equal to H tan θ. If the vertical shear stress exceeds 0.15 N/mm2 

Figure 8.59  Shear connectors between infill hollow-core wall and columns.
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{0.23 N/mm2} (this is used because only a part of the vertical joint is under compression and because 
the column is flexible), reinforcement should be provided to resist the entire shear force. The area of 
shear steel projecting from the column is given by:

	 A
H

f
s

v

y

=
×

tan

. .

θ
0 6 0 87

	 (8.38)

This steel may be distributed uniformly over the storey height. At least two cores per wall unit should 
be opened. The opened core should be filled using a minimum concrete grade C30/37. Maximum bar 
size to permit on-site bending is 16 mm.

Local crushing of the webs in the corners of the wall panel may occur in flexible frames, where the 
contact zones, α are small. This may easily be prevented by filling the first one or two cores with 
concrete in the factory for a distance of about 600 mm.

In the second method, Figure 8.58(b), the wall-to-wall joints are vertical. The main differences with 
the former method are:

	 the joint is rebated and filled (inside a shutter) in the same way as floor slabs
	 the interface shear stresses are the result of complementary shear forces trying to rack the panel in 

a lozenging effect.

The largest force occurs in the vertical joint nearest the centre of the panel. The joints are all sub-
jected to a normal compression Rv cos θ, which is equal to the shear force Hv. Thus a limiting value 
for the vertical interface shear stress of vRdi {0.45 N/mm2} is used in the design. The surface of the 
column in contact with the wall is either roughened by removing laitance and revealing the coarse 
aggregate, or castellated to form a shear key (see Figure 6.9 [8.5]). The effects on slenderness and 
strength capacity of the hollow-core unit are the same as in the former method.

The horizontal joint between the top of the units and the floor beam is made by dowelling the 
hollow cores through holes (preferably slots) in the beam. The tolerance required in this joint to take 
care of variations in the height of the hollow-core units is at least 20 mm. The figure has exaggerated 
the effect. The dowels are grouted into two or three sealed hollow cores per unit prior to the upper-
floor units being placed. The joint is completed by pouring in situ concrete through preformed open-
ings in the upper wall units. Expansive cements are used throughout.

Hollow-core walls are reinforced longitudinally, using a symmetrical arrangement of prestressing 
wires, to produce a uniform prestress of around 2 N/mm2. This is sufficient for lifting purposes. If the 
walls are exposed to lateral wind loading, they should be designed to span horizontally between 
columns or vertically between beams. It is unlikely that this will be a governing factor in the design 
of the units.

Exercise 8.13  Hollow-core shear wall design

Calculate the horizontal shear capacity of a 250 mm-thick hollow-core shear wall for the geometry and loading 
shown in Figure 8.60. Design the connecting reinforcement to the column for this capacity.

Use grade C40/50 concrete for the precast wall, grade C30/37 concrete for the in situ infill, and mild steel fyk 
{fy} = 250 N/mm2 for the rebent loops in the joints.

Solution

Step 1: Ultimate shear resistance
Properties of hollow-core wall per 1200 mm-wide unit taken from manufacturer’s literature are:
t = 250 mm
I = ×1250 106 4mm
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Top and bottom flange thicknesses = 35 mm
′ =L 5700 mm

h = 3020 mm
′ = − − =h 3020 200 400 2420 mm

θ = °23 0.

′ = + =w 5700 2420 61922 2  mm
For the purpose of slenderness the effective thickness of the hollow-core unit is:

tef = × × =12 1250 10

1200
232

6
3  mm

Le = (1 + (2420/5700)2)−1 × 6192
Le/tef = 5246/232
< 25
For the purpose of strength the effective 

thickness is tef

Eq. (8.28 and 8.29)
ei = 2420/400
Rv = 0.453 × 40 × 619 × 70 (1.14 (1 − 

6.0/232) − 0.02 × 5246/232) × 10−3

Hv = Rv cos 23.0°

= 5246 mm
= 22.6

= 70 mm

= 6.0 mm

= 517.0 kN
= 475.9 kN

Le/tef = 0.75 × 6192/232
< 30, but because > 12, reduction factors 

apply.
For the purpose of strength the effective 

thickness is tef = 35 + 35
Eq. (8.28 and 8.29)

Rv = × × × −





× −0 3 50 619 70 0 94
20 0

1250
10

2
3. .

.

Hv = Rv cos 23.0°

= 20.0

= 70 mm

= 403.0 kN

= 370.9 kN

Figure 8.60  Details for Exercise 8.13.
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8.7.6  Cantilever shear walls and shear boxes

Cantilever walls and boxes are generally very large physically because they are most often provided as 
stabilising elements around stairwells and lift shafts. The individual precast components are tied 
together vertically using site-placed continuity reinforcement or other mechanical connections, such 
as welded plates or bars.

Various failure modes are considered: shear slip failure occurs where L/h is greater than (approxi-
mately) 2.5 to 3, as shown in Figure 8.61(a); flexural tension failure occurs particularly if the wall is 
lightly loaded axially, Figure 8.61(b), and flexural compression failure occurs if the wall is heavily 
loaded, Figure 8.61(c). The wall panels themselves are designed as reinforced (not plain) concrete 
walls in the conventional rc manner.

The slenderness of the wall, out-of-plane eccentric loading and constructional tolerances are taken 
into consideration. Particular emphasis is given to the reinforcing of corners – particularly to avoid 
cracking at the early lifting age – and around windows and doors, etc. Figure 8.62 shows a typical 
detail for these regions. Large fenestrations, openings for doors or services, etc. are readily included 
by considering alternative load paths for the vertical and horizontal forces. The positions of the joints 
may have to be amended if particularly large voids fall on the proposed joint lines.

Complete storey-height units require only horizontal connections between them. Shear forces and 
overturning moments in the wall system generate regions of compression, shear and tension. Fully 
anchored reinforcing bars (or other mechanical devices, such as welded or bolted plates, or wall shoes, 
etc.) are used to transfer the tensile forces between units in addition to maintaining the pre-compression 
across the faces of the joint. The joint is assumed to be cracked only in flexure, and the shear friction 
theory is used to justify taking the full length of the wall into consideration in the determination of 
the average ultimate shear stress. The limiting value is fcvd {0.45 N/mm2}. In reality the shear resistance 
of the concrete under high pre-compression is usually sufficient to resist the imposed shear.

Units assembled from individual flat panels are connected on site using vertical joints whose main 
function is to resist shear forces resulting from the cantilever action of the wall. The resistance to 
sliding depends on the size and shape of the joint, in addition to the amount of reinforcement pro-
jecting from the adjoining panels. Typically, the joint is at least 60 mm across the root (10–15 mm  
at the outside edges). Larger root gaps are occasionally necessary, although full-scale experimental 
work [8.18] has shown a reduction of 44 per cent in the ultimate shear strength when the root  
gap is increased to 120 mm. Vertical and castellated joints have been studied fairly extensively  
[8.50–8.53] and the ultimate design stress of 0.5 fctd + 0.9 σn according to BS EN 1992-1-1, clause 
6.2.5(1) and (2) [8.5], typically 0.60 + 0.78 = 1.38 N/mm2 for As = 0.2% Ac with fck = 25 N/mm2 and 

Step 2: Check interface strength
Shear capacity on horizontal bedding joints using bedded width of 250 mm. For BS EN 1992-1-1 in the first 
instance, ignoring any friction contribution from vertical load on the beam (can be considered if necessary);

HRv = 0.2 × 0.14 × 302/3 × 5700 × 250 × 10−3

≈ compression capacity
Vertical shear force V
= 465.5 × tan 23.0°
Mean vertical interface stress
= 197.6 × 103/250 × 2420 =
> 0.15 N/mm2, then V to be resisted by 

projecting loops in shear.

As = ×
× ×

−197 6 10

0 6 0 87 250

3.

. .
Provide four H16 (1608 mm2) loops at 

equal spaces, two per unit.

= 465.5 kN

= 197.6 kN

= 0.33 N/mm2

= 1514 mm2

Hv = 0.45 × 5700 × 250 × 10−3

> compression capacity
Vertical shear force V
= 370.9 × tan 23.0°
Mean vertical interface stress
= 157.4 × 103/250 × 2420 =
> 0.23 N/mm2, then V to be resisted by 

projecting loops in shear.

As = ×
× ×

−157.4 10

0 6 0 87 250

3

. .
Provide four H16 (1608 mm2) loops at 

equal spaces, two per unit.

= 641.2 kN

= 157.4 kN

= 0.26 N/mm2

= 1206 mm2
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Figure 8.61  Deformations in wall panels. (a) Shear failure in long wall; (b) flexural tension due to large 
overturning moment; (c) compression failure due to combined axial forces and moments.

(a)

(b)

(c)

fyk = 500 N/mm2 {1.3 N/mm2} has been shown to be conservative as long as sufficient reinforcement 
is provided to develop aggregate interlock by shear friction.

Mechanical connections are favoured by some engineers, because they provide immediate stability 
to the walls. Fully anchored plates are used to provide the site welder with easily accessible down-hand 
welding.
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8.7.7  Hollow-core cantilever shear walls

The hollow-core walls described in this section are wet-cast, reinforced concrete panels with two or 
three preformed rectangular cores. The walls are used with the cores placed vertically and the design 
is different from that for the slip-formed infill walls discussed in Section 8.7.5.

The arrangement of these walls is shown in Figures 3.46 and 8.63. The walls must be placed between 
columns, even though they do not rely on composite action with the columns. The design section in 
BS 8110, Part 1, clause 3.9.3.6.3 is not very informative, and so design methods for columns are 
adopted with due consideration for transverse (out-of-plane) bending.

Hollow-core wall elements are manufactured using grade C30/37 to C40/50 concrete and contain 
typically 0.2 per cent reinforcement in each face. The hollow core is about 75 to 100 mm wide, depend-
ing on the overall thickness of the wall, and there are usually three or four cores in the length of the 
unit; see Figure 3.46. Typical sizes of wall are b = 200 to 250 mm, core size = 275 × 1200 mm, H = half 
or full storey height, and L = 3 to 5 m. The core is formed using a sacrificial polystyrene (or similar) 
former. The inside surface therefore provides a good shear key with the site-placed concrete. A rebate 
is provided in the sides of the unit to facilitate a keyed and grouted interface with the column.

Site-placed reinforcement includes starter bars cast into the foundation (the length of projecting bar 
is 1.0 × tension anchorage length), to which additional bars are lapped to provide the holding-down 
(tension) force Fs. In situ concrete (usually grade C30/37) is placed in the hollow cores to provide the 
compressive force Fc. The reinforcement is provided along the full length of the wall, with the larger bars, 
typically 16 mm-diameter high-tensile bars, nearest to the sides, or furthest from the neutral axis. The 
centre-most cores of the wall may be reinforced using 10- or 12 mm-diameter bars. The spacing of the 
bars is typically between 100 and 250 mm, depending on the strength requirements.

The design is carried out at the ultimate limit state as follows. Referring to Figure 8.64, the over-
turning moment M and axial compression N are calculated as before. Ignoring the compressive forces 
in the bars in the compression zone, the tensile force in the reinforcing bars Fs and the compressive 
force in the concrete Fc are given by:

Figure 8.62  Reinforcement details at large openings in shear walls.

Fs = 0.87nAsfyk

Fc = 0.85/1.5fckb0.8X
(8.39)
(8.40)

Fs = 0.87nAsfy

Fc = 0.45fcub0.9X
(8.39)
(8.40)
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Figure 8.63  Cantilever hollow-core walls.

Figure 8.64  Design principles for cantilever shear walls.

where n = number of bars at a spacing s within the tension zone, i.e. in the zone 2(d − X), d is the 
distance to the centroid of the steel, and X is the depth to the neutral axis. The design value of 0.85/1.5 
fck {0.45 fcu} is used because the flexural stresses dominate compared with the smaller axial stress, 
and so the BS EN 1992-1-1 rectangular stress block, or the BS 8110 idealised rectangular stress  
block, devised for beam design, is appropriate here. The main difference between beam design and 
cantilever wall design is that the values of d and n will vary depending on the relative magnitudes of 
N and M. Then:



618  Multi-storey Precast Concrete Framed Structures

Exercise 8.14  Hollow-core cantilever wall design

Redesign the long walls in Exercise 8.10 using hollow-core cantilever walls 2.7 m long × 200 mm thick, with the 
wall placed between 300 mm-square columns at 3.0 m centres. Assume that the flooring is supported by other 
beams and that the axial load on the wall is due only to self-weight.

Use concrete grade C30/37 for the precast concrete, and 12 mm-diameter high-tensile bars fyk {fy} = 500 N/mm2. 
Assume axis distance to centre of first bar = 50 mm.

Solution

Step 1: Determine reinforcement required
Height of wall = 4.0 + 3.0 + 3.0 = 10.0 m
Characteristic horizontal forces at:
roof / /  kN= × × =0 8 3 0 2 50 2 30. .
2 0 8 3 0 50 2 60nd floor /  kN= × × =. .
1 0 8 3 0 3 5 2 50 2 65st floor / /  kN= × + × =. ( . . )
Take moments at 0.05 m below top of foundation.
Try H12 bars at s = 150 mm centres, As = 113 mm2, 2a = 100 mm.
Partial safety factors for loads: γf = gravity = 1.0 {1.0} and wind = 1.5 {1.4}

NEd = 1.0 × 0.2 × 2.7 × 10.0 × 25
MEd = 1.5 × (30 × 10.05 + 60 × 7.05 

+ 65 × 4.05)
Then
N = 0.567fckb0.8X − 1.74(d − X)Asfyk/s
N = 0.453 × 30 × 200X − 1.74(d − X)113 

× 500/150
N = 2720X − 655.4(d − X)
d = 5.150X − 206.0

= 135.0 kN

= 1481.6 kNm

Nu = 1.0 × 0.2 × 2.7 × 10.0 × 24
Mu = 1.4 × (30 × 10.05 + 60 × 7.05 

+ 65 × 4.05)
Then
N = 0.45fcub0.9X − 1.74(d − X)Asfy/s
N = 0.405 × 37 × 200X − 1.74(d − X)113 

× 500/150
N = 2997X − 655.4(d − X)
d = 5.573X − 197.7

= 129.6 kN

= 1382.9 kNm

depending on whether the steel or concrete is critical. From these equations X and d may be deter-
mined for a given geometry, materials and loads. The minimum length of wall is given by:

	 L d d X a a= + − + =( ) , (2 where axis distance to first bar usually 50  to  mm60 ) 	 (8.43)

If this length is greater than the available length, either the value of b, fck {fcu} or As/s must be 
increased until it is less than the available length. The usual option is to decrease the bar spacing s so 
that the same size of bar may be used in all walls. However, if s becomes ridiculously small, say less 
than 75 mm, the size of bar should be increased. Some iteration, or trial and error, is required to find 
a unique solution to As/s, as shown in the following exercise. It is quite feasible to double up on the 
bars by placing them in pairs, providing that the bond lengths are increased accordingly.

N = Fc − Fs

N = 0.8 × 0.567fckbX − 1.74(d − X)Asfyk/s
Taking moments about the centroid of  

the steel bars: 
M = 0.453fckbX(d − 0.4X) − N(d − 0.5L)
or about the centroid of the concrete in 

compression
M = 1.74(d − X)Asfyk(d 

− 0.4X)/s + N(0.5L − 0.4X)

(8.41)

(8.42a)

(8.42b)

N = Fc − Fs

N = 0.405fcubX − 1.74(d − X)Asfy/s
Taking moments about the centroid  

of the steel bars: 
M = 0.405fcubX(d − 0.45X) − N(d − 0.5L)
or about the centroid of the concrete in 

compression
M = 1.74(d − X)Asfy(d − 0.45X)/s 

+ N(0.5L − 0.45X)

(8.41)

(8.42a)

(8.42b)
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Checking first the compression capacity, 
taking moments (8.42a): 

M = 0.453 fck bX (d − 0.44X) 
− N(d − 0.5L)

M = 2718dX − 1087.2X2 − 135.0 × 103 
(d − 1350)

M = 2718 (5.147X − 206.0)X − 1087.2X2 
− 129.6 × 103 (5.147X − 206.0 − 1350)

Solving this quadratic gives X = 366 mm 
and d = 1679 mm.

The ratio X/d
< 0.5 preventing any danger of 

over-reinforcement.
Eq. (8.43) L = d + (d − X) + 2a
> 2700 mm assumed. Therefore increase 

As/s. Iteration is required to find the 
solution thus:

Try H16 at 194 centres. As = 201 mm2.
Repeat above to give X = 412 mm
and d = 1506 mm.
Thus L = d + (d − X) + 2a
≈ 2700 mm required.

= 0.218

= 3092 mm

= 2699 mm

Checking first the compression capacity, 
taking moments (8.42a): M = 0.405 fcu 
bX (d − 0.45X) − N(d − 0.5L)

M = 2997dX − 1348.7X2 − 129.6 × 103 
(d − 1350)

M = 2997 (5.573X − 197.7)X − 1348.7X2 
− 129.6 × 103 (5.573X − 197.7 − 1350)

Solving this quadratic gives X = 324 mm 
and d = 1606 mm.

The ratio X/d
< 0.5 preventing any danger of 

over-reinforcement.
Eq. (8.43) L = d + (d − X) + 2a
> 2700 mm assumed. Therefore increase 

As/s. Iteration is required to find the 
solution thus:

Try H16 at 210 centres. As = 201 mm2.
Repeat above to give X = 355 mm
and d = 1476 mm.
Thus L = d + (d − X) + 2a
≈ 2700 mm required.

= 0.202

= 2988 mm

= 2697 mm

Step 2: Check ultimate moment of resistance based on rebars provided
Checking tensile capacity: taking moments about centre of concrete stress block (8.45b)

MRd = 1.74(d − X)Asfyk(d − 0.4X)/s 
+ NEd(0.5L − 0.4X) 
= MEd, confirms the solution.

Use H16 at 190 mm centres.

= 1482 kNm
M = 1.74(d − X)Asfy(d − 0.45X)/s 

+ N(0.5L − 0.45X)
= Mu, confirms the solution.

Use H16 at 210 mm centres.

= 1383 kNm

Exercise 8.15  Hollow-core cantilever wall ultimate moment

A hollow-core cantilever wall 2.70 m long × 200 mm thick is to be reinforced using H12 bars at 150 mm centres. 
Determine the ultimate moment of resistance when the axial load is zero.

Use concrete grade C30/37, and fyk {fy} = 500 N/mm2. Assume cover to first bar is 50 mm.

Solution
b = 200 mm, As = 113 mm2 per bar, and s = 150 mm 

Fc = 0.453 fck b X = 2718 X
Fs = 1.74 fyk (d − X) As/s

F d Xs = × × −1 74 500
113

150
. ( )

= 655.4 (d − X)
Then 2718 X = 655.4(d − X)
d = 5.147 X
From the geometry:  
d + (d − X) = 2700 − 100
d = 1300 + 0.5 X
X = 1300/(5.147 − 0.5) = 280 mm
and d = 1440 mm.
The ratio X/d < 0.5
Thus
M = 2718 X (d − 0.4X)

= 0.195

= 1010 kNm

Fc = 0.405 fcu b X = 2997 X
Fs = 1.74 fy (d − X) As/s

F d Xs = × × −1 74 500
113

150
. ( )

= 655.4 (d − X)
Then 2997 X = 655.4(d − X)
d = 5.573 X
From the geometry: 
d + (d − X) = 2700 − 100
d = 1300 + 0.5 X
X = 1300/(5.573 − 0.5) = 256 mm
and d = 1428 mm.
The ratio X/d < 0.5
Thus
M = 2997 X (d − 0.45 X)

= 0.179

= 1008 kNm
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Figure 8.65(a)  N/bL versus M/bL2 interaction chart for reinforced hollow-core walls using concrete fck = 30 
and fyk = 500 N/mm2 to BS EN 1992-1-1.
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Equations 8.42 to 8.45 may be used to develop the N versus M interaction charts shown in Figure 
8.65, using the geometry and materials in Exercise 8.14. Note the diminishing contribution of the 
reinforcement when N/bL > 12 as the concrete pressure dominates.

8.7.8  Solid cantilever shear walls

Solid reinforced concrete shear walls rely entirely on the connections in the horizontal and vertical 
planes. The horizontal sway displacement of these types of wall is a function of the shear-stiffness k 
of both the wall panel and the joint. The latter is the more flexible (and weaker) part, possibly 1/100th 
of the former in terms of stiffness [8.54]. One of the reasons for this large difference is that the precast 
wall must be strong enough to resist lifting forces at the factory within 12 hours of casting. It must 
also have considerable stiffness and strength in service.

As with the hollow-core cantilever wall, the design is carried out at the ultimate limit state, with 
the moment M and axial compression N calculated as before. Referring to Figure 8.66, the idealised 
stress block given in BS EN 1992-1-1, clause 3.1.7 [8.5] {BS 8110 [8.6]} is used to give the following 
forces in the concrete Fc and reinforcing bars Fs:

Fcs = 0.567fckb0.8X (8.44) Fcs = 0.45fcub0.9X (8.44)

where X = distance to neutral axis.

Fs = 0.87Asfyk (8.45) Fs = 0.87Asfy (8.45)

Then:

N = Fc − Fs = 0.453fckbX − 0.87Asfyk

M = 0.453fckbX(d − 0.4X) − N(d − 0.5h) 
or
M = 0.87Asfyk(d − 0.4X) − N(0.5h − 0.4X)

(8.46)

(8.47)

N = Fc − Fs = 0.405fcubX − 0.87Asfy

M = 0.405fcubX(d − 0.45X) − N(d − 0.5h) 
or
M = 0.87Asfy(d − 0.45X) − N(0.5h − 0.45X)

(8.46)

(8.47)
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Figure 8.65(b)  N/bL versus M/bL2 interaction chart for reinforced hollow-core walls using concrete fcu = 37 
and fy = 500 N/mm2 to BS 8110.
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depending on whether the steel or concrete is critical. Here h = length of wall, and d is the effective 
depth to the centroid of the steel bars in tension. This point should be coincident with the centroid 
of the group of holding-down bolts.

The side and end cover to these bars, and the clear horizontal distance between them, are very 
important and should not be less than 50 mm. This means that if two rows of bars are chosen, the 
minimum thickness of the wall should be 200 mm. If one row of bars is used, the wall thickness may 
be 150 mm – the minimum thickness for a precast wall.

Figure 8.66  Design principles for solid cantilever shear walls.
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The steel bar(s) at the bottom of the wall are often welded to wall splices or shoes and are therefore 
considered as mild steel. The bar(s) at the top of the wall are often threaded, projecting through the 
splice plate. These bars are high-tensile. To ensure the complete transfer of force, the vertical bars 
must be surrounded by horizontal steel on either side of the vertical bars. This horizontal bar is usually 
U-shaped, with a minimum area of 0.2 per cent {0.4 per cent} × area of wall. Additional bars, typically 
two or three H10 at 50 mm centres, are added at the very top and bottom as an extra precaution 
against debonding.

Mechanical connectors between walls may be made using splice plates or the so-called ‘wall shoe’; 
Figure 8.67. Designs vary according to load capacity and the breadth of wall available. In general, the 
cost of such connectors increases as the breadth reduces.

The principle of the wall shoe is similar to the column shoe (Figure 7.112) in that a punched hole 
plate is welded to a shroud box and to rebars for anchorage into the surrounding concrete. The hole 
in the plate receives a threaded bar from the adjoining wall (or foundation). Sizes and capacities vary 
from 140 × 80 × 80 mm boxes with 16 mm-diameter bars capable of resisting tensile forces of about 
75 kN, to 250 × 150 × 150 mm with 32 mm bars having a capacity of at least 250 kN. As with the 
column shoe, the design strength is usually based on static strength of the threaded bar, and not the 
strength of the welded box, nor the bond strength of the rebars anchored into the wall.

Base plates may be used to connect the wall at the foundation, with the necessary modification to 
the design to allow for the fact that the compression plate and tension plate are separate. If the length 
of the wall = h, then the length of the base plate must be equal to the length of the compression stress 
block Xh. Note that in the design of base plates, the compressive stress is limited to 0 85 0 85. .× ′ = ′f fcd ck  
(using αcc = 0.85 because it is flexural compression bearing) {0 4. ′fcu }. The method given in Section 
7.14.2 may be used with the following modification to Eq.(7.101):

Figure 8.67  Details for wall shoe connector.
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because the distance to the centre of the bolts in tension is equal to Xh/2.
We can simplify by defining a new stress factor K

K
M

f bh

N e h

f bhck ck

= ′ = +
′2 2

0 5( . )
(8.49) K

M

f bh

N e h

f bhcu cu

= ′ = +
′2 2

0 5( . )
(8.49)
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where b = breadth of wall and h = length of wall in plane of bending. (Note: K in Eq. (8.49) is not 
the same as K in Eq. (7.100).) The magnitude of the bracketed coefficient in Eq. (8.50) will be small 
(typically 0.005) in comparison with all other values, and so Eq. (8.50) may be approximated to:

X2 − X + 2.08K = 0 (8.51) X2 − X + 2.5K = 0 (8.51)

without significant loss in accuracy.
The holding-down force in the bolts is given by Eq. (7.99), and the bolt size by Eq. (7.102). Usually 

there will be four bars per plate, two on either side of the wall.
The length of the base plate should be greater than Xd by at least 50 mm to allow for edge spalling 

beneath the plate. It is quite common for the size of the plate to be governed by the physical size of 
the bolts and the spacing between them – more for the contractor’s benefit when casting them into 
the foundation than for the precaster’s needs. The edge distance to the bolts should be at least 50 mm, 
and the centre distance between them at least 75 mm for bolts up to 25 mm diameter, and 100 mm 
for larger diameters.

As a final check on the arithmetic, the sum of the forces in the bars and underneath the base plate 
should be equal to M/z, where z = (d − Xd)/2.

For the base plates, splices and/or wall shoes to be structurally effective the reinforcement in the 
wall must be gathered near the connector to utilise the strength of the shoe. The recommended 
spacing between the bars is 200 mm vertically and horizontally. The walls may be symmetrically and 
partially prestressed (approx. < 4 N/mm2), to assist in pitching the more slender walls. Prestressed 
walls would also be reinforced, as for ordinary rc walls. It is therefore necessary to design the connec-
tions first, before proceeding with the reinforcement design.

Exercise 8.16  Solid cantilever wall design

Design a solid reinforced concrete cantilever shear wall 2700 mm long × 200 mm thick with joints at each floor. 
Given the ultimate axial force in the wall is 142.5 kN {150 kN}, and the overturning moment is 1083 kNm 
{1140 kNm} at the foundation, design a steel base plate connection. If the ultimate axial force and moment at the 
first floor is 95 kN and 551 kNm {100 kN and 580 kNm}, also design a steel splice connection which is flush with 
the sides of the wall.

Use grade C30/37 for both precast and in situ concrete, fyk {fy} = 500 N/mm2, fykw {fyw} = 250 N/mm2 for bars 
welded to plates, grade S275 {43} steel plate and welds. Cover to bars in wall = 35 mm.

(Continued)
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Solution

Step 1: Design of base plate
Let bp = 200 + 2 × 100 = 400 mm
h = 2700 mm

e = 1083 × 103/142.5

K = × × +
× ×

142 5 10 7600 2700 2

30 400 2700

3

2

. ( / )

Hence X = 0.03744, and
Xh = 101.1 mm.
Then Fc = 0.567 × 30 × 400 × 0.8 

× 101.1 × 10−3 
Bolt force F = 454.5 − 142.5

= 7600 mm

= 14.58 × 10−3

= 454.5 kN
= 312.0 kN

e = 1140 × 103/150

K = × × +
× ×

150 10 7600 2700 2

37 400 2700

3

2

( / )

Hence X = 0.03182, and
Xh = 85.92 mm.
Then Fc

= 0.45 × 37 × 400 × 0.9 × 85.92 × 10−3

Bolt force F = 515.0 − 150.0

= 7600 mm

= 12.44 × 10−3

= 515.0 kN
= 365.0 kN

Use six M20 grade 8.8 holding-down bolts (626.4 kN), three each side of the wall at 75 mm centres.

Figure 8.68  Details for Exercise 8.16.

Figure 8.69  Details for Exercise 8.16.



Designing for Horizontal Load  625

Plate length > 50 + 75 + 75 + 50 = 250 mm to allow access for fixing bolts, or

101.1 + 50 = 151.1 mm < above.
Actual compressive stress beneath plate 

= ×
×

=491 3 10

400 250
4 91

3
2.

. N/mm

Plate thickness given by Eq. (7.103) and/or 
(7.104) using L = 100 mm, m ≈ 110 mm, 
b = 250 mm, and F = 348.8/2 = 174.4 kN

t = × ×2 4 91 100

275

2.

based on compression beneath plate, or

t = × × ×
×

4 174 4 10 110

250 275

3.

based on tension in bolts

= 18.9 mm

= 33.4  mm

85.9 + 50 = 135.9 mm < above.
Actual compressive stress beneath plate 

= ×
×

=515 0 10

400 250
5 15

3
2.

. N/mm

Plate thickness given by Eq. (7.103) and/or 
(7.104) using L = 100 mm, m ≈ 110 mm, 
b = 250 mm, and F = 365/2 = 182.5 kN

t = × ×2 5 15 100

275

2.

based on compression beneath plate, or

t = × × ×
×

4 182 5 10 110

250 275

3.

based on tension in bolts

= 19.35 mm

= 34.2 mm

Use two 250 × 400 × 40 mm mild steel plates.

Step 2: Reinforcement on the base plate
Place the welded reinforcing bars such that the effective depth d = 2700 − 250/2 = 2575 mm.

Using Eq. (8.46)

N = 2720 X − 217.5 As

So X = 55.39 + 0.0780 As

Eq. (8.47) gives
M = 1085 × 106

= − −





− × − −

217 5 2575
52 39

2

0 080

2

142 5 10
2700

2

52 39

2

0 03

.
. .

.
. .

A
A

s
s

880

2

As





Hence As

and X = 185.1 mm.
= 1660 mm2

N = 2997 X − 217.5 As

So X = 50.05 + 0.0726 As

Eq. (8.47) gives
M = 1140 × 106

= − −





− × − −

217 5 2575
50 05

2

0 0726

2

150 10
2700

2

50 05

2

0 073

.
. .

. .

A
A

s
s

226

2

As





Hence As

and X = 177.1 mm.
= 1750 mm2

Use six H25 bars (2945 mm2) at 75 mm centres, three for each face.
These bars should be aligned with the positions of the holding-down bolts.

Step 3: Reinforcement in the wall
High-tensile bars to be lapped with the above to carry tension up to first floor. Repeat the above using fyk 
{fy} = 500 N/mm2

So X = 52.39 + 0.1599 As

M = 1083 × 106

= − −





− × − −

217 5 2575
52 39

2

0 1599

2

142 5 10
2700

2

52 39

2

03

.
. .

.
. .

A
A

s
s

11599

2

As





Hence As = 819 mm2

Then X = 50.05 + 0.1451 As

M = 1140 × 106

= − −





− × − −

217 5 2575
50 05

2

0 1451

2

150 10
2700

2

50 05

2

0 143

.
. .

. .

A
A

s
s

551

2

As





As = 865 mm2

Use six H20 bars (1890 mm2) lapped to welded H25 bars.

(Continued)
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Vertical steel in remainder of wall  
= 0.2% = 400 mm2/m per two faces

Horizontal steel in wall  
= 0.2% = 400 mm2/m per both faces

Vertical steel in remainder of wall  
= 0.4% = 800 mm2/m per two faces

Horizontal steel in wall  
= 0.25% = 500 mm2/m per both faces

Use B503 fabric, plus H8 U-bars at 200 mm centres at ends of wall.

Step 4: Wall splice at f﻿irst f﻿loor
Referring to Figure 8.68, maintain the effective depth to the bars in the splice at d = 2575 mm.

Design mild steel stress bars in upper wall welded to splice plate, again from Eq. (8.46):

X = 95/142.5 × 52.39 + 0.0800 As

Eq. (8.47) gives
M = 551 × 106

= − −





− × − −

217 5 2575
34 93

2

0 0800

2

95 10
2700

2

34 93

2

0 0803

.
. .

. .

A
A

s
s

00

2

As





Hence As = 773 mm2

X = 100/150 × 50.05 + 0.0726 As

Eq. (8.47) gives
M = 580 × 106

= − −





− × − −

217 5 2575
33 57

2

0 0726

2

100 10
2700

2

33 57

2

0 073

.
. .

. .

A
A

s
s

226

2

As





Hence As = 816 mm2

Use four H20 bars (1257 mm2) in between the projecting threaded bars.
High-tensile threaded bars in lower wall. Repeat the above using fyk {fy} = 500 N/mm2 

Then X = 37.25 + 0.1451 As

M = 551 × 106

= − −





− × − −

435 2575
37 25

2

0 1451

2

95 10
2700

2

37 25

2

0 14513

A
A

A

s
s. .

. . ss

2






As = 390 mm2

Then X = 33.37 + 0.1451 As

M = 580 × 106

= − −





− × − −

435 2575
33 57

2

0 1451

2

100 10
2700

2

33 57

2

0 14513

A
A

s
s. .

. . AAs

2






As = 412 mm2

Use four H20 bars (628 mm2) threaded to M16.

Step 5: Splice-plate design
Referring to Figure 8.69, size of plate = 250 mm long × 200 mm wide

Upper bars welded to plate to be located in mid-sides of plate. Lower threaded bars to be located at corners of 
plate. Refer to Section 7.13.4 for design method.

Edge distance to bars = cover 35 + link 8 + bar radius 10 = 53 mm; use 60 mm.
Distance between bar centres = (250 − 120)/2 = 65 mm

Force in bars in splice plate
= 0.87 × 500 × 390 × 10−3

Lever arm = 40 cos (tan−1 (40/65))

Effective breadth = +40 652 2

Moment in plate = 44.2 × 34

t = × ×
×

4 1445 10

250 275

3

based on tension in bolts
Shear in plate = 42.4 kN

t = ×
× ×

42 4 10

76 3 0 6 275

3.

. .

= 42.4 kN
= 34 mm

= 76.3 mm
= 1445 kNmm

= 16.6 mm

= 3.4 mm

Force in bars in splice plate
= 0.87 × 500 × 412 × 10−3

Lever arm = 40 cos (tan−1 (40/65))

Effective breadth = +40 652 2

Moment in plate = 44.8 × 34

t = × ×
×

4 1526 10

250 275

3

based on tension in bolts
Shear in plate = 44.8 kN

t = ×
× ×

44 8 10

76 3 0 6 275

3.

. .

= 44.8 kN
= 34 mm

= 76.3 mm
= 1526 kNmm

= 17.1 mm

= 3.6 mm

Use 250 × 200 × 20 mm splice plate.



CHAPTER 9

Structural Integrity and the Design 
for Accidental Loading

9.1  Precast Frame Integrity – The Vital Issue

Precast concrete frames are scrutinised by checking authorities more for structural stability, robust-
ness and integrity than for the performance of the individual reinforced and prestressed concrete 
components and connections. This means that there is more concern for the way in which precast 
members interact with each other than for the structural performance of an individual beam, slab or 
column. The main question is whether the frame will react to forces as an entity or, as in the case of 
a Meccano set, will the removal of one bolt potentially cause the whole structure to collapse? Codes 
of practice refer to this topic as ‘robustness’. BS EN 1992-1-1, clause 9.10 [9.2], quoting almost exactly 
BS 8110 [9.1], requires that:

. . . situations should be avoided where damage to small areas of a structure or failure of single elements 
may lead to collapse of major parts of the structure.

The popular term for this is ‘structural integrity’ and the design aspects involve all the items  
dealt with in this book – namely component design, connections, diaphragm action and structural 
stability. These items cannot be dealt with in isolation, and precast frame design is an integrated 
process.

Frame stability is a crucial issue in multi-storey precast construction and adequate stiffness, 
strength, and the provisions to guard against the possibility of a collapse which is disproportionate 
to its cause must be provided. Tie forces between the precast components must be mobilised in  
the event of accidental damage or abnormal loading – nowadays termed ‘accidental actions’ –  
and alternative means of transferring loads to the foundations must be sought if a component is 
rendered unserviceable. In all cases the precast floor must act as a rigid, yet ductile, horizontal 
diaphragm.

This chapter describes how a precast structure is designed against possible progressive collapse, and 
looks at the way connections are designed so that alternative load paths are available in the event of an 
accident.

Multi-storey Precast Concrete Framed Structures, Second Edition. Kim S. Elliott and Colin K. Jolly.
© 2013 Kim S. Elliott and Colin K. Jolly. Published 2013 by Blackwell Publishing Ltd.



628  Multi-storey Precast Concrete Framed Structures

Figure 9.1  Idealised deformation behaviour in non-linear materials.

9.2  Ductile Frame Design

9.2.1  Structural continuity in precast skeletal frames

In precast work the design of ductile structures is entirely dependent on the stiffness and ductility of 
the connections. The stiffness is the rate of change of load versus deformation, i.e. the tangent gradi-
ent K in the idealised plot shown in Figure 9.1. Ductility is measured in terms of a ductility factor Φ, 
the ratio between the deformation at the ultimate load Δu and the deformation at the yield point Δy 
in Figure 9.1. These are simple definitions and the two characteristics are easy to understand in terms 
of a single element or joint. However, their effect on the behaviour of three-dimensional precast 
concrete structures is complex.

The flexural stiffness of many of the beam-to-column connections in use is between 0.1Kb and 1.3 
Kb, where Kb = 4EI/L is the flexural stiffness of a prismatic beam of length L to which the connector 
is attached [9.3]. The ductility factors Φ for these connections vary from about 1.5 to more than 6. 
Figures 9.2(a) and (b) show examples of moment versus connection rotation data obtained from the 
full-scale beam-to-column-to-hollow-core slab assembly shown in Figure 9.3. The relative beam-to-
column rotations were measured at each side of the column, with the positive moment inducing 
hogging at the column face. Initial cracking occurred at the face of the column at approximately 5 
mrad, but the connection responded to increased moment at four times this value.

Similarly, the stiffness of the half-joint connection tested (by Elliott) as shown in Figure 4.32 is only 
about twice the shear stiffness of the end of a beam subjected to an end shear force (1.2 VL/AG). This 
information is hardly surprising, as the connections are designed as pinned joints with large shear 
capacities. The results of these and many other tests show that the designer is able to design the con-
nections in order to control frame behaviour.

Precast frame design is not based on ‘capacity’ design procedures. The ductility of a component  
or connection is considered implicitly, and a value of Φ is aimed for in the way that strength and 
stiffness is. However, if a connection is found to be ductile, that is usually the result of features being 
introduced to the design for reasons other than making the particular connection respond in a ductile 
manner.

For example, consider the beam-to-column connection in Figure 9.4. The steel billet has been 
designed to fail in bending, rather than by shear, crushing or buckling. The column has also been 
designed such that the confinement links will yield and enable the concrete underneath the billet to 
fail gradually (more like the compressive failure of a cylinder than of a cube). The beam half-joint 
has been designed so that bursting and shear failures are controlled by strategically placed and fully 



Structural Integrity and the Design for Accidental Loading  629

Figure 9.2  Moment versus rotation behaviour of beam-to-column connection tests [9.3].

(a)

(b)

Figure 9.3  Test assembly used in flexural connection tests [9.3]. Column and beam size = 300 × 300 mm. 
Slab depth = 200 mm (Roth type). Tie steel across top of beam = 2 no. T 25 ribbed bars. Precast and in situ 
concrete strengths = 50 N/mm2 and 25 N/mm2, respectively.
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anchored reinforcement. If any one of these three elements were to fail prematurely and catastrophi-
cally, the connector load-versus-deformation behaviour might be as shown in curve A in Figure 9.5. 
If the connector was so designed that all three elements were to fail simultaneously, the deformation 
might be as curve B, with the changing stiffness in the ‘grey’ area reflecting the redistribution of forces 
from one zone to another. However, the presence of the continuity tie steel passing through the floor 
slab and column will increase the ductility of the entire connection by allowing more than one of the 
constituent parts of the connection to yield without total failure. The result is the ductile response 
shown by curve C.

The design of components and connections should be such that undesirable modes of failure are 
prevented. These include:

	 shear-tension failures in incorrectly or unreinforced joints subjected to building movements etc.; 
see Figure 9.6 [9.4]

	 buckling of compression reinforcement in site-made connections where confinement links have 
not been specified, or omitted because of fixing difficulties; see Figure 9.7

	 anchorage failures in tie steel because of inadequate length of the projecting reinforcement and 
inadequate bearing lengths; see Figure 9.8 [9.5]

	 large plastic rotations in connections that have been designed as pinned joints, but have been 
constructed so that bending moments and torque have been transferred into components that have 
not been designed to resist the resulting forces; see e.g. Figure 9.9 for torsion and Figure 7.6 for 
flexure.

Figure 9.4  Principle of ductile beam-to-column connections because of continuous tie steel in the in situ 
infill strip over the beam.

Figure 9.5  Different failure criteria in connections.
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Figure 9.6  Shear failure by splitting of cover concrete [9.4].

Figure 9.7  Buckling in unconfined compression bars.
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The relationships between the stiffness and ductility of individual components/connections and 
the behaviour of the total structure form a complex, non-linear, three-dimensional problem with 
which, at the time of publication of the first edition of this book, research institutions were only just 
beginning to grapple [9.6]. However, from the past 15 years a considerable body of work now exists, 
as given in Chapter 7, Section 7.7.2.1, in which the partial strength and stiffness of slab-to-beam and 
beam-to-column connections were enhanced by the use of continuity ties placed within the beam/
floor zone. Although this work did not extend to providing information directly applicable to the 

Figure 9.8  Ultimate failure of displaced hollow-core slab by Engström [9.5].

Figure 9.9  Torsional moments transferred into columns because continuity steel is provided in the 
floor slab.
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design for robustness and continuity in 3-D frames, it nevertheless gave new methodologies and real 
experimental proof of ways of achieving continuity throughout a skeletal structure. These methods 
have formed the basis of the fib document Design of Precast Concrete Structures against Accidental 
Actions [9.7], and a substantial Unified Facilities Criteria document [9.8]. Some of the key points 
from the fib document are paraphrased as follows:

In a precast concrete structure, floor and beam interaction in the transfer of the accidental loading will 
depend on the structural layout and the positions of the connections. Two alternative models, based on 
the scenario in Figure 9.10, are given as follows:

In a 3-dimensional precast concrete slab field, tie forces may act in two mutually perpendicular 
directions, as ‘beam ties’ and along the slabs as ‘floor ties’. The floor ties will only act in the vicinity of 
the beam where the bearing is lost, which could be estimated as 50% of the span from the ends.

Deformations will concentrate in the connections between the beams and floors, provided that the 
remaining columns can take the redistributed gravity load. The precast floor beams, supported previ-
ously by the removed column, will normally remain rigid and keep their original shape. Depending on 
the design assumptions and the actual details, either the connection of the beam above the remaining 
supports will act in full restraint, or the connection will behave as a hinge, plastic or not, depending 
on where the bars are located, and open up a gap between the beam and column as shown in Figure 
9.10. In this situation the primary load transfer to the surrounding structure is assured by the floor 
beams alone, without major intervention of the transverse tie reinforcement in the floor slab (or struc-
tural topping if present). Because the floor–beam connections are in the upper part of the floors, during 
the downward movement of the beams the floor units are likely to slip from the beam ledge and remain 
suspended through the tie bars. The same is valid in the transverse direction. Consequently, the defor-
mations during the transition to a catenary system will concentrate in the joints between the floor units 
mutually, and between the floor units and the supporting beams.

As the length of the deformed floor support (C–D Figure 9.10) is greater than A–B, the slabs will 
split apart, and will be subjected to torsion. Longitudinal joints here will show larger openings than 
the other joints. With hollow-core floors, the connecting reinforcement between floor units and beams 
should be positioned in top-opened cores (as shown in Figure 9.21) and not in the longitudinal floor 
joints, since those will open during the deflection.

Figure 9.10  Possible scenario of the structural behaviour of a precast concrete frame structure after 
sudden column loss due to accidental actions (courtesy of fédération internationale du béton (fib), 
www.fib-international.org. Figure 26 in fib Bulletin 63 [9.7]).

A B

C

D

Large cracks in the
floor units due to torsion  

Structural topping is detached
from the slabs, mainly in the floor 
part near to the edge beams  

http://www.fib-international.org
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The length of the deformed structure B–D is greater than at A–B, assuming that the column at D 
will not move inwards. The latter could happen when all the upper floors deform in the same way. 
During the collapse, any structural topping will most probably be detached from the floor units in the 
vicinity of C–D, unless the reinforcement in the topping is effectively anchored to the hollow-core units 
through projecting links in the opened cores, as those in the longitudinal joints between the floor units 
will be ineffective because of the splitting apart of the units. As a consequence, in the most unfavourable 
scenario, the full gravity load will be taken by the peripheral tie bars anchored to the floor beams, and 
the deformations in the transition to a catenary system will concentrate in the joints between these 
beams and the supporting columns.

9.3  Background to the Present Requirements

The term ‘progressive collapse’ was first used in Britain following the partial collapse of a precast 
concrete wall frame at Ronan Point, London, in May 1968 (see Figure 9.11). A gas explosion in a 
corner room on the eighteenth floor blew out one of the external walls, and because of inadequate 
structural continuity between the wall and floor elements, the removal of one wall element was suf-
ficient to cause the total collapse of about 23 m2 of floor area per storey over the height of the entire 
building. (It was originally rectangular on plan.)

Figure 9.11  Progressive collapse of part of Ronan Point (courtesy of the Brick Development Association).
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Immediately following the accident several contracts were suspended for a time, until the results 
were known of structural investigations and testing at Imperial College, London, and the UK Building 
Research Station. The investigations found deficiencies in the manner in which the precast compo-
nents were tied to one another, which together with poor detailing and unsatisfactory workmanship 
was blamed for the disproportionate amount of damage. However, the most crucial factor was that 
there was no suitable design information to guide the designer towards a suitably robust solution, 
although there were some existing building standards that contained some guidance and general 
warnings on the structural integrity, i.e. design beyond the normal static or dynamic equilibrium of 
large panel structures. The code of practice used for the design of Ronan Point was issued in 1952, 
and the building regulations contained a clause known as the ‘functional requirement on structure’, 
which contained no mention of progressive collapse, redundancy, etc [9.9, 9.10]. Changes to the UK 
Building Regulations swiftly followed in November 1968 after the publication of a government report 
[9.11], which now contained such concepts as ‘the alternative load path when a structural element is 
removed’, ‘minimum tie forces for continuity’ and ‘an accidental static omni-pressure of 5 lb/in2 
(34 kN/m2)’. The standards became part of mandatory building regulations in April 1970.

The situation is equally important during the construction stage, when the designer may not always 
command the levels of control prevailing in the finished structure. Each year there are a small number 
of localised failures of precast components, mostly limited to a single floor or stair unit – for example 
as shown in Figures 9.12 and 9.13 – but there have been also a number of highly publicised collapses, 
for example as shown in Figure 9.14, in which a single precast concrete slab at one floor level failed 
during construction owing to a combination of inadequate propping and overloading of wet in situ 
concrete.

The latest provisions for the assessment and design methodology for accidental actions are given 
in BS EN 1991-1-7:2006 [9.12]. This standard describes the principles and application rules for 
dealing with (a) impact forces from vehicles (road, rail, sea and air), (b) forces resulting from explo-
sions, and (c) actions due to the local failure of elements from unspecified causes – for example, 
during erection of the building, damage during refurbishment or to changes to parts of the buildings. 
The standard is used for all building media and materials, and is compatible with other parts of BS 

Figure 9.12  Torsion cracking in hollow-core floor unit, possibly caused by unequal bearing levels, i.e. 
three-point bearing, or by beam deflections at either end of the unit acting in opposite directions during 
installation.
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Figure 9.14  Progressive collapse of slabs and beams during erection at Atlantic City, USA (courtesy of New 
Civil Engineer, November 2003).

Figure 9.13  Failure of a prestressed plank due to overloading during casting of topping.

EN 1990 and the material codes BS EN 1992, 1993, etc. Its main objective is to present a strategy for 
identifying the accidental actions, thereby limiting the extent of localised failure. The strategy, given 
in BS EN 1991-1-7, clause 3.2, is to:

(i)	 take measures to prevent or reduce its severity
(ii)	 determine the probability of the action
(iii)	 determine the consequence of failure
(iv)	 address public perception
(v)	 determine the acceptable risk.
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Structures are designed for the relevant design situations given in BS EN 1990, clause 3.2(2), i.e. 
dead and imposed gravity loads, temporary loads, wind pressure, effects of fire and temperature, 
seismic effects and accidental actions. The strategies for the latter are summarised in Figure 9.15, 
reproduced from BS EN 1991-1-7, Fig. 3.2 [9.12].

According to the chart in Figure 9.15, three alternative methods are used to design for accidental 
actions. Referring to Figure 9.16 these are:

(a)	 ‘key element’ working as a protected member
(b)	 ‘enhanced redundancy’, known as alternative load paths
(c)	 ‘prescriptive rules’ by the use of ties.

The methods may be adopted separately or in combination in different parts of the same structure. 
It is not permitted to superimpose the mechanical effects of the three methods; for example, one 
cannot say that a member is partially protected and partially tied – it has to be either fully protected 
or fully tied.

Methods (a) and (b) are classified as ‘direct’ methods, because an appreciation of the severity  
and possible location of any accidental damage is known or assumed. The structure can be designed 
to withstand the occurrence of primary damage without an uncontrolled escalation of the damage. 
The key words here are ‘uncontrolled escalation’. In method (c), in the event of accidental loading 
a notional tie force is capable of being activated at every location in the structure. Because the severity 
and possible location of the loads are not known, the method is classified as ‘indirect’.

Following the Ronan Point collapse, tests were carried out [9.13] in which horizontal pressures, 
due to controlled gas explosions inside chambers, were monitored and measured. Pressures of 15.8, 
16.9, 18.5 and 22.7 kPa caused structural damage without collapse. A pressure of 24.9 kPa caused 
considerable damage, with an outer wall showing a characteristic ‘hipped roof shape’ fracture-like 
crack pattern, but without collapse. From these (and other) test results, the 5th Amendment to the 
UK Building Regulations in 1978 [9.14] and today, the Building Regulations 2000, Part A [9.15], 
specified that any element on which the stability of the structure is to depend should, following an 
accident, be able to withstand a design ultimate pressure of 34 kPa, to which no partial safety factors 
should be applied. A simplified, less conservative robustness requirement had been adopted by most 
European design codes prior to the introduction of the Eurocodes. Such a protected member, 

Figure 9.15  Strategies for accidental design situations according to BS EN 1991-1-7 [9.12].
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including its connections to adjacent members, is called a ‘key element’ (BS EN 1992-1-1, clause 9.10 
[9.1]) {BS 8110, Part 2, clause 2.6}.

Key elements should be designed, constructed and protected as necessary to prevent removal by 
accident. All other structural components that provide support vital to the stability of a key element 
must also be considered a key element. Few precast structures have incorporated protected members, 
although certain non-load-bearing precast cladding panels have been designed as such in high-risk 
buildings.

An alternative direct design method, called ‘alternative path design’, specifies walls, beams and 
columns, or parts thereof, that are deemed to have failed and the remaining structure is analysed 
based on these criteria. The components in the remaining structure are called ‘bridging elements’. At 
each floor level in turn (including basement floors), every vertical load-bearing member, except for 
key elements, is sacrificed and the design should be such that collapse of a significant part of the 
structure does not result, as shown in Figure 9.17 [9.16]. Note that neither BS EN 1992-1-1 [9.1] nor 
BS 8110 [9.2] quantifies the permissible area of collapse, but the extent of damage is given in BS EN 
1991-1-7 [9.12], Appendix A, Fig. A1.2, reproduced here in Figure 9.18. This method is not widely 
used in the UK because of the implicit legal necessity to satisfy the requirements of BS 8110, which 
permits the indirect and more fully defined method of using a tied solution.

Figure 9.16  Alternative means of protection against progressive collapse. (a) Protected members; (b) alternative load paths; 
(c) use of ties.

(a)

(b)

(c)
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Izzuddin et al. [9.17] note some shortcomings: Ties are unrelated to real structural performance, and 
ductility considerations are neglected. They are intended to provide resistance to gravity loading by means 
of catenary action upon removal of a vertical member, yet the associated ductility demands for specific 
structural forms can be unrealistically large, thus rendering the provisions unsafe. On the other hand, the 
alternative notional member removal provisions are more performance-based, but these are applied with 
conventional design checks, and hence they ignore the beneficial effects of such nonlinear phenomena as 
catenary and arching actions.

The indirect approach to the control of accidental damage does not depend on the representation 
of the force vectors likely to be encountered, nor on the assessment of the effects of limited damage. 
The design is therefore based on empirical rules to provide minimum levels of strength, continuity 
and ductility. The first stage in securing stability is a satisfactory structural layout of slabs, beams, 
walls and columns, in which the smallest possible number of components rely upon others for safety. 
Figure 9.19 shows the kind of layout to avoid, where for various reasons columns are not permitted 
at certain locations. The load in the slab at Point X must pass through no fewer than six connections 
to reach the ground, i.e.:

(1)	 slab bearing
(2)	 beam-to-beam connection
(3)	 beam-to-stub column
(4)	 stub column-to-beam

Figure 9.17  Containment of damage and debris loading in multi-storey structures [9.16].

Figure 9.18  Recommended limit of admissible damage, adapted from BS EN 1991-1-7, Figure A.1 [9.12].

Key
(A) Local damage not exceeding 15% of floor area in each of two adjacent storeys
(B) Notional column to be removed
(a) Plan      (b) Section

(A)

(B)(B)

(a) (b)
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(5)	 beam-to-beam
(6)	 beam-to-column.

Failure at one point (Point 6) would affect six structural components. Similarly at Point Y the load 
must be carried through several connections, including a cantilever beam end connection.

Continuity of tie steel placed in the slabs to span over beams or walls, and for beams either around 
the sides of or through sleeves in columns, as shown in Figure 9.20, affords the highest degree of 
protection. Continuity around corners is also important, Figure 9.21, where specially profiled hollow-
core slabs are specified so as to enable the correct bend radius of 500 mm to be provided in the tie 
strands. If catenary action is assumed, as shown in Figure 9.22, allowance should be made for the 
horizontal reactions necessary for equilibrium.

To proceed with the design: BS 8110, Part 1, clauses 2.2.2.2. and 3.12.3 set out the requirements as 
to when and how the ties should be used, and this avoids de facto the requirement to design and 
construct key and bridging elements. Interaction between elements is obtained by the use of hori-
zontal floor and vertical column and wall ties positioned as shown in Figure 9.23. These are as follows:

	 horizontal internal and peripheral ties, which must also be anchored to vertical load-bearing 
elements

	 vertical ties.

Horizontal ties are further divided into floor and beam ties (Figure 9.24) [9.16]:

	 floor ties, to provide continuity between floor slabs, or between floor slabs and beams
	 internal and peripheral beam ties, to provide continuity along lines of main support beams
	 gable peripheral beam ties, to provide continuity between lines of main support beams.

Figure 9.19  Floor layout details which may endanger the structural integrity of the building in the case of 
an accident.
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Figure 9.20  Sleeves in columns to receive continuity tie steel.

Figure 9.21  Use of helical strand as stability tie steel at external corners.
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Figure 9.22  Catenary action between precast members.

Figure 9.23  Types of ties in skeletal frames.
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9.4  Categorisation of Buildings

Building regulations classify a minimum level of protection against accidental actions in terms of 
possible consequences classes, depending on the height and the function of a building, as:

–	 Class 1: low (limited consequences)
–	 Class 2a: medium, lower
–	 Class 2b: medium, upper
–	 Class 3: high consequences.

Eurocode EN 1991-1-7, Annex A [9.12], recommends consequences classes for different types  
and occupancies of buildings. Table 9.1, reproduced from the fib publication [9.7], combines these 
recommendations with recommended design strategies. The type of approach and the recommended 
level of resistance to accidental actions are based on the potential consequences of the event. The most 
onerous class should be adopted for buildings with varying numbers of storeys, mixed-use buildings 
or those constructed with basements, which fall into more than one class. However, if the building is 
large in plan area and divided into separate structures to control movements, then the lower areas 
could be classed in a lower building class; e.g. two storeys of apartments over retail premises exceeding 
2000 m2 would require Class 2B for the retail floor, but 2A for the apartments. Basement storeys may 
be omitted from the total building storeys provided they meet Class 2B ‘Upper risk group’ robustness 
requirements.

9.5  The Fully Tied Solution

9.5.1  Horizontal ties

The specific requirements relating to ties in precast concrete structures are given in BS EN 1992-1-1, 
clause 9.10.2 [9.1] {BS 8110, Part 1, clause 5.1.8 [9.2]}. These are satisfied either by using individual 
continuous ties provided explicitly for this purpose in in situ concrete strips, or by using ties partly 
in the in situ concrete and partly in the precast components.

Figure 9.24  Definitions of floor ties [9.17].
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Table 9.1  Categorisation of consequences classes and design strategies [9.7, 9.11].

Type of building and occupancy Design strategies

Class 1

Low-risk 
Group

Single-occupancy houses not exceeding 4 
storeys.

Agricultural buildings.

Buildings into which people rarely go, 
provided no part of the building is closer to 
another building or areas where people do 
go, than a distance of 1½ times the building 
height.

Provided a building has been designed in 
accordance with the rules given in national 
or international standards for satisfying 
stability in normal use, no further specific 
consideration is necessary with regard to 
accidental actions from unidentified causes.

Class 2a

Lower  
Medium- 
risk Group

Five-storey single-occupancy houses.

Hotels not exceeding 4 storeys.

Flats, apartments and other residential 
buildings not exceeding 4 storeys.

Offices not exceeding 4 storeys.

Industrial buildings not exceeding 3 storeys.

Retailing premises not exceeding 3 storeys 
of less than 1000 m2 floor area in each 
storey.

Single-storey educational buildings.

All buildings not exceeding 2 storeys to 
which the public are admitted and which 
contain floor areas not exceeding 2000 m2 
at each storey.

Buildings should be designed in accordance 
with the requirements of the indirect 
approach.

Effective peripheral and internal ties should 
be provided, respectively, for framed and 
load-bearing wall construction. Vertical ties 
are not strictly required, but always 
recommended.

Class 2b

Upper  
Medium- 
risk Group

Hotels, flats, apartments and other 
residential buildings greater than 4 storeys 
but not exceeding 15 storeys.

Educational buildings greater than single 
storey but not exceeding 15 storeys.

Retailing premises greater than 3 storeys 
but not exceeding 15 storeys.

Hospitals not exceeding 3 storeys.

Offices greater than 4 storeys but not 
exceeding 15 storeys.

All buildings to which the public are 
admitted and which contain floor areas 
exceeding 2000 m2 but not exceeding 
5000 m2 at each storey.

Car parking not exceeding 6 storeys.

Horizontal and vertical ties should be 
provided.

As an alternative, the building should be 
designed in accordance with the 
requirements of the alternative path 
approach.

The building should be checked to ensure 
that upon the notional removal of each 
supporting column and each beam 
supporting a column, or any nominal 
section of a load-bearing wall, the building 
remains stable and that any local damage 
does not exceed a certain limit.

Where the notional removal of such 
columns and sections of walls would result 
in an extent of damage in excess of the 
agreed limit, then such elements should be 
designed in accordance with the specific 
load resistance method.

In the case of wall frame buildings, the 
notional removal of sections of wall, one at 
a time, is likely to be the most practical 
strategy to adopt.
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Type of building and occupancy Design strategies

Class 3

High-risk 
Group

All buildings defined above as Class 2 
Lower and Upper Consequences Class that 
exceed the limits on area and number of 
storeys.

All buildings to which members of the 
public are admitted in significant numbers.

Stadia accommodating more than 5000 
spectators.

Buildings deemed to be high-risk targets.

Buildings containing hazardous substances 
and/or processes.

Distinction is made between buildings with 
normal occupancy and buildings with a 
high occupancy or significant consequence 
of an accidental action.

1) Buildings exceeding the limits of Class 
2a and 2b. This category of building either:

a) should be designed in accordance with 
the requirements of the alternative path 
approach as specified in Section 9.3, or

b) should have a systematic qualitative risk 
assessment of the building performed and 
the required improvements based on this 
assessment implemented.

2) Buildings with high occupancy and 
stadia with a capacity of more than 5000 
persons. For this category of building the 
consequences of accidental actions can be 
significant and a systematic risk assessment 
of the building should be undertaken and 
the required improvements based on this 
assessment implemented.

3) Buildings deemed to be high-risk or 
buildings containing dangerous substances, 
or where dangerous processes are carried 
out.

For this category of building a systematic 
risk assessment of the building should be 
undertaken and the required improvements 
based on this assessment implemented.

4) The limit of admissible local failure may 
be different for each type of building. The 
recommended value is 15% of the floor, or 
100 m2, whichever is smaller, in each of two 
adjacent storeys, as shown in Figure 9.18.

Note 1:  For buildings of more than one type of use, the ‘consequences class’ should be that relating to the most onerous type.
Note 2:  In determining the number of storeys, basement storeys may be excluded, provided such basement storeys fulfil the 
requirements of ‘Consequences Class 2b Upper Risk Group’.
Note 3:  Consequences class for building types not specifically covered should be taken as the closest similar type.

Table 9.1  (Continued)

The structural model is as follows. In the event of the complete loss of a supporting column or 
beam at floor level n, the floor plate at levels n and (n + 1) must resist total collapse by acting in 
catenary, as shown in Figures 9.10 and 9.22. At the moment the accident occurs, an alternative load 
path for the floor beams that were previously supported by the damaged member may not be imme-
diately available. If a column is removed, the tie forces over the beams must be mobilised. If a beam 
is lost, then it is the floor ties that do the work. With increasing deformation there will be a consider-
able amount of moment distribution away from the critical region. This will be followed by large 
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plastic hinge rotations at the column connections, which will lead to membrane action in the floor 
plate. A new equilibrium state will develop, as shown in Figure 9.22. The column that was directly 
above the damaged unit carries the beam end reactions of the beams at level n as a tie in vertical 
suspension. The column must therefore act as a tie according to Section 9.4.4, to prevent uncontrolled 
deflections leading to debris loading on the floor below.

This is a so-called ‘collapse mechanism’, which may be highly complex in buildings of irregular 
form. The problem is both three-dimensional and non-isotropic, depending upon the orientation of 
the floor slabs, walls and beams. A floor plate comprising structurally in situ topped double-tee units 
will be particularly difficult to analyse. A better term is a ‘controlled collapse mechanism’, for the aim 
is not necessarily to save the structure, but to save the lives of its occupants and of those in the vicin-
ity. If localised repair can subsequently permit reuse of the structure, then that is a coincidental 
advantage.

With increasing deformation a new equilibrium state will develop, as shown in Figure 9.22, where 
the deflection reaches a critical value Δcrit. If the deflection exceeds Δcrit, the tie steel will either fracture 
or debond in the adjacent spans. This behaviour is applicable to uniformly distributed loads in the 
beam at the floor level under consideration, and to point loads from the column above this level.

If the sagging deflected shape of the beam is deduced from uniformly distributed loading (udl), 
and the tie steel is elastic–perfectly–plastic, it can be shown that for a characteristic udl w acting on 
a beam of length 2L (= two spans L affected by the loss of an internal column), the catenary force T 
is given as:

	 T wL
. L

Lcrit

crit= +



2

0 208 0 25

∆
∆.

	 (9.1)

and for a point load P acting at mid-span of a beam of length 2L:

	 T P
L

crit

= 



 +0 5 1

2

.
∆

	 (9.2)

In this equation, P is the characteristic axial force in the column from the storey above, i.e. w(L/2 + L/2), 
because catenary action is taking place at all subsequent floors above the level under consideration. 
Δcrit is related to the strain in the tie steel, which is a function of the type of reinforcement and detail-
ing, and can be obtained only by testing. Test results [9.18] show that just prior to failure Δcrit ≈ 0.2L.

The above equations may be used to determine catenary tie forces and assist in understanding the 
derivation of the stability tie forces that are given in BS EN 1992-1-1 and BS 8110.

Example 9.1

An internal column carries a symmetrical arrangement of two beams, which in turn carry a symmetrical arrange-
ment of floor slabs. The column grid is 6.0 × 6.0 m. The characteristic dead plus live floor loading is 10.0 kN/m2. 
If the central column were to be removed in an accident, calculate the magnitude of the beam and slab tie force 
required to establish a new equilibrium sagging position.

Solution

Beam load w = × +



 =10

6 0

2

6 0

2
60 0

. .
.  kN/m

L = 6 0.  m

∆crit = × =0 2 6 0 1 2. . .  m
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(Eq. 9.1) T = 2 × 60 × 6 × (1.04 + 0.05) = 785 kN

P = × +



 =60

6 0

2

6 0

2
360

. .
 kN

(Eq. 9.2) T = 0.5 × 360 × 5.099 = 918 kN
Total tie force T = 1703 kN.
Consider that the tie force may be distributed equally between the beam tie and the floor ties, owing to the rec-

tangular grid dimensions.
Beam tie = 1703/2 = 851 kN
Floor ties = 1703/2 = 851 kN distributed over 6 m wide floor = 142 kN/m run.
The fib document [9.7] adopts an energy balance with regard to the linear extension of the tie bars from their 

original length L to L crit
2 2+ ∆ , in this example 6.11 m.

	 T wL
L

Lcrit crit

=
+



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2 22∆ ∆
	 (9.3)

Then T = 60.0 × 6.0 (6.02/2 × 1.2 × 6.11) = 883 kN, in reasonable agreement with 851 kN.

Tie bars are either high-tensile deformed bar, using a design strength of 500 N/mm2 (γm = 1.0), or (increasingly 
popular) helical prestressing strand using its characteristic design strength, though some engineers make a 10 per 
cent strength reduction for strand to 1580 N/mm2; see Figure 9.21. The strand is laid unstressed, but stretched tightly. 
The favourable mechanical properties of strand and the long lengths available on site make this an attractive alterna-
tive to high-tensile bar.

A tie is considered continuous if it is correctly lapped or spliced according to BS EN 1992-1-1, clause 8.7 [9.1] 
{BS 8110, clause 5.3.4 [9.2]}. However, strand should not be lapped in narrow site joints between precast units; 
mechanical fastenings are necessary here because bond stress transfer through small sections of concrete is uncertain. 
The details given for column splices in Section 7.12.2 may also be appropriate here. The lap length for deformed bar 
is usually taken as 40 diameters, in accordance with BS EN 1992-1-1, clause 8.7 [9.1], or from BS 8110, Part 1, Table 
3.29 [9.2] for grade C25/30 concrete. The lapping length for the strand is based on the transmission lengths given 
in BS EN 1992-1-1, clause 8.7.3 [9.1] {BS 8110, Part 1, clause 4.10.3 [9.2]}. Using fck = 20 N/mm2 {fcu = 25 N/mm2} 
in place of fci, and Kt = 360 for 7-wire drawn strand, a length of 72 × diameter is typical. Wahid Omar [9.19] under-
took pull-out tests on a number of 12.5 mm-diameter helical strands embedded over a length of 1200 mm (94 
diameters) into grade C20/25 concrete prisms 100 mm square. A maximum stress of 1790 N/mm2 was measured in 
the strand prior to fracturing, with zero slip being recorded at the rear end of the strand. Thus a lap length of 
1200 mm is usually specified.

The position of the lap is staggered to avoid a concentration of bars. The tie, of diameter φ, must be embedded in 
in situ concrete of at least 2(φ + hagg + 5) mm width. In most instances this means that the in situ concrete must be at 
least 60 mm wide (as explained in beam design in Section 4.3.3). The partial safety factor for steel reinforcement may 
be taken as 1.0 (BS EN 1992-1-1, clause 2.4.2.4) {BS 8110, Part 1, clause 2.2.4.2}. The partial safety factor for concrete 
in flexure is 1.2 {1.3}, but moments of resistance are not normally determined in this situation.

Ties passing through precast columns or walls are fed through oversized sleeves (usually two to three times the 
diameter of the tie bar(s)) and later concreted in. Problems occur with this detail at external corners, where the tie 
bars change direction by up to 90°. These sleeves are impossible to form; also, the position of the sleeve must be 
known in advance and correctly positioned in the mould. This can often cause problems of two kinds. Firstly, many 
manufacturers prefer not to puncture the side of the mould unnecessarily; and secondly, too many slots and sleeves 
can weaken columns and lead to small diagonal cracking at the corners of the sleeve.
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Figure 9.25  Ties anchored using cast-in sockets or bearing plates.

Figure 9.26  Stability ties at re-entrant corners.

Figure 9.27  Continuity of ties at re-entrant corners.

To overcome these problems precast contractors prefer to run tie steel past the face of the column, rather than 
through it. This means that the width of the beam, over which the tie bars are placed, must be greater than the width 
of the column around which they will pass. Otherwise part of the floor slab has to be broken out to allow the ties 
to be bent and cranked around the corners of the column.

Continuity around corners is achieved either by concreting the tie into a 45° splayed corner, or by using threaded 
couplers or anchored plates, as shown in Figure 9.25. Continuity is not usually provided between the flights and 
landings in precast staircases, because these units are not essential to the stability of the frame. However, Figure 
4.58(b) shows how this might be achieved, in the very rare event that continuity ties could be placed only in the 
floor landing.

The main problem with using gathered tie steel in this manner occurs at perimeter re-entrant corners where, as 
shown in Figure 9.26, the resultant force from the perimeter tie steel is pulling outwards into unconfined space. One 
cannot rely on the shear capacity of the column to restrain this force. Two alternatives, as shown in Figure 9.27, are 
possible:
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Figure 9.28  Difficulties in positioning ties at re-entrant corners.

(1)	 The tie steel continues through or past the side of the column as though it were an edge column. 
This is possible only if an internal beam is located in line with the edge beam, which is not always 
the case, as shown in Figure 9.28. In many buildings, particularly offices, a lift shaft or stairwell 
is located at re-entrant corners. This may cause additional tying problems because of the lack of 
space to place ties in walls, etc. Cast-in couplers (or similar) may be used to anchor the tie steel 
to the walls.

(2)	 A structural topping containing a steel fabric may be used in this localised area only, but that will 
probably cause embarrassment to the structural zone in the remainder of the floor. If the floor 
spans in that part of the building can be proportioned so that a shallower precast floor or precast 
beam is used in that area, a topping screed will not increase the overall floor depth. A 50 mm 
reduction is all that is required.

9.5.2  Calculation of tie forces

The requirements for all horizontal ties in BS 8110, Part 1, clause 3.12.3 [9.2] have been transferred 
exactly into the National Application Document for BS EN 1992-1-1 [9.1] in preference to adopting 
the Eurocode preferred methodology; the former is both simpler and less demanding. The require-
ments for column ties are a function of the load partial factors of 1.0 in BS EN 1992-1-1, and 1.05 
in BS 8110, and therefore have changed.

The basic horizontal tie force Ft is the lesser of:

	 F nt = +( )20 4 60or  kN/m width 	 (9.4)

where n is the number of storeys, including basements.
Ft is considered as an ultimate value and is not subjected to the further partial safety factor of 

γf = 1.05 given in BS 8110, clause 2.4.3.2. These requirements have been retained in the UK National 
Application Document to [9.1]. In other European countries, equation 6.11(b) in BS EN 1990 [2.8] 
may be used, i.e. Gk + ψ2 Qk, where ψ2 is the quasi-permanent factor, typically 0.3 for domestic, 0.6 
for shopping, congregation and car parks, and 0.8 for storage.

If the total characteristic permanent (Gk) + imposed (Qk) loading is greater than 7.5 kN/m2 and/or 
the distances (lr) between the columns or walls in the direction of the tie is greater than 5 m, the force 
is modified as the greater of:
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or

	 ′ =F Ft t 	 (9.6)

The catenary tie forces are calculated by simple statics, but the assumptions implicit in their for-
mulations are rather arbitrary. The precast reinforced or prestressed members are designed so that 
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they can generate the necessary tie forces, and so it is only continuity tie forces between the units that 
must be provided in situ.

Internal floor ties parallel with the span of the flooring are either distributed evenly, using short 
lengths of tie steel anchored by bond into the opened cores of the hollow-core floor units, or grouped 
in full-depth in situ strips at positions coincident with columns. The FIP Manual [9.20] on hollow-
core floors shows a large range of alternative details, from which Figure 9.29(a) has been taken. 
However, this illustration shows ties positioned in the longitudinal joints between two adjacent  
units – this is not recommended, for the reasons mentioned in Section 9.2.1 and shown in Figure 
9.10 in the event of catenary tie action splitting these joints. Figure 9.29(b) is an interesting example 
of using floor ties with end hooks positioned around the tie bars in beams, as these not only provide 
local confinement to the compression bars in the beam, but also ensure that the floor slab and beam 
would remain connected in the scenario shown in Figure 9.10. Floor ties should be positioned in the 
direction of the span of the floor unit and align across the beams, but on occasions it is necessary to 
incline the bars as shown in Figure 9.29(c). A small angle, as is the case here, is satisfactory, but any-
thing greater will necessitate the tie bars kinking and straightening before the tie load is effective. 
However, because the straightened-out tie is designed to operate at ultimate load under large defor-
mations, a larger anchorage length into the floor unit would enable the full resistance. Figures 9.29(d) 
and (e) show the welding of ties to obtain continuity through beams, using cast-in projecting bars in 
a precast beam, and welds to the sides of the web of a supporting steel girder, respectively.

In the first case, the mechanism relies on an adequate pull-out force generated by tie steel cast into 
in situ concreted hollow cores (see Section 9.5). A typical configuration is to use 12 mm-diameter 

Figure 9.29(a)  Continuity for floor ties in hollow-core slabs. Parallel with the floor slab.

(a)
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high-tensile bar or 12.5 mm-diameter helical strand at 600 mm centres, i.e. two bars per 1200 mm-
wide slab. For greater quantities it is better to decrease the bar spacing rather than increasing the size 
or number of bars. At no time should two bars be placed in one core. If high-tensile bars are cast into 
beams and arranged so that they are to be manually bent into the slots in the slab, the maximum size 
of bar that can easily be rebent on site is 12 mm diameter. Providing that the floor slabs are tied to 
edge beams or tied across internal beams, the tie force across the floor is provided in the precast floor 

Figure 9.29(b)  The solution of using floor ties looped around beam ties into the milled slots of hollow-core 
floor units.

(b)

Figure 9.29(c)  Floor ties inclined or not in alignment will attempt to straighten and kink before taking the 
tie loads effectively.

(c)
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unit itself. Adequate reinforcement will be provided in all but the least reinforced units, using the 
minimum area of high-tensile steel of 0.13 per cent Ac.

Ties along gable edge beams are placed into the broken-out cores of slabs at intervals varying 
between 1.2 and 2.0 m. As shown in Figure 9.29(f), the success of the ties relies on adequate anchorage 
of small loops cast into in situ concrete, which itself is locked into the bottom of the hollow-core. 
Generous openings (say 300 mm long) should be made in the floor slabs to ensure that any projecting 
tie steel in the beam may be lapped without damage to the slab or tie bar. Figure 9.29(g) shows the 
minimum requirements, and is an example of where site cuts have been made in order to position 
the tie. Here the tie force is Ft.

The magnitude of the tie forces ′Ft  between precast hollow-core slabs is as given by Eq. (9.5) or 
(9.6). The area of steel is:

	 A F fs t y= ′/ 	 (9.7)

since γf = 1.0 for the reinforcement (BS EN 1992-1-1, clause 2.4.4.2).
Continuity between beams is provided across the column line by calculating the magnitude of the 

internal and peripheral tie force ′Ft  according to Eq. (9.5) or (9.6). Here the tie force in the beam ′Ft  
is the summation of all the internal tie forces across the span L of the floor, i.e.:

	 ′ = ′F F Lt t( )beam 	 (9.8)

If the spans of the floor slabs on either side of the beam are different, L1 and L2, the summation of 
half of each span, i.e. 0.5 (L1 + L2), is used to replace L in Eq. (9.8). In an edge beam L2 = 0. Where 

Figure 9.29(d)  Floor ties passing into hollow-core slabs are welded to ties projecting from beams.

(d)
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Figure 9.29(e)  Floor ties into hollow-core slabs are welded to the webs of steel beams.

(e)

Figure 9.29(f)  Floor ties are placed into the opened cores in the top of hollow-core floor slabs, which are 
then filled using in situ concrete.

(f)
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the floor slabs to one side of the beam are spanning parallel with the beam, and on the other side are 
spanning onto the beam with a span L1, the beam tie force is taken as:

	 ′ = ′+ ′F F F Lt t t( ) . .beam 1 0 0 5 	 (9.9)

Where the floor slabs are spanning parallel with the span of an edge beam, only a nominal tie force 
1.0 ′Ft  need be provided. The area of steel is calculated according to Eq. (9.7).

The internal tie bars should be distributed equally on either side of the centre line of the beam, be 
separated by a distance of at least 15 mm to ensure adequate bond (assuming the in situ fill has 10 
mm-size aggregate), and be positioned underneath projecting loops from the beam. Peripheral tie 
bars should be similarly positioned and, according to BS EN 1992-1-1, clause 9.10.2.2 {BS 8110, clause 
3.12.3.5}, should be located within 1.2 m of the edge of the building. This is not usually a problem, 
except in the case of cantilevers where there is no beam nearer than 1.2 m from the end of the canti-
lever. In this case the tie must be located in a special edge beam, which is cast for the sole purpose of 
providing the peripheral tie.

The success of the tie beams depends largely on detailing. Figure 9.30 illustrates the concept; two 
tie bars are fixed on site and pass underneath the projecting reinforcement loops. The hooked bars, 
which must pass underneath, are fully anchored into the hollow cores of the slab. Finally, the tie bars 
pass through small sleeves preformed in the columns, or pass by the side of the column. Figure 9.31 
shows how continuity may be satisfied at external positions.

9.5.3  Horizontal ties to columns

Each external column is tied horizontally into the structure at each floor and roof level with ties 
capable of developing a force equal to the greater of (a) or (b), as follows (in the National Application 
Document to [9.1], a reiteration of BS 8110, Part 1, clause 3.12.3.6 [9.2]):

(1)	 the lesser of 2.0 ′Ft  or 0.4h Ft, where h is the storey height in metres
(2)	 3 per cent of the vertical ultimate axial force carried by the column at that level using γf = 1.0 

{1.05}.

Figure 9.29(g)  Gable edge beam ties to the edges of hollow-core units executed by cut-outs into the first 
two hollow cores, which are blocked off prior to in situ concrete infill.

(g)
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Figure 9.30  Stability ties at internal positions.

Figure 9.31  Stability ties at external positions.

Corner columns should be tied into the structure in two mutually perpendicular directions with 
the above force.

Ties may be provided at columns in one of two ways. If there is no positive tie force between the 
beam and column, e.g. the beam-to-column connector in Figure 7.68(a) where only a frictional 
bearing is provided, loose tie steel should be placed on site and be fully anchored, as shown in Figures 
9.20 and 9.32. The net cross section of any threaded bar (to the root of the thread) is used in calculat-
ing the area of the tie bar. The column should be checked to ensure that the tie force can be resisted, 
and all anchor plates, cast-in sockets, etc. should be designed accordingly. Resin-anchored reinforce-
ment may also be used, but this involves the use of proprietary materials and techniques. The manu-
facturer’s specification with regard to the size of hole and insertion of the resin must be followed, 
with supervision and inspection implications.

The second method is to design the beam-connector so that the horizontal shear capacity may be 
used to provide the necessary tie force from the column to the beam. This imposes additional axial 
forces in the beam, which must be dealt with as explained in Section 4.3.7. There must be a positive, 
no-slip, horizontal connection between the beam and column. This is guaranteed by surrounding any 
mechanical connectors, such as bolts or dowels, with in situ concrete. The site workmanship should 
be especially well supervised in these situations, because evidence of poor compaction can easily be 
concealed.
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Exercise 9.1

Calculate the horizontal tie requirements in the floors of the four-storey building shown in Figure 9.33, where 
the floor-to-floor storey height = 3.2 m. All floors and roof slabs are 200 mm-deep hollow-core units. The char-
acteristic permanent and variable floor loads are 1.6 kN/m2 and 5.0 kN/m2, respectively. The characteristic super-
imposed permanent and variable roof loads are 2.0 kN/m2 and 1.5 kN/m2, respectively. Assume that the building 
façade permanent load is 12 kN/m. Assume that the beam-to-column connector has no horizontal tie capacity.

Use grade C25/30 concrete for the in situ infill to limit anchorage length required, and fy = fyk = 500 N/mm2.

Figure 9.32  Continuity for beam ties through columns.

Figure 9.33  Details for Exercise 9.1.
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Solution

Step 1: Loading

F = + × =20 4 4 36 kN/m

Gk = self-weight of slab (from Table 3.1) = 3.0 kN/m2, plus superimposed permanent load = 1.6 kN/m2

Total Gk = 4.6 kN/m2

Qk = 5 0 2.  kN/m

Then (Gk + Qk)/7.5 = 1.28
Thus if lr < 5 m then Ft́ = 36 × 1.28 = 46.08 kN/m, and if lr > 5 m then ′= ×F lt r46 08 5. / .

Step 2: Floor ties
(a) for span = 7.8 m
Ties are placed in slots at ends of hollow-core slabs. Preferable distance between ties = 600 mm, i.e. two per 1.2 m 
wide unit.

′= × =Ft 46 08 7 8 5 71 9. . ./  kN/m run

As = × =71 9 10 00 1443 2. / 5  mm /m

Use H12 ties at 600 mm centres (188 mm2) at internal beams.
Anchorage length  mm= × =40 12 480

Tie force in each bar = 0.6 × 71.9 = 43.2 kN must be resisted by shear in the projecting bars and loops in the 
edge beams. Then size of projecting bar is given by:

As = × × =43 2 10 0 6 500 1443 2. / . . mm per location

Use two H10 projecting bars in pairs, with H10 loops (157 mm2) at edge beams.

(b) for span = 4.8 m < 5 m
′= × =Ft 46 08 1 46 08. .  kN/m run, and As = 93 mm2/m

Use H10 ties at 600 mm centres (131 mm2) at internal beams.
Anchorage length = 400 mm
Tie force in each bar = 0.6 × 46.08 = 27.7 kN, and As = 93 mm2

Use one H12 projecting bar with H8 loops (113 and 101 mm2) at edge beams.

(c) at gable ends
′= × =Ft 36 1 36 kN/m run, irrespective of span, and As = 72 mm2/m

Use H10 ties at 1000 mm centres (78 mm2).
Anchorage length  mm= 400
Tie force in each bar = 36 kN, and As = 120 mm2

Use two H10 bars in pairs in H10 loops (157 mm2).

(Continued)
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Step 3: Peripheral ties to edge beams
(a) 6.0 m span beams supporting floors spanning 7.8 m

′= × × =Ft 46 08 6 5 7 8 2 215 6. . ./ /  kN
As = × =215 6 10 500 432 2. /3  mm
Use two H20 edge ties (628 mm2).

(b) 6.0 m span beams supporting floors spanning 4.8 m
′= × × =Ft 46 08 6 5 4 8 2 132 7. . ./ /  kN, and As = 266 mm2

Use two H16 edge ties (402 mm2).

(c) 7.8 m span gable beams
′= × =Ft 46 08 7 8 5 71 9. . ./  kN, and As = 144 mm2

Use one H16 gable edge tie (201 mm2).

Step 4: Internal ties
(a) 6.0 m span beams supporting floors spanning 7.8 m and 4.8 m

′= × × + =Ft 46 08 6 5 7 8 4 8 2 348 4. ( . . ) ./ /  kN, and As = 697 mm2

Use two H25 internal ties (982 mm2).

(b) 4.8 m span beams supporting floors spanning 7.8 m only
′= × + =Ft 46 08 7 8 2 1 225 8. ( . ) ./  kN, and As = 452 mm2

Use two H20 internal ties (628 mm2).

Step 5: Horizontal column ties at f﻿irst-f﻿loor level
(a) Edge columns at 6 m centres

Area of slab supported = 23.4 m2

Axial load at roof = (3.0 + 2.0 + 1.5) × 23.4 = 152.1 kN
Axial load at floors = (3.0 + 1.6 + 5.0) × 23.4 + 12 × 6 = 296.6 kN
Tie force = greater of:
(a)	 lesser of 2 × 36 = 72 kN, or 0.4 × 3.2 × 36 = 46.08 kN
and (b)  0.03 × 1.05 × (152.1 + (3 × 296.6) + self-weight 28) = 24.2 kN
Use Ft = 46.08 kN
As = × =46 08 10 500 933. /  mm2

Use one H12 edge column tie (113 mm2).

(b) Internal columns at 6 m centres
Area of slab supported = 46.8m2

Axial load at roof = 6.5 × 46.8 = 304.2 kN
Axial load at floors = 9.6 × 46.8 = 449.3 kN
Tie force = greater of:
(a)	 lesser of 2 × 36 = 72 kN, or 0.4 × 3.2 × 36 = 46.08 kN
and (b)  0.03 × 1.05 × (304 + (3 × 450) + self-weight 28) = 52.9 kN
Use Ft = 52.9 kN as above.
As = × =52 9 10 500 1063. /  mm2

Use one H12 internal column tie (113 mm2).

If the beam ties are not tied to the columns in any way, the column ties must be used. However, if the beam 
ties pass through sleeves in the column and are enclosed within the main column reinforcement cage, then the 
H16 gable tie is already adequate to cater for the column tie force.
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9.5.4  Ties at balconies

Where cantilevered floor or roof slabs are used to form balconies, there is a major problem in placing 
floor ties over the support beam. Figure 5.47 illustrates the problem. The simplest answer is to use a 
structural topping and provide the tie steel in the mesh, but where this is not desirable the designer 
is faced with having to provide a tie within the depth of the floor slab, as shown in Figure 9.34. Open-
ings are formed in the sides of the floor slabs through which site bar(s) are placed. The site bars must 
pass beneath the top steel in the hollow cores of the floor slab (Figure 5.48) and in situ concrete is 
introduced into slots cut in the top of the slab. The method is not 100 per cent satisfactory, because 
of the problems in feeding the tie bars into the slabs. Also, in case of an accident to the supporting 
beam, the floor slabs would hang in catenary, as shown in Figure 9.35, but the beam would no longer 
be integral.

9.5.5  Vertical ties

The reason for vertical ties is to provide vertical suspension for the column in the situation shown in 
Figure 9.16(c). BS EN 1992-1-1 [9.1] {BS 8110, Part 1 [9.2]} calls for continuous vertical ties in all 

Figure 9.34  Perimeter floor ties across balcony slabs.

Figure 9.35  Catenary action in balcony slabs without beam-to-slab tie.
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buildings (the provision for ties in five or more storeys was deleted in 1993, and must be provided in 
all buildings because the Building Regulations [9.15] require it and legally override the design codes), 
capable of resisting the tensile force given in the NAD to the Eurocode {again a reiteration of BS 8110, 
clause 3.12.3.7}. The vertical tie force capacity is calculated from the summation of the ultimate beam 
reactions N only at the floor (or roof) immediately below where the tie is designed, not the total load 
from every floor below the tie. This means that the reinforcement provided in the column, and in 
any splice within that column, should be at least:

	 A N fs y= / 	 (9.10)

The loading on the floor may be taken as the permanent action plus 0.5 x variable action, but 0.7 
x variable action if subject to public crowd loading (e.g. shops or meeting areas) or car access, or 0.9 
x variable action for storage areas {characteristic permanent load plus one-third of the superimposed 
variable load (unless the building is being used for storage, when the full superimposed load is taken)}. 
The partial safety factor for all gravity loads γf may be taken as 1.0 {1.05}.

The tensile capacity of any column splice should also be able to resist the force N. In the case of 
grouted sleeve splices, the anchorage bond length for the reinforcement may be calculated using BS 
EN 1992-1-1, clauses 8.4.2 to 8.4.4 [9.1], {or BS 8110, Part 1, clause 3.12.8.3}, where the bond stress 
obtained from clause 8.4.2 {Table 3.28} is without the partial safety factor of 1.5 [9.1], {1.4 [9.2]}. 
The weld lengths in the welded splice are also determined without the partial safety factor.

In the welded plate splice the thickness of the plate is determined by considering the bare steel 
sections alone, i.e. the in situ concrete is ignored. The root thread area is used to determine the tensile 
capacity of the projecting bars, and the pull-out and anchorage bond capacity of the bars welded to 
the plate gives the tensile capacity of the upper bars. The strength of the plate is checked in bending 
and shear, as shown in Figure 9.36. The effects of two-dimensional plate bending and prying forces 
at the nut are ignored.

Figure 9.36  Stability vertical tie in welded plate column splice.
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Exercise 9.2

Check the vertical tie requirements in the column and welded plate splice used in Exercise 7.10 and shown in 
Figure 7.115. The characteristic column permanent and variable loads at each floor level are 340 kN and 250 kN, 
respectively. The column concrete is grade C40/50.

Solution

Step 1: Column reinforcement

N = (1.0 × 340) + (1.0 × 0.5 × 250)
As = 465 × 103/500

= 465 kN
= 930 mm2

N = (1.05 × 340) + (1.05 × 250/3)
As = 445 × 103/500

= 445 kN
= 889 mm2

Provide four H20 column bars (1257 mm2).

Column splice
Use mild steel stress, welded reinforcement to upper column and high-tensile threaded bar to lower column.

Upper column bars

As = 465 × 103/250
Provide four H25 column bars (1963 mm2).

= 1860 mm2 As = 445 × 103/250
Provide four H25 column bars (1963 mm2).

= 1780 mm2

Bond length to column.

Force in each bar = 116.3 kN
Bond stress in grade C40/50 concrete for 

type 2 deformed bars in tension 
= × × =2 25 0 21 40 5 532 3 2. . .( / )  N/mm

Tension lap length = Bond length
= max (10 × 25; 100;
= 116.3 × 103/(5.53 × 25 π) = 375 mm

Force in each bar = 111.1 kN
Bond stress in grade C40/50 concrete for 

type 2 deformed bars in tension 
= × =1 4 0 5 50 4 95 2. . .  N/mm

Tension lap length = Bond length
=111.1 × 103/(4.95 × 25 π) = 286 mm

Lower column bars

As = 930 mm2

Provide four H20 column bars with M20 
thread (980 mm2 root area).

Tension lap length
= max(15 × 20; 200;
= 116.3 × 103/(5.53 × 20 π)
Four H16 bars from before (804 < 930 mm2) 

must be increased to four H20.
Compression lap length required with  

H20 bars
same as tension lap
= 525 mm and > 375 mm.
Provide minimum lap length.

= 335 mm

= 335 mm

= 525 mm

As = 889 mm2

Provide four H20 column bars with M20 
thread (980 mm2 root area).

Tension lap length
= 111.1 × 103/4.95 × 20 × π
Four H16 bars from before  

(804 < 889 mm2) must be increased to 
four H20.

Compression lap length required with  
H20 bars

= 40 × 20 × (area required 889/area 
provided 1257)

> 286 mm and > 358 mm.
Provide minimum lap length.

= 358 mm

= 566 mm

= 575 mm

(Continued)
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9.6  Catenary Systems in Precast Construction

There remains a popular belief that, under certain loading conditions, precast concrete frames cannot 
offer the ductility inherent in monolithic construction because of a lack of continuity in the joints. 
There is no evidence to support this argument, as a routine inspection of joint details, specifications 
and modern construction practice would show. To support the use of precast frame systems, the fol-
lowing is a summary of some of the experimental work carried out to test the integrity of precast 
connections and components

Various attempts to quantify the floor membrane forces present in precast catenary systems have 
been made by Regan [9.21], Burnett et al. [9.22, 9.23], Wilford at the UK Building Research Establish-
ment (BRE) [9.24], Odgard [9.25] and Engström [9.5, 9.26]. In all cases the focus of attention has 
been on the development of a catenary system using hollow-core floor slabs without structural  
toppings. This is the worst possible scenario, since systems with toppings will perform better. The 
objectives were to show (or not, as the case might be) that short lengths of tie steel (either rebar or 
helical strand) embedded in the ends of the precast slabs would satisfy the new state of equilibrium 
shown in Figure 9.22, for example, without collapse.

The most appropriate work to the skeletal structure is by Burnett [9.22]. Full-scale experimental 
testing consisted of hollow-core slabs tied across their supports using short lengths of 7-wire helical 
strand in the longitudinal joints between adjacent units. Although it was not possible to achieve the 
new state of equilibrium, it was possible to achieve catenary action at loads of up to 80 per cent of 
the slab failure load, which suggested that by using continuous strand or increasing the anchorage 
length, and/or the amount of continuity reinforcement, full catenary action should be achieved. 
Failure at the centre joint was either by concrete splitting forces above the tie steel or by rupture in 
the ties, and at the outer joints by hogging bending cracks in the tops of the hollow-core slabs.

Tests carried out at the BRE [9.23] on precast floors and beams found that by the correct disposi-
tion of continuity reinforcement over a missing support, deformations up to 20 per cent of the 
adjacent single span could be achieved without collapse occurring. In some tests, failure occurred 
when reinforcement broke out through the soffit of the precast units, rather than in the in situ joints. 
It is debatable whether that is good or bad news.

Engström [9.5] has studied ductility of tie connections in precast floors, and rotation mechanisms 
in cantilevering wall frames. This is in fact an inverse catenary system, where the outside support is 
removed and hogging moments and tie forces develop in the top of the floor plate. The situation is 
particularly critical in the ‘long floor’ frame layout, where there are no transverse beams (Figure 
1.36(a)) and the cantilevering floor system becomes the primary structural element.

The hollow-core specimens were tested as shown in Figures 9.37 and 9.38, which would effectively 
simulate the catenary action at point X in Figure 9.16(b). The tie steel consisted either of grade S400 

Plate design
Ignore the in situ concrete infill surrounding the plate and bars.

Plate size = 300 − 35 − 35 = 230 mm square
Eccentricity of upper to lower bars = 82 mm

Moment in plate = ×116 3
82

2
.

Shear in plate
Effective width of plate b = 82 2
Then modulus Sxx = b t2/4
Using py = 275 N/mm2, then t
Shear area = b t
Using pq = 165 N/mm2 then t

= 6741 kNmm
= 116.3 kN
= 116  mm

> 26.7 mm

> 6.1 mm

Moment in plate = ×111 1
82

2
.

Shear in plate
Effective width of plate b = 82 2
Then modulus Sxx = b t2/4
Using py = 275 N/mm2, then t
Shear area = b t
Using pq = 165 N/mm2 then t

= 6443 kNmm
= 111.1 kN
= 116 mm

> 26.1 mm

> 5.8 mm

Use 230 × 230 × 30 plate.
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Figure 9.37  Arrangement of slab continuity tests by Engström [9.5].

Figure 9.38  Initial cracking at precast hollow-core-to-in situ infill [9.5].
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Figure 9.39  Moment versus rotation data from Engström’s slab tests [9.5].

Figure 9.40  Displaced support mechanism [9.5].

Figure 9.41  Shear force versus vertical deflection in Engström’s tests [9.5].



Structural Integrity and the Design for Accidental Loading  665

high-tensile bar, grade S260 mild steel bar, or grade S1690 prestressing wire. The in situ concrete cube 
strengths varied from 24.6 to 33.3 N/mm2. As expected, initial failures occurred abruptly owing to 
flexural tension failure in the interface between the precast slab and in situ infill, after which the slabs 
were connected by the tie steel alone. The important result, shown in Figure 9.39, is that the full tensile 
capacities of the bars were mobilised when the rotation of the slabs (given by Φ in Figure 9.39) was 
at least 0.1 to 0.2 radians. Generally, ultimate failure occurred at Φ > 0.3 radians and the forces in the 
continuity bars were at least 60.5 kN per T12 bar (grade 460). This is equal to the upper limit of 60 kN 
for stability ties, Eq. (9.4).

Thus the tests show that adequate tensile forces can be mobilised in the tie steel without other 
modes of failure occurring first.

Engström also tested the behaviour of hollow-core floor slabs displaced off their bearings by the 
large sideways movement of roller supports; see Figure 9.40. High-tensile bar and prestressing wires 
were cast into the top opened cores of the slabs and, when the slabs were displaced from their bear-
ings, the failure mode was by top-splitting of the concrete above the tie steel, as shown in Figure 9.8. 
The prestressing wires (two 6 mm-diameter per core) generated tie forces of 63 kN, i.e. two-thirds of 
the uniaxial yield strength, before splitting occurred. The vertical shear force versus displacement 
behaviour is shown in Figure 9.41, where maximum vertical displacements of 250 mm were possible. 
See also Figure 9.8. The minimum force for the high-tensile steel was 151 kN for one T16 bar (grade 
460), i.e. 1.5 times the characteristic yield strength.

The conclusions from this work, which are relevant to the design of stability floor ties in accordance 
with BS 8110, is that providing that the tie steel is anchored 750 mm into the hollow cores and is 
correctly positioned with at least 30 mm top cover, the steel will generate tie forces greater than 60 kN 
before failure occurs by splitting of cover concrete.





CHAPTER 10

Site Practice and Temporary Stability

10.1  The Effects of Construction Techniques on Design

The design for temporary stability, lifting of precast concrete components and site construction 
methods are an integral part of the overall design procedure. Careful instructions must be relayed 
from the design office to the site regarding the sequence of erection and, conversely, the design engi-
neer should be aware of the contractor’s chosen method of construction. In the majority of cases, 
precast design engineers are seconded to site to learn of the construction methods and see for them-
selves the practical methods of frame erection. This exchange of personnel and information, and the 
permanency of site-fixing gangs in the precast industry, are two of the major factors contributing 
towards the successful completion of structurally sound and undamaged frames.

The Construction (Design And Management) (CDM) health and safety regulations [10.1] mean 
that for each contract a single project coordinator will now be appointed, who is responsible for 
obtaining agreement from all parties on all safety issues, including the resolution of any conflicts 
between the construction contributors’ working practices and methods. This is an important improve-
ment in the operation of the construction industry in general, and particularly to more efficient 
construction sectors such as the precast frame sector, where there is increasing use of specialist design-
ers, specialist construction teams, or specialist ‘design and build’ organisations. The project coordina-
tor must approve staged or zoned handover between the main contractor, who will usually undertake 
groundworks and foundations, and the frame design and erection team, and subsequent handovers 
to the following trades. This formalises the best of safety practice. The regulations demand clear state-
ments from those responsible for each part of the process and there will be:

(1)	 a designer’s Method Statement, giving stability principles adopted, design standards used for 
components, and assumed construction sequence as it affects the design

(2)	 a producer’s Statement of Compliance, with production legislation and with the designer’s 
specification

(3)	 a contractor’s Method Statement for the safe erection of the structural components, including 
such things as crane types, capacities and positions, sequence of construction, prerequisites for 
stability before erection progresses, etc.

Temporary stability is an important part of design. This chapter explains that in certain situations the 
design of the frame is affected by the construction method. Certain components are more critical in the 
temporary condition than when the structure is complete.

Multi-storey Precast Concrete Framed Structures, Second Edition. Kim S. Elliott and Colin K. Jolly.
© 2013 Kim S. Elliott and Colin K. Jolly. Published 2013 by Blackwell Publishing Ltd.
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(4)	 a written statement of health and safety policy, with appropriate induction training for everyone 
entering the site.

It is because there is so much interaction between the first and third of these essentials, if the build-
ing is to be constructed efficiently and economically, that specialist design and construct organisations 
have developed. However, the legislation does not specify use of a single supplier or different suppliers 
for each responsibility; it merely enforces documented coordination of the process. Some clients will 
prefer a particular precaster’s details and will use that precaster’s in-house design team; others will 
prefer to adopt an independent designer (particularly if the building is part of a larger project or there 
is architectural input) who will obtain competitive tenders from precasters for the components. Some 
precasters prefer not to be directly involved with foundation work or site construction and will sub-
contract those parts of the process anyway.

All accredited precast frame producers will supply written statements of the principles of site erec-
tion, methods of making structural joints, and materials specifications. These are in general accord-
ance with the requirements of BS EN 1992-1-1, clauses 9, 10 and 12 [10.2] {BS 8110, Part 1, clauses 
5.3, 6.11.3 and 6.14 [10.3]} with regard to:

(a)	 critical jointing details, materials and methods
(b)	 critical dimensions, allowing for manufacturing and site tolerances
(c)	 temporary propping or fixings
(d)	 rules for advancing the construction ahead of completed and maturing sections of the 

building.

What is not always clear to the outside observer is where and how these criteria are met in the 
design, and the logic behind many of the decisions taken by precast designers is not always obvious. 
The two main aspects involved in the design for the temporary condition are:

	 individual frame components and joints
	 overall frame stability.

Checks are made to ensure that the young precast concrete components are handled correctly,  
both in the factory and on site, to prevent cracking, spalling and premature debonding, etc. This is 
particularly important in components such as plain stocky walls or lightly loaded columns, where the 
serviceability requirements for reinforcement are small, or near the sharp corners at openings where 
stress concentrations gather. In these situations additional reinforcement is provided to satisfy lifting 
and pitching criteria and, because the steel is not always designed according to the usual codes but is 
often according to previously tested configurations, these details may seem strange to the unaccus-
tomed eye.

The components must be capable of supporting their own weight, often within 18 to 24 hours of 
production. Unlike cast-in situ concrete units, which only ever resist forces in the intended directions, 
precast components must also be designed to resist stresses of the types that are only possible during 
handling, pitching and the construction stage. These may occur within five days of casting. For 
example, the long, narrow spandrel beam of the type shown in Figure 3.35 will be lifted from the 
mould, and may even be delivered to site in a flat, horizontal manner with the weaker axis in the 
plane of bending, as shown in Figure 10.1. The handling reinforcement is provided in the front face 
of the beam, some of which will inevitably lie close to the neutral axis of the beam when it is in the 
upright position. Thus reinforcement is provided solely for the purpose of lifting.

Once positioned within the structure, the spandrel beam may require some temporary lateral or 
torsional bracing to prevent cracking while the flooring is being laid. Because the element may be 
subjected to horizontal wind loading before the flooring is fully tied to the beam, the element would 
have to be designed to resist the wind load by flexure about the weak axis. Horizontal shear forces 
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must be resisted by the end connectors, which means that certain types of beam-to-column connector 
are not suitable for this situation.

The second most important issue is that load paths through the partially completed structure may 
be different from those in the final form. An example is where floor slabs are placed on one side only 
of an internal beam, as shown in Figure 10.2. The connection is checked to resist the torsion and, if 
found to be inadequate, props are placed to prevent the beam rotations from damaging the connector. 
A more extensive discussion on this subject is given in the following sections.

Practical connection design is a very important aspect, and some examples of impractical connec-
tions were shown in Figure 7.4. Although there are a large number of connectors that may be used 
successfully in one situation but unsuccessfully in another, there are a number of basic ‘rules’ that 
lead to practical design and that in turn affect the design of the structure:

	 Components should have a sufficiently wide bearing to assist the site operatives in positioning 
the component without excessive barring (levering into position). The seating area should be 
designed with tolerances and not, as shown in Figure 10.3, with a captive groove or restricted 
position.

Figure 10.1  Flat handling of deep and narrow spandrel beams.

(a)

(b)



670  Multi-storey Precast Concrete Framed Structures

Figure 10.2  Non-symmetrical loading of slabs on beams.

Figure 10.3  Restricted fixings.
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	 The seating should be designed so that the impact resistance associated with setting of precast units 
is at least twice the self-weight W of the unit. This figure should be increased to 3W in the case of 
large, two-dimensional units where the setting-down forces are not equally distributed between all 
fixing points.

	 The seating capacity of temporary bearings, or extended bearings, should be similarly designed so 
that the cumulative effects of tolerances, shrinkage and movement resulting from accidental con-
struction damage (e.g. crane impact causing a column to flex) do not cause failure of the seating 
as shown in Figures 10.4(a) and (b).

	 Allow tolerance to at least one end of an element, and avoid captive dimensions that may cause a 
lack of fit in the connection.

	 Avoid designing components or connections that rely on accumulative dimensions without toler-
ances in each individual element, e.g. shim allowance for vertical wall panels, or the layout of 1197 
mm-wide hollow-core floor slabs for a 1200 mm modular dimension.

Figure 10.4  Problems due to inadequate precautions against bearing failure. (a) At slab-to-beam bearings 
and (b) at beam-to-coluumn connections.

(a)

(b)
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10.2  Designing for Pitching and Lifting

10.2.1  Early lifting strengths

Concrete strengths in a precasting works are governed by the 12- to 24-hour strength. This is  
usually between 20 and 25 N/mm2 for reinforced components and about 40 N/mm2 for prestressed 
concrete – values that enable the units to be lifted from the casting zone and moved to a more con-
venient stockyard for them to mature, ready for delivery to site. The maturity period can be as little 
as four or five days and so it is important that the internal microstructure of the young concrete unit 
is subjected only to strains well below the tensile cracking limit. This may involve doubly reinforcing 
beams and staircase units, which would otherwise have only a single bottom layer of flexural rein-
forcement, and, in the case of beams, providing nominal top steel.

Steam curing helps not only in accelerating the strength gain, but gives also an improved homo-
geneous microstructure to the concrete. Steam-cured units may be lifted after eight hours in the case 
of dry-cast concrete, and twelve hours for wet-casting. The use of surface retarders or colour pigments 
is not detrimental to the early strength of components.

10.2.2  Lifting points

Lifting points are selected so that the flexural and shear reinforcements provided in service are, as far 
as possible, fully utilised in lifting. The lifting points are also chosen to minimise deflections. Bending 
moments and shear forces are calculated in the usual manner. They are based on a loading that 
includes 25 per cent mould suction plus a 25 per cent impact allowance. It may be necessary to increase 
this allowance to 50 per cent in the case of units in contact with large mould surface areas, such as 
wall panels, spandrel beams or cladding units. The sides of the mould should be lifted clear of the 
unit so that it leaves the mould in a vertical ascent.

Lifting points are usually at 1
4  to 1

6  of span from either end of the units, although this varies depend-
ing on the type of unit. Prestressed units are lifted closer to the ends than reinforced units. The 
optimum situation for equal sagging and bending moment is where the lifting point is at 0.208L from 
the ends of a unit length L. Thus 0.2L is used if reinforcement is symmetrical; see Figure 10.5(a). One 
or two guide ropes are attached for the ground crew to control the suspended unit and manoeuvre 
it swiftly into position (Figure 10.5(b)).

Floor slab units, staircases, landings and flat wall units greater than about 750 mm wide require 
four-point lifting. Theoretically it should be possible to lift these units from two points, but any 
imbalance becomes more critical in wider units with higher centroidal positions. Very long columns 
and beams (approximately >13 m) of slender section (length/depth > 50 to 55) may also require four-
point bending, because of unacceptable flexure stresses and deflections in a two-point lift. Spreader 
beams are used as shown in Figure 10.6(b) to keep the lateral force as small as possible. The line of 
the crane hook must coincide with the gravitational centroid of the unit. Temporary bracing across 
narrow legs or upstands in U- or L-shaped sections may be a more suitable alternative to excessive 
reinforcement or thicker sections, as shown in Figure 10.6(a).

Ductile reinforcement (for lifting hooks) is designed using service (not ultimate) stresses of roughly 
0.6 fy, together with an ultimate load factor of 1.35 {1.4} exclusive of the above suction and impact 
allowances. Round bar with ends deformed around component reinforcement is preferable to ribbed 
bars, to avoid potential overhead judder if the crane hook slips past a rib. For comparison, The 
Chain Tester’s Handbook [10.4] suggests a factor of safety of 2.0 on steel design stresses, i.e. 0.87 
fy/2 = 0.43 fy, giving approximately the same result. Additional reinforcement may be required around 
the lifting points to prevent cracking due to radial bond stresses. This is particularly critical near 
corners where the cover distance to the lifting point is less than 50 mm. Small links (typically R6 or 
R8) are positioned to resist a lateral force equal to 0.2 × lifting reaction.

Lifting loops and sockets are used to raise a unit through 90° to the vertical (or to turn a unit for 
finishing work). Not only is the socket fully anchored in the unit, but the concrete directly above the 
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socket in the flat lift position is reinforced to transfer the socket reaction into the body of the unit, 
as shown in Figure 10.7. A standard hook or bend may be used to reduce the anchorage length.

Most proprietary devices are designed to eliminate the need for additional steel (except when used 
for turning) by using a specially shaped shaft (e.g. conical, or bulbous), which produces wedging 
forces around the shaft. These help to confine the concrete radially, and reduce the need for additional 

Figure 10.5  Flat handling of long components. (a) Two-point lifting positions and (b) four-point lifting 
positions.

(a)

(b)
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confinement steel around the shaft. Figure 10.8 shows some of the more common types of swivel 
device.

Most precast components are delivered to site horizontally (although some large wall units greater 
than 2.5 m wide are dispatched close to vertical on A-frames). Columns are lifted to the vertical using 
a pitching point, usually at 0.3 times the height (L) of the column from the top (Figure 10.9). The 

Figure 10.6  Handling methods in thin-walled components. (a) Incorrect procedure for lifting units and (b) 
correct procedure using a lifting beam.

(a)

(b)

Figure 10.7  Hanger reinforcement around lifting holes or sockets.
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Figure 10.8  Types of lifting devices.

maximum reaction in the crane’s chains is 0.72 wL, where w is the self-weight per unit length plus 25 
per cent impact allowance. The maximum bending moment is 0.045 wL2. Dual-pitching using sliding 
chains may be used for very long columns, say >15 m, as shown in Figure 10.10. The pitching points 
are placed at 0.16L and 0.60L from the top end of the column and the maximum bending moment 
is then 0.013 wL2, i.e. a threefold reduction in moment compared to a single pitch point.

It is important that the pitching point is located at the centre of gravity of columns, to avoid tilting 
during the fixing operation. Although this has virtually no implication for the design of columns, 
verticality during placement ensures that all the reinforcement provided for the temporary condition 
is equally stressed, e.g. anti-bursting bars at the foot of the column.

The age at which most columns are pitched (7 to 14 days) has enabled the concrete to mature to its 
design strength, and in many cases more than that. This is particularly important if the unit has archi-
tectural finishes attached that are providing additional load. Using a single pitching point, the maximum 
vertical deflection in a 12 m long, 300 × 300 mm column is about 10 mm. Maximum tensile strains are 
less than the tensile cracking strain for grade C40/50 concrete. Columns 25 m long have been pitched 
using two points only, but these I-section columns were axially prestressed to permit that.
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Walls and flat panels are pitched from the top. The maximum bending moment is 0.125 wL2, where 
w is the self-weight per unit length plus 25 per cent impact allowance, and this may lead to the most 
onerous design situation. Lifting points are carefully located vertically over the centre of gravity of the 
unit, although that can prove impossible in some units. It is occasionally desirable to allow the unit to 
tilt slightly (no more than about 5°) inwards at the top or bottom to assist in the fixing. Special lifting 
devices have evolved to ensure that the concrete is not damaged during the pitching operation.

Hollow-core floor slabs are treated as a special case, because the manufacturing process by extrusion 
or slip-forming does not usually facilitate lifting hooks or pins, although some manufacturers have 
now automated this process immediately after casting. The alternative is to dig a short slot by hand, 
insert a hook or pin, and backfill using flowing concrete (self-compacting may be used), as shown in 
Figure 10.11. Compliance testing is according to BS 5808, with the distance from the edge of the hook/
pin to the edge of the supports to the reaction frame equal to twice the embedment depth. Vertical 
static loads are used to fail the assembly either by (i) fracture of the hook or pin, (ii) shear cone failure 
(usually around the pin), or (iii) localised tension combined with shear around hooks or pins. The 
proof load for the assembly is based on a factor of safety (FoS) of 3.0 for the strength of the hook/
pin, and 2.5 on the strength of concrete. A factor of 1.3 is applied to represent the snatch effect of  
the crane, and together with an allowance for the angle of the lifting chains approaching 45°  
(1/sin45° = 1.414), the safe working load for each hook/pin may be calculated, knowing the mass of 
the slabs. The proof load = 1.25 × SWL. Under test, the failure load cannot be greater than the uniaxial 
strength of the hook/pin, typically 510–530 N/mm2. However, the embedment is so optimally designed 
that modes of failure may be concrete failure at a load greater than the uniaxial strength. Figures 10.12 

Figure 10.9  Single point pitching.
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Figure 10.10  Double point pitching.

Figure 10.11  Lifting hooks cast locally into the cores of hollow-core units.
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to 10.15 show examples of the results of load tests, and the different failure modes. In Figure 10.15, 
a 190 mm-diameter failure cone fails at a direct tensile stress of 69 per cent greater than fctd 
{3 25 0 422. . N/mm = fcu  (grade C60 cube strength concrete), 74 per cent greater than the design value 
in BS 8110}. Overall, FoSs per hook/pin range from 3 to 7, depending on depth and mass of the slab. 
The practice in the UK is to use four lifters per unit, together with safety chains, but in some European 
countries only two are used.

Figure 10.12  Testing arrangement for the simultaneous testing of a pair of lifting hooks (courtesy of Bison 
Manufacturing, UK).

Figure 10.13  Failure planes around a lifting hook in a 300 mm-deep hollow-core unit at a failure load of 
143 kN per hook represent a factor of safety of 3.2 over the proof load, and a total factor of 9.6 assuming 
one leg of the slings is not fully engaged (courtesy of Bison Manufacturing, UK).
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Prestressing cambers (caused by negative moments) must be considered when the lifting points are 
not close to the ends, within about 400 mm from the ends of the unit. The design of these slabs is 
governed only by handling when the length is greater than the cut-off points shown in Figure 5.2.

Slabs are hoisted on site either by using slings or chains (Figure 10.16), lifting hooks/pins, or spe-
cially designed clamps (Figures 10.17(a) and (b)). The unit should be level during lifting so that an 
even contact is made with the supporting member. When slings or chains are used, the horizontal 

Figure 10.14  (a) Lifting pin, (b) clutch used to apply rapid vertical pull-out forces (courtesy of Bison Manufacturing, UK).

(a) (b)

Figure 10.15  Cone failure at 92 kN load represents a factor of safety over the proof load of 4.6 (courtesy of 
Bison Manufacturing, UK).



680  Multi-storey Precast Concrete Framed Structures

Figure 10.16  Hoisting 15 m long hollow-core floor units.

Figure 10.17(a)  ‘Scissors’ clamps used for lifting hollow-core floor units both on site and in the factory 
some 16 hours after casting (courtesy of Spiroll Precast Services Ltd, UK).

(a)
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Figure 10.17(b)  Spiroll’s ‘Slablock’ clamps used for hoisting hollow-core floor units (courtesy of Spiroll 
Precast Services Ltd, UK).

(b)

component of the reaction at the top of the unit creates a transverse bending moment in the unit. 
The tendency is for the force to try to collapse or to ‘fold’ the unit, as shown in Figure 10.18(a). 
Although the design of the unit is such that this does not happen, if large areas of the slab have been 
removed (Figure 10.18(b)) – e.g. to accept site-placed top steel at a cantilever – the problem may arise. 
Preventive measures include leaving small bridges of unbroken slab between the slots, usually 100 mm 
long at about 400 mm centres, or placing a temporary strut (acting as a spreader beam) across the 
chains to resist the horizontal forces.

Double-tee units are hoisted using four lifting points, in pairs over the line of the webs (Figure 
10.19). Reinforcement details at these points may be obtained from the manufacturer, but typically 
comprise a large, inverted U- or V-shape of high-tensile reinforcement or helical strands embedded 
to the bottom of the web. Small bars are placed horizontally across the top of the lifting hook to 
prevent splitting cracks. Spreader beams are used on units of length greater than about 15 m, to 
prevent the horizontal component of the force in the low-inclination chains from causing splitting 
stresses in front of the lifting hook. Ideally the inclination of the chains should not be less than about 
θ = 35° to the horizontal. Low inclinations of θ also lead to greater forces in the chains themselves, 
given by V/cosθ, where V is the self-weight reaction at that point.

Precast planks are hoisted at four points, but the lifting criterion is not usually critical because the 
planks are used in relatively short lengths compared with other types of flooring.

Staircase units require two sets of chains for site fixing, one fixed and one adjustable, in order to 
maintain the correct inclination, as shown in Figure 10.20. The site lifting criterion is less onerous 
than at the factory because the same lifting points are used in both situations. This is because the unit 
must be seated level simultaneously at both ends to avoid the inclined edges from digging into the 
bearing ledge and causing horizontal frictional forces between the members. Three lifting points are 
used, two at the bottom of the flight and one at the top.
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Figure 10.19  Hoisting double-tee units (courtesy of Ergon, Belgium).

Figure 10.18  Problems encountered in lifting where top flanges are removed from hollow-core units.

(a)

(b)
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Figure 10.20  Adjustable lifting slings on inclined units such as stair flights.

Exercise 10.1

Check the lifting requirement for a 12 m long × 300 mm square column containing four H20 bars, which is lifted 
from the mould using only two points. When lifted the concrete strength is equivalent to grade C12/15, and the 
unit contains high-tensile reinforcement with 30 mm cover to 8 mm-diameter links.

Solution
Lifting points to be at 1/5 points = 2.40 m from ends.

Self-weight = 0.3 × 0.3 × 25
Allow 1.5 for suction and impact
Ultimate Moment
M = 1.4 × 2.7 × 2.402 /2
Shear V = 1.4 × 2.7 × 2.4

= 2.25 kN/m
= 3.38 kN/m

= 13.12 kNm
= 10.94 kN

Self-weight = 0.3 × 0.3 × 24
Allow 1.5 for suction and impact
Ultimate Moment
M = 1.4 × 3.24 × 2.402/2
Shear V = 1.4 × 2.7 × 2.4
d = 300 − 30 − 8 − say 10 = 252 mm

= 2.16 kN/m
= 3.24 kN/m

= 13.06 kNm
= 10.89 kN

(Continued)
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Exercise 10.2

Design the lifting reinforcement for a 600 mm-deep double-tee slab weighing 12 tonnes, assuming that the angle 
of the four lifting chains is 60° to the horizontal. Allow 50% suction allowance at the mould and a factor of safety 
of 2 to the strength of the lifting hooks. Use high-tensile reinforcement fy = fyk = 500 N/mm2, and grade C25/30 
equivalent concrete at the initial lifting. Assume cover to the bottom of the lifting hook = 50 mm.

Solution
Referring to Figure 10.21, use V-shaped lifting bar with the inclined bar at 45° to the horizontal.

Weight of unit = 12 tonnes = 117.7 kN
Maximum chain tension = 117.7 × 1.5/4 sin 60° = 50.95 kN
Axial forces in each leg of hook (by resolution of forces) in the inclined leg 0.5 × 50.95/sin60° = 29.4 kN
and in the vertical leg = 0.5 × 50.95/sin 75° = 26.4 kN

Service stress in bar = 250/1.35
Shear area A of lift bar based on
fq = 0.6 × 111.1 in double shear
A = 50.95 × 103/2 × 111.1
Maximum tensile area
As = 29.4 × 103/185.2
Largest bar area required
= 230 × FoS of 2

= 185.2 N/mm2

= 100 N/mm2

= 230 mm2

= 159 mm2

= 460 mm2

Service stress in bar = 250/1.4
Shear area A of lift bar based on
fq = 0.6 × 178.6 in double shear
A = 50.95 × 103/2 × 107.1
Maximum tensile area
As = 29.4 × 103/178.6
Largest bar area required
= 238 × FoS of 2

= 178.6 N/mm2

= 107.1 N/mm2

= 238 mm2

= 165 mm2

= 476 mm2

Figure 10.21  Details for Exercise 10.2.
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Use one H32 bar (804 mm2) to make anchorage easy.

Bond stress in grade C25/30 concrete
fbs = 2.25 × 0.14 × 252/3

Tensile anchorage bond length

Lb = × ×



 ×



max

.
; ;

32

4

250

2 69

460

804
10 32 100

< (600 − 50) available depth
Bend bar if possible, so provide bob.

= 2.69 N/mm2

= 424 mm

= 550 mm

Tensile anchorage bond length in grade 
C25/30 concrete = 39 dia.

Lb = 39 × 32 × 476/804
> (600 − 50) available depth
Bob provides an extra (12 − 4) × 32
Hook provides an extra (24 − 4) × 32
550 + 256 = 806 mm > 739 mm

= 739 mm
= 550 mm
= 256 mm
= 640 mm

Provide 550 mm anchorage plus standard bob.

10.2.3  Handling

Loading arrangements on delivery vehicles should be such that the components are not subjected to 
forces and stress that have not been catered for in the design. The components should be loaded 
evenly, so that the distribution of weight is uniform on each component. Components should have 
semi-soft (e.g. softwood) bearers placed along their length. Where components are stacked one above 
the other, the bearers should line over each other. The bearer should be large enough to keep the 
components vertically separated and strong enough to resist dynamic loads, so that the concrete 
components do not make contact with each other during transit.

When stacking units on the ground on site, the guidelines will be similar to the above. The ground 
should be firm, so that no differential settlement may take place and cause spurious forces and  
stress in the component (see Figure 10.22). Airbags may be used to avoid creating stress raisers  
during landing or turning of units. The height to which components may be stacked is about  
1.5 m – the usual criterion is for an operative to be able to manually guide the crane-supported com-
ponent while standing on firm ground. Figure 10.23 shows the possible result of not abiding by  
the rules!

The type of lifting equipment (crane, hoist, etc.) should be compatible with the geometry of the 
structure, weight and size of components, the nature of the ground, and site access. Consideration 
should be given to the maximum weight and radius of lift from the agreed area for lifting, so that the 
lifting equipment is able to lift and place the components smoothly, and without jerking, from suit-
ably long chains.

Components that are to be inclined by pitching should be first placed on firm ground, and then 
pitched in a separate operation (Figure 10.9). A special shoe (steel, concrete or timber) may be 
required when pitching heavy and thin units, because it is not possible to reinforce the units for the 
very large point loads which develop on uneven surfaces. It is important that the point in contact 
with the ground does not slide or slew, which could disturb the stability of the lifting device and initi-
ate a collapse.

Safety nets (Figure 10.24) or air bags (Figure 10.25) are installed for safety when erecting flooring 
units. A guard rail and toe board are immediately erected as fixing proceeds, as required by the  
UK Construction Health, Safety and Welfare Regulations 1996 and The Work at Height Regula
tion 2005.

10.2.4  Cracks

Small hairline cracks are sometimes seen near the lifting points of long, slender components, such as 
columns or beams. The decision as to whether these cracks are structurally detrimental in the final 
building must rest with the project designer, but the following may be taken as general guidance for 
cracks less than 0.3 mm wide:
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Figure 10.22  Difficulties in stacking units on soft ground.

(a)

(b)

Figure 10.23  Damaged prestressed slabs due to careless stacking.
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Figure 10.24  Safety nets installed as one possible method of fall protection above heights of 2 m.

Figure 10.25  Safety air bag fall protection (courtesy of Beresford’s Flooring Ltd).
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(1)	 If the crack forms in a region that is permanently in compression: no action.
(2)	 If the crack closes completely to the naked eye when the unit is placed in its permanent location, 

which is not in an area of tension: no action.
(3)	 If the crack width is visible to the naked eye when the unit is placed in its permanent location, 

and is in an area of tension: measure the crack width using a graduated microscope before and 
after the construction of the components carried by the said unit. Then:
(a)	 If the crack width does not increase: no action.
(b)	 If the crack width increases but is no greater than 0.3 mm, check the serviceability limit state 

of deflection and crack widths based on the flexurally cracked section properties.
(c)	 If the crack width increases to greater than 0.3 mm, refer to the designer to check both the 

serviceability calculations and the durability conditions. If necessary carry out structural 
repairs to the crack, but if that is not acceptable then consider replacing the unit or carrying 
out load testing to determine its flexural stiffness. Ultrasonic pulse velocity testing may be 
used to search for internal cracks in concrete, but the results must be treated with extreme 
caution if reinforcement is present between the measuring points.

Calculations to determine the onset of flexural cracking may be carried out by dividing the bending 
moment by the gross section modulus (ignoring the area of reinforcement if desired), and checking 
that this does not exceed about 1 3 0 14 0 242 3. . { . }/× ′ ′f fck cu . The lifting strength for precast units may 
normally be conservatively taken as grade C20/25. Hence the critical flexural cracking stress is about 
1.35 N/mm2 {1.2 N/mm2}.

Crack widths may be determined from BS EN 1992-1-1, clause 7.3.4 [10.2] {BS 8110, Part 2, clause 
3.8.3 [10.3]}, where, using the usual notation for serviceability calculations:

crack width, wk = sr,max(εsm − εcm)
where, sr,max = 1.3(h − x) if the tension bar 
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It is unlikely that the tensile stress in the reinforcement will exceed 0.8 fy during lifting. The term 
εm is calculated using the modular ratio method.

Shear cracks during handling are uncommon, but torsional cracks are possible in grade C15/20 
concrete where the torsional shear stress is about 1 N/mm2. According to Adlparvar [10.5] torsional 
cracking in asymmetrically loaded L-shaped beams commences when v ft cu> 0 2.  (for fcu = 60 to 
70 N/mm2). In non-symmetrically loaded edge beams, e.g. those of the type shown in Figure 4.16, 
where the ends of the beam are restrained in the temporary condition against rotation, torsional shear 
stresses due to the self-weight of the beam plus impact allowances may result in helical cracking near 
the end supports (Figure 10.26(a)). The problem here is created by the temporary restraint, because 
the beam may have been designed on the basis that floor loads would equalise the torque Fe, even 
though the reactions F1 and F2 may be different, as shown in Figure 10.26(b). The solution is to prop 
the beam at two or three points before the crane is released. Care must be taken at upper-storey levels 
to ensure that all props line up vertically, otherwise the prop reaction may cause twisting of the com-
ponent at the lower level.
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Exercise 10.3

(a)	 Check the column in Exercise 10.1 for flexural cracks. Use the code of practice value for concrete tensile stress 
of 1 3 0 14 0 24. . { . }/× f fck cu

2 3  as the limiting criterion for cracking.
(b)	 If the limiting tensile stress is exceeded, calculate the crack widths in the soffit of the section.

Use concrete grade C12/15.

Solution

Step 1: Uncracked serviceability limit state 

(See Table 3.1) Young’s modulus for 
grade C12 concrete Ecm

Therefore modular ratio m = 200/27
Uncracked second moment of area for 

As = 628 mm2 and lever arm 102 mm

Iu =
×

+ −

× × ×

300 300

12
7 41 1

2 628 102

3

2

( . )

Section modulus Zu = 759 × 106/150
Service moment M = 13.12/1.35
Then flexural stress
M/Zu = 9.72 × 106/5.06 × 106

> limiting flexural stress
= × ×1 3 0 14. . /fck

2 3

= 27 kN/mm2

= 7.41

= 759 × 106 mm4

= 5.06 × 106 mm3

= 9.72 kNm

= 1.92 N/mm2

= 0.95 N/mm2

Young’s modulus for grade C15 
concrete Ec = 20 + 0.2 × 15

Therefore modular ratio m = 200/23
Uncracked second moment of area for 

As = 628 mm2 and lever arm 102 mm

Iu =
×

+ −

× × ×

300 300

12
8 7 1

2 628 102

3

2

( . )

Section modulus Zu = 776 × 106/150
Service moment M = 13.06/1.4
Then flexural stress
M/Zu = 9.33 × 106/5.17 × 106

> limiting flexural stress = 0 24 15.

= 23 kN/mm2

= 8.7

= 776 × 106 mm4

= 5.17 ×106 mm3

= 9.33 kNm

= 1.80 N/mm2

= 0.93 N/mm2

Thus the section is cracked.

Step 2: Cracked serviceability limit state
Refer to Kong and Evans’ design graphs [10.6] for cracked sections.

d/h = 0.84, M/bh2 = 0.36, 
As = 1257 mm2, so from column 
design charts the steel stress σs

X
Ic

and Zc = 214 × 106/(300 − 141.1)
Tensile bar spacing
= 300 − 2(38 + 10)
> 5(30 + 20/2)
Crack spacing sr = 1.3(300 − 141.1)
and with kt = 0.6
fct,eff = 0.3 × 122/3 = 1.57
ρp,eff = 628/(2(30 + 8 + 20/2) × 300) 

= 0.0218
The mean strain between cracks

= − × + ×
×





66 79 0 6

1 57

0 0218

1 7 407 0 0218

200 103
. .

.

.

. .

Crack width in soffit
w = 279.9 × 200.4 × 106

= 66.79 N/mm2

= 141.1 mm
= 214 × 106 mm4

= 0.71 × 106 mm3

= 204 mm
= 200 mm
= 279.9 mm

= 200.4 με

= 0.055 mm

If mAs/bd = 8.7 × 628/300 × 252 
then Ic = 0.0479 bd3 and X

Ic = 0.0479 × 300 × 2523

and Zc = 230 × 106/(300 − 130.5)
Then flexural strain in the soffit

M

E Zc c

=
×

× × ×
9 33 10

23 10 1 36 10

6

3 6

.

.
Then
εm = −

× ×
× × × × ×

299

300 169 5 169 5

3 200 10 628 121 5 103 6

. .

.
To determine crack width in soffit  

over the longitudinal bar
acr = cmin = 30 + 8 mm to main 

longitudinal bar, so crack width
= 3 × 38 × 111 × 10−6

= 0.072
= 130.5 mm
= 230 × 106 mm4

= 1.36 × 106 mm3

= 299 με

= 111 με

= 0.013 mm

< 0.3 mm, so durability not compromised.
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Figure 10.26  Non-symmetrical floor loading on beams. (a) Temporary restraint, and (b) permanent restraint.

(a)

(b)

10.3  Temporary Frame Stability

10.3.1  Propping

In some cases temporary propping will be required to stabilise a component prior to permanent 
stability being achieved. This will, or may, affect:

	 columns and two-dimensional walls vertically
	 beams, staircases and floor slabs horizontally.

Where propping is required, the ends of the props should rest against head-plates and sole-plates 
to spread point loads; see Figure 10.27 [10.7, 10.8]. The component should be reinforced to take the 
reaction(s) from the prop (both as an imposed load and a reaction), and special cast-in fixings should 
be provided if there is a chance that shear or tensile forces will develop.

The notion of propping refers not only to the use of adjustable length props, but includes any  
form of bracing in which a reactive force is developed. For example, timber wedges driven in  
between precast components at the foundation may create additional stresses for which the com
ponent should be designed. Great care should be taken when using hydraulically driven jacks  
to manoeuvre components into position, as large and unforeseen reactions, which may be present 
elsewhere, could lead to over-stressing. This is unlikely to happen with manually powered 
equipment.

Whenever jacks are used they should be correctly stabilised to prevent sideways forces developing. 
If jacking takes place from a lower-level floor, the precast contractor should be advised as to the 
maximum permitted load, and its position, to be carried by the floor below. The use of tow ropes, 
chain blocks, etc. to pull components into position should be correctly specified in all respects. The 
permitted positions at which ropes may be attached to components (in particular to any projecting 
fixings or reinforcing bars) should be clearly defined. If the ropes are tied to cast-in fixings, the fixing 
must have adequate anchorage and strength.
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10.3.2  The effect of erection sequence

The sequence of erection is controlled by many factors, the more significant ones being crane acces-
sibility, structural form (plan shape, unbraced/braced frame) and positions of stability walls. Lack of 
forethought, or delayed delivery of units, can result in novel site solutions.

Unbraced frames are inherently stable after completion of the moment connection at the founda-
tion, but this does not mean that temporary stability may be ignored. A fully tied first-floor slab must 

Figure 10.27  Head plates to props [10.8].
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be assured before temporary props are removed from the columns, and the verticality of the columns 
is checked upon the completion of each floor level. Where more than one column is structurally tied 
into the frame, side-sway can occur only by simultaneous lateral movement of all columns. Because 
absolute rigidity cannot be achieved, the function of any bracing is to limit side-sway to within rea-
sonable limits. The maximum permitted value is 0.05 times the width of the column, and this is well 
within the usual site fixing tolerances.

In braced frames, which rely on stabilising components, construction proceeds in an area that 
contains at least one stabilising element in the two orthogonal directions, and work proceeds outwards 
and upwards from that point. Temporary steel cross-bracing or diagonal propping is used if the 
geometry of the frame makes this sequence of fixing impossible. There is a degree of redundancy 
here, in that most ‘pinned’ bases have semi-rigid stiffness (the exceptions are columns founded on 
retaining walls or torsionally flexible in situ ground beams), and this may be called upon to assist in 
the temporary condition up to the level of the first column-to-column splice.

Two types of loading are considered at this stage: wind loading and eccentric loading due to lack 
of plumb or overhanging components. The effects of wind currents on rectangular blocks, plates,  
etc. have been reported by the Engineering Science Data Unit (ESDU) (e.g. [10.9, 10.10]) and by  
Cook on space frames [10.11]. Amplification factors on the basic wind pressure of up to 1.8 are pos-
sible on a partially clad building. However, these forces are not usually critical unless the frame is 
partially clad at the same level as the floor plate is incomplete. In this case, the line of columns on the 
windward and leeward external faces is checked against forces calculated using local wind pressure 
coefficients.

Eccentric loading due to non-symmetry is more easily calculated and allowed for. The main modes 
of possible failures are summarised in Figure 10.28. The divergent mode, Figure 10.28(a), is possible 
where particularly large concrete panels are fixed out of sequence, or too early with respect to the 
maturity of the structural frame. This may occur in cold weather, when in situ concreting is not 
permitted and the contractor is anxious to continue with the precast construction. These situations 
are always anticipated and temporary tie backs (e.g. using ‘tirfors’) are used. The alternative is the 
sway mode in Figure 10.28(b), where rotations between the beam and slab and between the column 
and beam, are both possible in the temporary condition. Props are used to prevent side-sway until 
the joints are grouted.

Lack of plumb is largely eliminated by very strict fixing tolerances, although frame movements due 
to temperature, shrinkage and self-weight loading will inevitably cause deviations in the order of 
±10 mm for a 60 m long frame. Precast columns are surprisingly flexible to straightening and it cannot 
be emphasised too strongly that, unlike steel structures, precast frames are vertically aligned at every 
floor level before the in situ concrete tie beams are cast. ‘Push–pull’ props with tension as well as 
compression capacity are used extensively in this exercise, and fully anchored threaded sockets, brack-
ets, etc. are supplied with the relevant precast units.

10.3.3  Special consideration for braced frames

The sequence of construction must ensure that floor diaphragm action be allowed to develop between 
the bracing frames or walls, particularly if the skeletal structure is to be clad, in part or in whole, 
around the perimeter or internally. Figure 10.29 shows the correct sequence. Point A lies on a critical 
plane and should be dealt with earlier rather than later in the fixing sequence. Floor slabs should not 
be omitted from the floor near bracing frames or shear walls.

Each floor slab level should be grouted such that the grout has time to mature before fixing of the 
floor (or roof) slab at the second next upper level commences. The usual maturity time is three to five 
days in temperate climates (10°–20°C), or one or two days in warm humid climates (25°–30°C). The 
tie connections between adjacent floor slabs, beams, columns and walls should be fixed according to 
the contract drawing. Cover distances and lap length should be checked, and the threaded penetration 
length into cast-in sockets marked before the threaded portion is mated.
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The bracing frames, shear cores or shear walls, etc. should be constructed at least one storey ahead 
of beam, floor and staircase erection at any floor level. If the strength and stiffness of the wall rely 
wholly on composite action with the skeletal frame through an in situ grouted interface, the grout 
should be given time to mature before construction of the components at the floor level above the 
wall commences.

The wall should be temporarily propped or secured to the stabilised frame, perhaps using one of 
the methods shown in Figure 10.30(a) to (d). Temporary supports should remain in position until 
the in situ grout has matured and the wall is supported or tied into the frame (Figure 10.31). This 
may cause a delay in construction if the wall lies on the critical construction path. If the wall-to-frame 
connection is totally provided by bolting or welding, there need be no delay to subsequent 
construction.

Figure 10.28  Sway modes of failure. (a) Divergent mode, and (b) sway mode.

(a)

(b)
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The construction of column splices should be carried out exactly according to the specification, 
particularly with reference to the sequence of fixing upper columns and the mixing and placement 
of in situ concrete, grout, etc. The lower column should be fully tied into the skeletal frame to the 
floor level below the level of the splice. No splices should be made to columns that are not connected 
to a fully tied and braced part of the structure to within one storey level below the level of the 
connection.

The upper column should be propped for all types of column splice, even if the permanent con-
nection between columns is made immediately, e.g. bolted, coupled or welded (Figure 7.109). The 
props should remain in position until the splice connection has developed its full strength and the 
upper column is tied to the skeletal frame at the next floor level above the splice. If the next floor 
level is staggered, the column should be tied into the lower floor level only, providing the column is 
connected in two mutually perpendicular directions.

Temporary stability is considerably enhanced if the level of the column-to-column splices is  
staggered in alternate rows of columns (Figure 7.107). This avoids a continuous plane of weakness  
in the permanent structure and enables construction to proceed with at least half the number of 
columns continuous above a critical horizontal plane. The axial force and bending moment capacity 
of some of the smallest column splices (for a 300 × 300 mm column) is sufficient to allow for about 
15 mm of sway at the top of a two-storey column, a value which is unlikely to be exceeded in 
practice.

The floor slab is a convenient platform on which to work and therefore columns surrounding lift 
shafts, atria, etc. are particularly difficult to deal with. Special devices have been developed to stabilise 
these components, but it is the judgement of the erection foreman that guarantees temporary 
stability.

Frame erection continues no more than two storeys ahead of a fully tied framework. This may be 
restrictive in tall buildings of small plan area, e.g. 300 m2, where the curing period for the in situ 
concrete infill is less than the fixing time for a complete floor. Bracing props may be left in position 
longer than normal to enable the precast frame erection to proceed.

10.3.4  Special considerations for unbraced frames

Unbraced frames are stabilised by cantilever action of the columns, or by frame action between the 
columns and floor plate, or the columns and beams. Therefore the sequence of construction is less 
critical, because each column is capable of carrying horizontal loads, both in the temporary and 

Figure 10.29  Unstable floor diaphragm.
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(a)

(b)

Figure 10.30  Wall-to-frame connections. (a) Lapped reinforcement; (b) welded plates; (c) temporary angle 
cleats; (d) temporary column clamps.

permanent situations. The columns should be adequately propped and column-to-frame connections 
completed and allowed to mature according to the same restrictions as given in Section 10.3.3.

The principle of concreting floor slabs no more than two floors behind the level of floor con
struction is also applicable in unbraced frames. The importance of this lies not so much in horizontal 
stability, because the columns can act as cantilevers by design, but in the safety and integrity of the 
floor slab in cases of accidental impact by slewing craned loads, or dropping of materials onto  
the floor slab. Experience has shown that ungrouted slabs can be dislodged from their seating by  
the impact loading from a slab unit dropped from the next upper floor level, whereas grouted  
slabs (more than three days’ maturity of grout) are likely to survive the impact loading from two  
such slabs.
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(c)

(d)

Figure 10.30  (Continued)

10.3.5  Temporary loads

Imposed loads due to the combined storage of materials, storage of precast components, and con-
struction traffic and plant should be assessed and generous allowances given to the various parts of 
the framework. Strict guidance rules should be made available so that the precast contractor is aware 
of the limitations.

Where a precast component has been designed to act compositely with another medium, considera-
tion must be given to the non-composite strength and stiffness of the component. Working drawings 
should carry this information in the form of allowable loads per unit area, or per individual compo-
nent, irrespective of the location of the imposed load.

Wherever possible the stacking of precast components should be at ground level. Where this is not 
possible or practical, e.g. on confined sites, the weight and position of the component should be 
determined so as not to violate the above guidelines. The positions of stacked components should 
not impede the in situ site work necessary to achieve permanent stability.

In some instances damage will occur to the waiting components or to the components in the frame 
owing to impact. This may be the result of negligence on the part of the precast contractor, or of 
oversight on the part of the designer. Similar structural damage caused by following trades should 
likewise be reported and assessed. In some cases remedial structural work will be necessary, or the 
complete removal and replacement of the damaged part(s) may be required.
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10.4  On-Site Connections

10.4.1  Effect of f﻿ixing types

The most important factors in practical connector design are:

	 accessibility
	 temporary stability
	 tolerances.

Strength criteria may be satisfied simultaneously with the above, but new connector designs are 
most frequently unsuccessful owing to a lack of understanding of the erection sequences and the 
practical difficulties arising from cumulative manufacturing and site dimension deviations. The  
connection must allow for precast components to be lowered unhindered onto their supporting 
member, and for adequate access to the connection thereafter. There is an increasing range of safe-
access equipment to assist in access for making connections during frame erection (e.g. cherry-pickers 
and scissor-lifts, shown in Figures 7.103 and 10.32, respectively. In difficult situations a slewed 
approach is sometimes permissible, but in general this is avoided.

Figure 10.31  Wall and column props in position.
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Figure 10.32  Improved access equipment. (a) Cherry-picker, and (b) scissor-lift (both courtesy of Composite 
Ltd).

(a)

(b)
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Structural joints between precast components require small quantities of materials. Small-aggregate 
concrete, cementitious mortars, epoxy mortars and adhesives must be carefully specified and accu-
rately located and compacted. The IStructE Manual on joints [10.12] is widely used by designers for 
compliance with proposed jointing details.

There is a wide range of fixings and connections in a precast structure, many of which are used to 
perform a unique function. The precast contractor should be made aware of the importance, or not, 
of each fixing type, and of the permitted deviations. The designer should ensure that the fixings 
perform their intended function, either by strict compliance with the manufacturer’s details, or by 
full-scale testing. In the former, the influence of the position of the fixing in the component, and the 
measures taken to ensure the full safe working capacity of the fixing, should be observed. Construc-
tion tolerances should be stated on the drawings.

Fixings should be clearly referenced and coded to avoid error. Where shims or packs are used to 
aid construction methods, the designer should ensure that they are capable of sustaining the necessary 
load, and can provide the degree of flexibility required. The load-bearing components should be 
designed for the effect of temporary point loads resulting from the use of small shims (particularly 
steel shims). The precast contractor should be informed of the permitted maximum load capacity 
through a shim.

The strength of bolted or welded connections should be assessed for both the temporary and per-
manent conditions, such that no element is overstressed at any time. The effect of torsion and shear 
stresses induced by non-symmetrical loading (e.g. slabs onto one side of a beam), which would not 
normally occur in service, should be catered for, e.g. see Figure 10.2.

The contribution to strength and stiffness from in situ concreted connections should be assessed 
with respect to the time taken for the concrete to mature. Although adequate strength may be achieved 
in compression, the bond resistance between rebar/dowel and the concrete may take longer to develop 
fully. The connections should be protected from rapid drying or rain penetration.

10.4.2  Strength and maturity of connections

Immediate strength is achieved by bolting or welding, although in situ concrete may be required for 
the joint to achieve full service strength. In this situation the strength of the partially complete joint 
is checked for temporary loading and, if necessary, the construction sequence is interrupted and work 
is carried out elsewhere until an adequate strength is achieved. Temporary propping is not always 
required during this operation. In situ concrete and grouts are specifically designed for early strengths 
and low shrinkage characteristics. Strengths around the 10 N/mm2 mark are typical for temporary 
loading and are usually achieved within two days.

The most important joints are:

	 column splices, where the joint must achieve adequate compressive strength before upper-storey 
beams and slabs are positioned

	 floor slabs, where in situ concrete infill is used to complete the floor diaphragm to transfer hori-
zontal loads to stabilising components

	 shear walls etc., which must be integral with the frame at least one floor behind construction.

These different conditions are dealt with in Section 10.5.

10.5  Erection Procedure

10.5.1  Site preparation

The General Contractor (GC) should prepare well-consolidated and level ground around the full 
perimeter of the frame and within the interior of the frame. Any service pipes or similar must be 
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protected from crane and vehicle impositions. The extent of this working area depends on the type 
of crane being used by the precast frame erector, but should not be less than about 6 to 7 m wide, as 
measured from the edge of the frame. The working ground level should preferably not be more than 
0.75 m above or below the finished ground-floor slab level.

A typical precast erection gang consists of four or five persons. The foreman is responsible for the 
works and will liaise, in the absence of a resident engineer, with the GC and the personnel at the 
precasting company. The foreman also orders the deliveries of precast components, and is often  
the most skilled person in the team for fixing and for directing the actions of the crane. Two other 
fixers assist the foreman, and two labourers carry out the duties after the precast components are 
fixed, e.g. shuttering, grouting, making good, etc.

In most instances the GC is responsible for the construction of the foundations and substructure 
in general (except where precast foundations are used). In situ concrete foundations should be cast 
at least 14 days before commencement of the frame erection. The strength of the in situ concrete to 
the foundations should be at least 10 to 15 N/mm2 before frame erection commences, unless the 
precast designer specifies any special requirements. A levelling pad is prepared by the precast contrac-
tor at least three days before frame erection commences. If this is not possible, then 150 mm-square 
solid steel packs, or sandwich steel–clay tile packs, may be used. The clay tiles should not be more 
than 10 mm thick and the steel plates not less than 3 mm thick.

The precast contractor should prepare sound bases for the column props. Where props are used 
on either side of the column, the foundation for each prop need only be required to carry a compres-
sive force. A timber or concrete spreader pad may be required if the ground conditions are poor. 
Where only one prop is permitted in any one direction, the foundation pad must be able to resist 
both compression and uplift. The precast designer should inform the GC of the size and position of 
the pad. The pad must be levelled horizontally and located centrally on the column line. Precasters 
will usually cast screw sockets into the precast members when push–pull props are to be used, but 
will usually omit them for compression-only props so as to maintain clean lines to visible faces.

10.5.2  Erection of precast superstructure

Figure 10.33 shows the fundamental erection sequence [10.13]. The important feature of this sequence 
is the time at which the temporary props are removed. The following sections discuss this sequence 
in detail.

10.5.2.1  Columns
Columns should be lifted off the delivery vehicle using at least two lifting points, and correctly stacked 
and pitched according to Section 10.2. The column may be inspected for any cracks when it is at an 
inclination of about 5° to the horizontal. Any cracks should be marked, measured and reported to 
the designer, whereupon any necessary corrective action will be taken.

At the ground-level connection, the column is lowered onto the foundation on the pre-levelled 
plate. If a pocket foundation is used, timber wedges (two per face) are forced down into the gap 
between the column and foundation, and the column is also propped at about 2.5 m to 3 m above 
foundation level. If the column is placed over projecting reinforcement to form a grouted sleeve con-
nection, props are placed as above, together with horizontal wedges to prevent the bottom of the 
column from moving sideways. If holding-down bolts are used, the base plate is secured by fully 
tightening the nuts to every bolt, and no wedges are needed.

The props should be of adequate compressive strength and subtend an angle of approximately 45° 
to 60° to the horizontal; see Figure 10.34. The typical prop rating is 3 to 4 tonnes compression at 4 m 
extended length. The action of forces from the props should provide stability in two mutually per-
pendicular directions, and be coincident with the centroid of the column and the reaction from the 
wedges. This may be achieved using four compression props, or two tension–compression props,  
or a combination of both. The props should remain in position until all the columns supported by 
the said props are fully tied to the first-floor slab. It is not permitted to remove the props from one 
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particular column on the premise that it is itself tied into the frame. Where the column is asymmetri-
cally loaded, the props should remain in position until such time as the column is tied in at two floor 
levels. This is to provide the necessary horizontal prop reaction force (see Figure 10.35).

During bad weather, high winds or a disrupted fixing sequence, the precast contractor may wish 
to leave the props in position until the first and second floors are completed. Similarly, very tall 
columns, exceeding 15 m in height × 300 mm depth, may have to be propped at the first-floor level 
so that no more than 9 to 10 m height of column is unpropped while fixing commences at the second-
floor level.

Columns founded in pockets are manoeuvred into position and aligned vertically using the  
tapered wedges and props, respectively. The wedges should be at least 250 mm long and tapered at 

Figure 10.33  Precast frame erection sequence [10.13].
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approximately 10°. It may be necessary to insert two wedges if the gap is particularly wide. Sturdy, 
seasoned hardwood should be used, because the wedges are driven downwards in order to drive the 
column into position. Crowbars (approx. 1 m long × 40 mm diameter) are also used to manoeuvre 
columns on base plates or projecting reinforcement. Optical instruments, such as two theodolites 
reading azimuth angles in two mutually perpendicular directions, are suitable (Figure 10.36). Plumb 
lines may be used for shorter (less than 10 m) columns, but are best suited to calm weather. When 
the column is correctly positioned, the annulus between the column and foundation should be filled 

Figure 10.34  Fixing column props just below the level of the first-floor beam and into load-bearing footings 
capable of resisting compression and tension forces from the props.

Figure 10.35  Stability of column subjected to eccentric load.
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to the level of the wedges or 250 mm depth, whichever is the greater, using a concrete grade C30/37 
containing 6 or 10 mm size aggregate and an expanding agent. The slump should be 50 to 100 mm. 
A poker vibrator should be used to compact the concrete that is placed in pockets. The wedges may 
be removed a minimum of 24 hours later, or when the compressive cube strength of the in situ con-
crete reaches 10 N/mm2. The foundation is then filled to the top using the same mix as before.

Columns founded on base plates assume a more immediate fixity, although a structural connection 
is not considered effective until in situ grout underneath the plate has achieved a reasonable strength.

Further vertical alignment of the column is possible after the base has been concreted. Columns 
are sufficiently flexible to allow horizontal movements of not more than 10 mm over a 3 m storey 
height for 300 × 300 mm sections. Realignment of columns from upper storeys may impose forces on 
the supporting framework that have not been allowed for in the design, and should not be attempted 
without first referring to the designer. In all cases compressive cube strengths should be obtained for 
the concrete used in the foundations, in accordance with BS EN 12390 [10.14].

It may be necessary during construction to adjust some of the columns vertically. This may be due 
to column curvature (asymmetrical curing, temperature variations, etc.), or to the forces imposed on 
the columns during frame erection to the upper floor levels. Figures 10.36 and 10.37 show wire ropes 
attached to these six-storey columns at the second-floor level. It is necessary to tension the rope by 
‘pulling’ the column using a ratcheted wrench (e.g. Tirfor, or monkey wrench). Great care must be 
taken because tall concrete columns are surprisingly flexible. The column is secured by props at the 
floor level, as shown in Figure 10.38.

Figure 10.36  Vertical alignment of columns using optical methods.
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Figure 10.37  Straightening of upper columns using ropes and wrenches.

Where a threaded connection is made to the end of a projecting dowel, the threaded part of the 
dowel must be undamaged, and the protective covering placed over the thread at the factory must 
still be in place. Grout splashes should be removed from the thread. As before, the annulus around 
the dowel should be filled using a pourable grout before the holding-down plate (or washer) is placed 
over the end of the dowel hole. The entire length of the nut must be in complete contact with the 
threaded dowel.

No attempt should be made to manoeuvre precast components into position using the nut and 
dowel as leverage. If the element requires realignment, it should be lifted by the crane or raised off 
its bearing using jacks and moved in the correct manner.

10.5.2.2  Beams
The rules governing the lifting of beams are the same as for columns, except that beams may – and 
preferably should – be lifted directly onto the framework. The positions of the lifting points and lifting 
devices (spreader beams, for example) should not interfere with the connections or fixing methods.

Fixing procedures for beams depend largely on the type of connector used. A broad distinction  
can be made between those connectors that provide an immediate restraint to shear and torsional 
forces (e.g. bolted cleats, or billet with top fixing) and those that do not (dowelled corbel, or billet 
with in situ tie top fixing). In the latter case temporary propping may used, because the beam 
is unstable until the in situ grouted connection has matured. In all cases the shear capacity of the 
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Figure 10.38  ‘Push-pull’ props for temporary column stability (courtesy of F.C. Precast Ltd).

connection is not affected by the sequence of erection and is not dependent on the strength of the in 
situ concrete infill.

The most onerous situation is the asymmetrically loaded spine beam shown in cross section in 
Figure 10.26(a). The eccentricity of the loading is about e = 270 mm and this results in a torsional 
moment of about 7 to 8 kNm in a typical frame. It must be resisted by the connector, or nullified by 
props and/or ties. With the exception of the welded plate-type connection, where propping is the 
preferred method, all connectors are capable of generating this restraint. Similar problems occur in 
some of the wider L-shaped edge beams and in special cantilevered sections, but in general they are 
easily overcome by the addition of an extra top-fixing cleat or by ad hoc site instructions to prop.

Beams of non-symmetrical shape, deep beams (exceeding 900 mm in depth), and spandrel beams 
are provided with a second fixing to improve temporary stability. The fixing may remain exposed, in 
which case stainless steel is used, or be covered in the general grouting operations. The operation is 
straightforward and has little effect on design.

Non-symmetrical perimeter components create torsional moments in their connections, and  
hence horizontal deflections in columns. This may lead to further deflections due to the P-Δ effect as 
subsequent floor loads are added. If column rotations occur, which will inevitably lead to beam  
or slab rotations, it is necessary to realign the perimeter components using push props or tethers. 
Dimensional checks should be made on column verticality, position and squareness during these 
operations.

If the orientation of the floor slab is such that a beam, or wall, is loaded non-symmetrically, or the 
fixing sequence is such that this effect cannot be avoided, the rotational stability of the support 
member should be ensured. That may be achieved in the form of props with crossheads, or brackets 
at the strategic positions such as beam-to-column, wall-to-column or wall-to-wall connections. The 
temporary supports should remain in position until such time as the forces causing the rotations are 
nullified by membrane action in the floor slab, as shown in Figure 10.26(b). Similarly the connection 
at the end of the beam or wall should be capable of resisting the torsional moments created under 
the temporary or permanent floor-loading arrangement.

Connector levels are positioned (by some but not all designers) up to 10 mm lower than the correct 
level, to enforce the use of levelling shims, which are to be used with due allowance for squashing.  
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It is important that the shims are accurately located to prevent large eccentricities occurring at the 
column face. The shim should be large enough to prevent local bearing problems, because it cannot 
be assumed that any in situ grout placed around the connector will penetrate to the bearing surfaces. 
The rules for using neoprene pads between concrete surfaces (e.g. column corbels) are similar, but 
for excessive thicknesses of packing a sandwich construction comprising a steel plate inserted between 
two neoprene pads is favoured. After the beam has been fixed to its supporting member, pourable 
grout or concrete using a 6 to 10 mm size aggregate, of minimum grade C20/25, fills the space around 
the connection. This applies to beams connected to continuous columns as well as to continuous 
beams fixed to column heads. An expanding agent may be added to the mix to enable a greater water 
content to be used. Leakage of grout (cement fines, etc.) should be prevented. Any gaps between the 
precast members should be filled using dry-pack mortar. The strength of the dry-pack should be equal 
to that of the (weaker) parent precast components.

If the torsional stability of the connection relies on the in situ infill, 24 hours’ maturity should be 
provided prior to fixing floor slabs onto the beam. The strength of the grout should attain 10 N/mm2 
before the beam is loaded in a manner that will stress the connection. Alternatively the beam may be 
propped, in which case floor slabs may be fixed immediately afterwards. Connections offering imme-
diate torsional stability allow the construction to proceed without delay. There is obviously some 
merit in this, particularly in buildings with a small number of beams per floor level.

10.5.2.3  Stability walls
Construction methods differ according to the type of wall. However, in all cases the walls should be 
braced against lateral movement, either:

	 by using immediate permanent mechanical connections, such as angle cleats bolted or welded to 
the precast components

	 by using immediate temporary connectors, such as clamps or temporary angle cleats, or
	 by propping, using either a minimum of four compression props where the wall is internal 

and bound on both sides by floor slabs, or a minimum of two push–pull props where the wall is 
at an edge.

The props should subtend an angle of approximately 45° and be located at a position approximately 
one-fifth along the length of the wall (Figure 10.31). Where several wall panels are used to complete 
a storey-height wall, all individual panels should be braced to the main frame, and not to each other. 
The temporary bracing should remain in position until the in situ concrete ring beam to the floor 
slab above the level of the walls is completed and matured. Walls that are connected to the frame 
using permanent mechanical devices do not impose such restrictions on the fixing sequence.

Stability walls that rely on composite action with the framework via a cementitious interface should 
be fixed and concreted in position at least 24 hours before the floor slabs are positioned. This is 
because the floor slabs contribute a large part of the permanent weight at each storey level. The narrow 
annulus between the wall and framework should be equal around the perimeter of the wall, and 
should not be less than 10 mm if grout is being used, or less than 20 mm if small-aggregate concrete 
is used. The grout or concrete is usually a minimum of grade C20/25.

In the case where projecting reinforcement is used to tie walls and wall/columns together, it may 
be necessary to bend the projecting reinforcement against the face of the mould, later to be pulled 
out by hand. The reinforcement used for this purpose should be sufficiently ductile to be bent through 
a right angle. If radial cracks are seen around the embedded reinforcement, the surface concrete 
around the bar should be broken out in what will probably be a conical piece about 20 to 30 mm 
deep. The surface should be reinstated using an epoxy mortar or similar. Minor damage to the con-
crete, e.g. surface spalling, will be hidden beneath the infill grout and need not cause concern. There 
are proprietary systems marketed for this purpose, containing a nest of bars (partly surrounded by 
foam to avoid grout ingress) that can be readily fixed to the formwork and will provide the necessary 
anchorage.
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10.5.2.4  Two-dimensional units, including f﻿loor slabs
Precast units of large plan area present few fixing problems, as long as adequate bearing is provided 
and the unit can be handled near the horizontal. A broad distinction in the fixing procedure is made 
between units on:

(a)	 continuous bearings (e.g. hollow-core flooring)
(b)	 localised bearings (e.g. double-tee units).

(a)	 Continuous bearings with uneven or cambered beams (or other supporting components) may 
cause ‘rocking’ in units that exceed about 2.0 m in width, which if restrained may lead to torsional 
cracking across one of the corners. The problem is overcome by wet bedding on mortar. Minimum 
bearing widths are achieved because flooring units are manufactured to positive tolerances.  
Flooring units are not propped unless a composite construction utilising propping forces is 
specified.

The sequence of fixing floor slabs should be continuous in one direction, progressing away 
from the frame’s stabilising components. Hollow-core units are directly positioned by the use of 
lifting hooks or pins, or by using chains. Erectors claim that fixing times are about 30–40 per cent 
faster using the hooks or pins. Where chains are used (Figure 10.39), the units are levered into 
position using the edge of an adjacent unit as the fulcrum point for a (1 m long) crowbar. The 
hollow cores should be closed off at a distance of not more than 100 mm from the ends of the 
unit, or 100 mm beyond the end of broken-out cores, to prevent grout loss into the core. Plastic 
or polystyrene plugs are usually used for this, and can be factory-fitted by arrangement.

Bearing lengths at either end should be made equal except where, for reasons of restricted 
access at one end, the correct bearing length may be provided at one end and a greater length at 
the other end. The minimum permitted bearing length is equal to the nominal length minus the 
tolerance distance of 15 mm (see Section 7.6). If the bearing length is more than about 10 mm 
less than this value, the designer should be consulted as to whether the unit should be replaced 

Figure 10.39  Fixing precast hollow-core floor units above safety nets.



708  Multi-storey Precast Concrete Framed Structures

or whether additional in situ concrete infill is necessary to make an extended bearing from the 
precast unit to the supporting member. Checks should be made for local cracking and spalling 
where there are inadequate bearing lengths, and the situation adjusted, such as is shown in Figure 
10.40. In this case the net ultimate bearing stress, after deducting allowances for cover in the 
supporting beam leaving only 15 mm effective bearing, was approximately 18.0 N/mm2, equating 
to 0.45fcu and riding very close to the limit.

(b)	 Double-tee units are usually more massive in size and require careful attention during fixing. 
Four-point lifting enables the unit to be accurately located. The units should be positioned onto 
150 × 150 × 10 mm neoprene, or similar, bearing pads. The bearing length onto the supporting 
element, i.e. through the pad, should not be less than 130 mm, and the bearing width onto the 
pad not less than 140 mm (see also Figure 7.59). Contact with all four pads should be made, and 
if not the case, an additional thickness of pad should be provided at the non-contact point. 
Welded connections between adjacent floor units, and between floor units and their support, are 
made after the completion of a bay of flooring when deck load deflections of supporting beams 
are complete, and cumulative tolerances can be checked for the units to be adjusted where 
necessary.

Welded connections at the sides and at the ends of double-tee units are formed between pairs 
of plates cast into the slabs and beams. In order to cater for site fixing tolerances, a short, inter-
mediate mild steel bar is placed in the gap between the plates. The diameter of the bar varies from 
8 to 20 mm typically, and it is about 100 mm long. A range of dowels is kept on site and the selec-
tion is made to suit the circumstances. A fillet weld is made to both sides of the bar using electric 
arc techniques and electrodes are selected to match the grade of the parent metal, usually grade 
S275 {43}. Care should be taken not to generate large amounts of heat during the welding opera-
tion, particularly at low (<5°C) temperatures, as large thermal changes may cause cracking of the 
concrete at the ends of the plate. In extreme situations the crack will cause a large triangular piece 
of the flange to completely break off, thus exposing the plate from below. A small crack reliever 
– a slot cut into the concrete, or a compressible filler – will prevent such cracking.

The plates used for making welded connections between double-tee slabs and supporting 
beams are located over the tops of the webs of the slabs. This is the only place they can be located 

Figure 10.40  Cracking and spalling has occurred due to only 45 mm physical bearing length for a 16 m long 
hollow-core unit.
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in cases where the end flanges have been removed for service holes. Because of the need to allow 
for fairly large tolerances in the length of the slabs, the gap between the plates in the ends of the 
slabs and the beam may be as great as 30 mm. In this case a specially cut plate is used as the 
intermediate filler. The welded connection is made at one end of the slab to allow movement to 
take place between the ends of the slabs. The slabs are fully tied to the frame when the in situ 
structural topping is applied.

10.6  In situ Concrete

10.6.1  General specification

The requirements for the preparation, delivery, placement, compaction and curing of in situ concrete 
are given in Section 8 of BS EN 13670:2007 [10.15]. This refers to in situ concrete and grout, whether 
site-batched or delivered to site ready mixed. The following information should be given on the 
contract drawings and/or in the specification for the frame:

(1)	 mix specifications
	 compressive cube strength at 3 and 28 days
	 workability
	 aggregate size
	 additives

(2)	 procedures for placement of wet concrete and grout
(3)	 procedures for placement of dry-pack grout
(4)	 methods of compaction
(5)	 dimensional details and deviations
(6)	 reinforcement details and deviations
(7)	 formwork striking information
(8)	 defect assessment information and methods for making good.

In situ concrete can be supported in three ways:

	 on permanent shutters (such as precast half-slab, soffit units)
	 over beams
	 on temporary formwork.

In the case of permanent shutters, these should be tight-fitting one to another and their size should 
be such that the total area of concrete is supported. Joints should be caulked, particularly if the units 
form the finished soffit. Permanent shutter units should be examined for cracking or other damage 
before any wet concrete is placed on them. They may need propping until the concrete is adequately 
cured. Where props are used they should be installed vertically (or as directed by the manufacturers), 
and where necessary they should be adequately braced.

The most common use of in situ concrete is as ‘make-up’ to floor units, and as such final dimen-
sions may vary slightly from those shown on the contract drawing. Where major upward variances 
occur, e.g. in the order of +50 mm in width for 1200 mm-wide floor units, or proportionately less for 
narrower floor units, the precast contractor should consult the designer about the situation so that 
any design implications can be assessed.

When formwork is used, it must be of sufficient strength to support its own weight and that of the 
concrete, together with reinforcement and the weight of any operatives or plant engaged in the work. 
Temporary formwork should be designed and installed, including for any propping, according to BS 
EN 12812:2008 [10.16] {BS 5975:2008+A1:2011 [10.17] (2008 is withdrawn), in particular clauses 
16.5.6 on precast concrete and 17.5.1 on wind loading}. Note that the National Foreword to BS EN 
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12812 warns: The design methodology within BS EN 12812:2008 is significantly different from that in 
BS 5975. Technical Committee B/514 advises that caution should be taken when applying BS EN 
12812:2008. It is beyond the scope of this book to discuss the details in these codes further.

The formwork load includes the total mass of concrete and reinforcement of density 2500 kg/m3 
plus the formwork self-weight, and the surcharge from storage and construction traffic, taken as  
(i) 1.5 kN/m2 or (ii) the actual weight of the materials stored plus 0.75 kN/m2 for operatives – see 
Figure 10.41.

Formwork should be tight-fitting so that grout loss is avoided. Narrow gaps may be filled using 
foam or other fillers. Gaps wider than 50 mm should be shuttered. Care must be taken when position-
ing props to support the formwork onto precast components below and with aligned props from 
there down to the ground. Small components, particularly narrow precast floor units, may not be 
strong enough to carry even the relatively small reactions from the props. Props should remain until 
the in situ concrete has achieved the necessary strength, as specified on the construction drawings or 
in the method statement. Props should be installed vertically, with back-propping to a foundation, 
and where necessary should be braced.

Surface preparation should be cleaned by brushing or air-jets to remove all debris, mortar, oil or 
other contaminants that could impair bond, in particular at joints.

Concrete should be compacted using a poker vibrator to liberate air until surface bubbles appear. 
The diameter of the poker should be appropriate to the dimensions of the infill, but is generally not 
more than 40 mm, or 25 mm if the minimum dimension is less than 200 mm. When using a mobile 
poker, care should be taken that the power unit is standing on a firm, level base and is operated in 
accordance with the manufacturer’s instructions. Any damage to the precast units during compaction 
should be noted and an appropriate repair carried out. In situ concrete should be protected against 
rain and direct sunshine, using an appropriate membrane, for a minimum of 12 hours. Ponding using 
water is not recommended.

Figure 10.41  Storage of materials on individual floor units, e.g. 20 sheets of mesh weighing 700 kg, or 
1000 kg palettes of cement, should be added to the general construction traffic loading.
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Fresh and hardened concrete should be tested according to BS EN 12350 [10.18] and BS EN 12390 
[10.14]. Compressive cube strength results (N/mm2 units), densities, and any unusual failure modes 
should be made known to both the precast contractor and designer within 24 hours and at the time 
of removal of the formwork. If the strength of the concrete is less than required, the precast contractor 
should postpone removal of formwork until further cube test results give strengths in excess of the 
required value.

10.6.2  Concrete screeds and joint infill in f﻿loors

A ‘screed’ is defined as a non-structural, unreinforced finishing layer, typically as a sand/cement  
mix or low-strength concrete with small-size coarse aggregate. If thermal or sound proofing  
is required on top of the precast slab, then the screed need not be in direct contact. A structural 
topping is a reinforced concrete layer, structurally bonded to the top of the precast slab, with or 
without interface shear links or dowels, to create an equivalent monolithic composite slab. In the 
construction sequence, if a structural topping is being used to provide horizontal floor diaphragm 
action it should be placed before the construction of the second next upper storey is completed, unless 
temporary horizontal bracing is provided, e.g. horizontal diagonal steel ties. Structural toppings 
should not be cast onto precast floor units that are themselves less than 14 days of age. Concrete can 
be delivered to the point of placement by concrete pump, crane and skip, or (for small areas) hoist 
and wheelbarrow.

Surface finishes produced by the slip-forming or extrusion technique will comply with BS EN 
1992-1-1, clause 6.2.5(2) as ‘smooth’ {BS 8110, Table 5.5 as ‘as-extruded’ or ‘as-cast’} unless tamping, 
raking or brushing with steel bristles is carried out perpendicular to the direction of casting imme-
diately after casting, so as to comply as ‘rough’ {‘brushed or rough-tamped’}. This is the maximum 
surface roughness advisable after machine production.

Surface preparation should be stated on the construction drawings. Prior to placing the topping, 
the surface shall be brushed clean to remove all loose debris, dirt, laitance or any other contaminants. 
Surface laitance due to cutting of hollow-core slabs, shown in Figure 6.4, should be removed at the 
factory. The surface of the floor element shall be wetted using approximately 1.5 litres/m2 [10.19] of 
potable water, depending on the ambient conditions. The surface should not be allowed to dry out, 
and free water should be removed.

The reinforcement bars or sheets of mesh will be lapped (inverted nesting) and also lapped to ties 
projecting from edge beams and walls according to anchorage bond lengths, i.e. at least 40 diameters 
for welded fabric. Cover spacers should be used elsewhere to raise the reinforcement clear of the 
precast slab, typically 15 to 20 mm. The cover to the top of the screed must be maintained at all posi-
tions, including laps of at least 300 mm, which may mean that at certain places the reinforcement 
spacing from the precast slabs has to be compromised.

The concrete grade is usually grade C20/25 to C25/30 containing a 10 mm-size aggregate. The 
three-day cube strengths of the concrete should be at least 10 N/mm2. The workability should give a 
slump of between 50 mm and 100 mm. A slump test should be carried out at the point of delivery. 
Self-compacting concrete may be used, using a flow table for compliance. The wet concrete should 
be uniformly distributed over the floor area, and should not be piled in excess of about 500 mm high 
at any point. It should be spread evenly over the floor area as quickly as possible, to within 50 to 
75 mm of the specified final level.

The longitudinal joints between hollow-core units and precast half-slab planks, and the milled end 
slots in hollow-core floor units, should first be filled at least 24 hours before the topping is cast. This 
is to avoid longitudinal cracking of the topping due to differential deflections and camber of the 
individual units. Care should be taken not to allow laitance to dry on the surface of the units close 
to the infill. The construction bay widths should generally not be greater than 15.0 m along the span 
of the floor units and not greater than 6.0 m across the width of the units. The positions of the joints 
should not be where there are narrow, or small, isolated areas of topping. Mechanical vibrating beams 
are often used to compact the concrete. The screed may be de-watered and power-floated or 
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rough-tamped in the usual manner, depending on the nature of the subsequent floor finishes; see 
Figure 10.42.

Compressive cube strength results are required for all structural concrete. Day joints should be 
straight, preferably keyed, and have aggregate exposed prior to continuation.

Local shuttering and reinforcement for in situ concrete ring beams should be prepared as much as 
possible as the flooring is being laid, to minimise the time between the completion of the precast and 
the pouring of the in situ concrete. An area of about 1000 m2 is the recommended maximum area of 
flooring that should be fixed without in situ tie beams being cast.

The longitudinal joints between precast units should be filled using concrete grade C20/25 to 
C25/30. The floor units should be dampened, without surface ponding, prior to placement of in situ 
concrete. The infill is best poured directly along the joint and swept into the gap using a stiff broom. 
Mechanical compaction is not often used.

10.6.3  Grouting

Grout is a sand–cement mix – or can be cement only, often with an admixture – and is used in situ-
ations where coarse aggregate concrete cannot penetrate. Wet grout may contain an expanding agent 
and/or a latex bonding agent, which may be added to the mix in accordance with the manufacturer’s 
instructions. Bonding agents may alternatively be applied by painting to cold joint surfaces immedi-
ately prior to grouting.

Flowable grout can be cast either by (i) gravity into the annulus between precast elements or cast-in 
sleeves, e.g. grout tubes in beams and columns, or (ii) pressure from the bottom up. Gravity-fed grout 
should have a clear gap of at least 5 mm greater than the size of aggregate, or at least 20 mm. The 
grout should have a slump of at least 100 mm, or else use a self-compacting admixture. In the former, 
a small tamping rod (12 mm diameter maximum) or similar should be inserted to aid compaction. 
The operative should calculate the approximate volume of material required and report any variation 
in the grout consumed. Pressure grouting is best carried out using a grout pump of working pressure 
of about 1 bar, using a flexible hose connected to the input sleeves. An open vent should be provided 

Figure 10.42  Power-floated structural topping onto precast hollow-core floor units. The mesh on the left has 
not yet been raised into position on cover spacers.
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at an appropriate height, but not more than about 1 m, above the input hose. A formwork box or 
otherwise a dam should be formed around the infilling, using foam strips or dry pack to prevent 
grout loss.

Dry-pack grout should be used in circumstances where it is not possible to place the grout on  
the soffit or inclined surfaces of a precast component. Grout has a water/cement ratio of about 
0.25 to 0.3 and is therefore mouldable in the hand. It should be placed by hand and trowel and ham-
mered into position, which removes free air. It may be either ‘structural’ or ‘non-structural’ as above, 
but it is not possible to make control cubes.

Figure 10.43  Location of props to maintain temporary stability: (a) positions requiring to be propped; (b) an 
example of propping retained until tie-restrained wall panel joints are complete (courtesy of Composite Ltd).

(a)

(b)
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The function of the grout is often identified on the contract drawing as either ‘structural grout’ or 
‘non-structural infill’. As well as meaning desirous of strength, the term ‘structural’ also refers to the 
protection of precast components or connections in which the integrity of the grout is necessary to 
ensure correct long-term structural behaviour. Thus strength tests are required for structural grout. 
The cube strength of the grout should be at least equal to the lesser design strength of the precast 
components in contact with the grout.

The preparation bed for the dry pack should be cleaned free of debris and mortar. Loose mortar 
around projected rebars should be chiselled free, and the surfaces made free from obstruction. A 
backing strip of formwork, or dry-pack mortar, should be made to prevent losses. Access to both 
internal and external faces of the joint should be possible. After filling the gap the mortar should be 
pointed off flush with the vertical faces. If dry-pack is used to complete a slab to beam or wall bearing, 
the dry-pack should be pointed off to give a recess or rake at the edge of the supporting member of 
at least 15 mm.

Cubes should be manufactured and tested for all dry-pack and grouting operations, according  
to BS EN 12390, Parts 2 and 3 [10.14]. Proprietary steel moulds should be used (not manufactured 
on site).

Non-structural infill is often used to complete a fascia, e.g. a vertical joint at a column face, but it 
is not serving any structural function and need not be subject to such close inspection, nor the 
strength tests referred to above.

10.7  Handover

As explained in Chapter 8, phased handovers of precast frames take many forms. There is a great 
temptation with prefabricated construction to allow following trades to move in immediately after 
the flooring has been fixed. The recommendation is that the precaster should not work directly above 
other labour, and that the trades who follow should desist until the precast at the next upper floor 
has been fixed and fully screeded/grouted.

Precast frames are readily released in self-contained and fully stable blocks. However, certain tem-
porary props should be left in position even though the framework is stabilised at some point. Figure 
10.43 shows the positions where props should be retained in partially completed frames. For this 
reason a phased handover should be carefully monitored, because the dominion of the frame is still 
with the precaster whenever the temporary bracing is present.

Final handover is achieved, of course, when all props and other temporary bracing are removed, 
and the in situ infill has achieved its design strength. The precaster will inspect the precast frame 
in the company of the engineer and/or architect to agree that the precast work is complete. The 
‘topping-out’ ceremony follows shortly thereafter.
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493, 499

welded plate, 382, 437, 439, 492
wide section, 441–467

beam to slab bearing, 26, 107, 171, 
425–431

bearings, 69, 101, 386–395, 405–413
confinement factor, biaxial, triaxial, 

206, 389, 411–413, 442, 446–456, 
460–465, 479, 486

definitions, 406, 409
design stress, 206, 219, 386
dry bearings, dry pack, 69, 406–409, 

425, 492, 506, 706–707, 713
elastomeric, 69, 153–154, 301,  

406–409, 429, 479
extended bearings, 406
failures, 407–408, 671, 708
ineffective lengths, allowances, 

deviations, 232–236, 300, 409–410, 
429, 445, 459, 476–480, 482–483, 
671, 708

isolated bearings, 405, 432,
length, or breadth, width, 220,  

411–413, 473, 476, 478, 486
local bearing stress, 412–413, 476
masonry, 131, 300, 410, 429,  

603–604
nodes, with tie bars, 411–413, 

475–476
neoprene, 32, 69, 154, 171, 182, 206, 

240, 301, 387, 406–409, 413, 425, 
429, 478, 485, 706–708

pads, 107, 154, 170–171, 182,  
404–409, 425, 430, 472, 478, 485, 
491, 708
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high-strength friction-grip bolts, 153
holding down, 517, 537–541, 544, 

621, 624–625, 700
boot design, beams, 167–172, 180–185, 

191
Bourse, Leeds, UK, 38, 549
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BS EN 1990: Basis of Structural 
Design, 61, 157, 636–637, 649
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British Standards Institute, 61
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buckling of lattice girders, 317–318
buildability, 36
building design exercise, 136–144
BRE fire station tests, 85
bursting (at ends), 170–172, 182, 198,  
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344, 405, 436, 442, 450, 476, 481, 
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bursting force coefficient, 208–210, 
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468, 485, 499, 519

bursting reinforcement, 209–210, 213, 
221, 458, 472, 486, 540, 675

CAD systems, facilities, drawings,  
50–52
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315, 325, 354, 495

cantilever shear walls, 111–112, 590, 
614–626

design charts, M-N interaction, 
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Capital House, Edinburgh, 37
car parks, 17–18, 21, 75, 120, 131, 311, 

375, 591, 644, 649
castellated joint, indented, 259, 399, 
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cast in fixings, sockets, 69, 97, 104–106, 

111, 115, 122, 125
cast-in situ concrete, see in situ concrete
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‘Cazaly’ hanger, 225–226, 498
cellular structures, 17

cement,
cement slurry, 149
classification, 149
effect on spalling, 258
expansive, grouts, 492, 611–612
grade, 188, 191–193, 195, 326
hydration, reaction rate, 270
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paste stiffness, 401
rapid hardening, 269
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sulfate resisting, 58
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building), 112, 550, 554–557, 584
CE mark, 61
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503, 517, 638, 672

Codes and Building Regulations,  
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coloured concrete, colouring pigments, 
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columns, 26, 68, 107–112, 226–236
base plate, 32–33, 48, 55, 69, 230, 511, 

516, 535–545, 700–703
bending moments, 227, 583–586
biaxial bending, 522
braced, no-sway, 228, 230
cantilever action, unbraced frame, 

23–24, 29, 36, 108, 146, 230–231, 
535, 582–585, 590–592, 694–695

circular cross section, 381
column head connection, 27, 127, 

418, 491–495, 706
confinement reinforcement, 449–452, 

456–463, 466, 469, 502, 631
connection stiffness, 228
corbel, 69, 107, 112, 198–199, 227, 

386–388, 408, 411, 418–419, 424, 
435, 470–485, 704

cross sections, 108
definition, 226
design, 140–142, 232–236, 593
eccentric loads, 228
design charts, M-N interaction, 236, 

526, 531
effective height, or length, factor, 

228–232
erecting columns, 700–704
finishes, 110
gravity loads, 226–236
haunch, 69, 380, 485–491
initial sizing, 108, 110, 140–141

in situ columns with precast, 118, 
121–122

load and moment combinations, 228, 
233

moment distribution factors, 227, 
234–235

pitching on site, 60
pocket, sockets, see foundations
positions of, 110, 112, 137–138
propping sequence, 701–703
protective cloaking, 111
reinforcement design, 235–236,
second-order deflections, moments, 

64, 146, 228–231, 581, 591–692, 
705

shrinkage induced moments,  
578–579, 581

slenderness, short and slender, 64–66, 
141–142, 228–230

splices, see column-to-column splices
staggered, 112
tee-columns or cruciform, 136
types, 107–108
unbraced, sway, 24, 32, 68, 108,  

228–230, 485, 580–583, 585–587, 
594–596

wind posts, 68, 147, 230
column-to-beam and slab splices, 

516–517
column-to-column splices, 26–28, 69, 

112, 147, 229, 503–516, 584
grouted sleeve, projecting bars,  

505–507, 509–510, 514–516
grouted sleeve coupler, 505–507,  

510
preferred positions in multi-storey, 

503
steel shoe, 510–513
test results on Peikko shoes, 512–513
welded lap, 506, 509
welded plate, 507, 504–508, 513–514, 

660–662
column base connection, column to 

foundation, see foundations
column shoes, see foundations
combined architectural/structural 

precast, 21
combined load cases, 64
Comité Euro-International du Béton, 

(CEB), 43
commercial office development, 12, 

14–15, 17
comparison of floor types and 

performance, 91–94
component, unit, element schedules, 

54–57
component selection, 75–113
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composite beam, 76, 79, 95, 125, 163, 
175, 336–337, 349, 365–374, 420, 
424

compression flange, 365–368
construction stage design, 373
deflection, 371
design, 368–374
effective breadth, 372
interface shear, 370
propping, 370

composite construction, 26, 66, 113, 
118, 193, 335–374, 707

benefits, 335
definition of topping and screed, 336
see also composite beam, -steel beam, 

-floor slab, -plank floor
composite floor slab, 69, 76, 79

cost and performance comparison, 
364–365

design, 352–364
double-tee, 246, 309–315
flexural design, 354–356, 361–362
hollow-core, 92–93, 337, 341,  

352–358, 364–365,
interface shear, 336–351, 361–363, 

366–368, 370
lattice (Omnia), 77, 94, 248, 336–337
load v span, 353
moment and shear v depth graph, 

358
properties and capacities, 360
propping, 79, 356–358
shear, 360, 363
solid, flat, plank, see composite plank 

floor
composite plank floor, 69, 79, 94–95, 

248, 315–325, 336–337, 636, 709
design charts, 320
design example, 321–323
half-slab, 67, 94, 709–711
manufacture, 316
lattice design, 316–317, 322
Omnia, 316, 336–337
permanent formwork, 709
shear, 319
voided slabs, 320–321

composite steel beam, with hollow-core 
floor, 125–126, 707

compound properties, area, second 
moment of area, 187, 189, 195, 
270, 272, 329–330, 358, 372–373

compression field theory, 211, 218
compression joints, 386–395, 504
compressive strut, 169, 171, 181, 205, 

208–210, 213–215, 224–225, 397, 
424, 475–477, 495–496, 519,  
522–524, 534, 567, 575, 595, 603

computer-aided scheduling, 52
conceptual design guidance, 44
Concrete Centre, UK, 67, 108, 110
concrete properties, 64

admixtures, 150
biaxial strength, confined, 411–412, 

450
bond/anchorage strength, 288, 302, 

647, 660–661, 685
creep, 149, 269, 272
cube strength, 149, 226, 327, 336
cylinder strength, 149–150, 226, 327, 

336
design strength, 149–150, 327
elastic (Young’s) modulus, 149, 187, 

272, 336
grade, 149, 151, 163
partial safety factor, 158, 160
prestress limits, 186, 327
shear strength, 209
tensile strength, 149, 155, 186, 303, 

336
torsion stress, 173

confinement factor (bearings), 206, 212, 
411–413, 442, 446–456, 460–465, 
479, 486

confinement reinforcement, 206, 213, 
448–450, 456–457, 461, 466,  
469, 476, 480, 490–491, 527–528, 
530

connections, 30, 59, 375–545
beam-line, 416–422, 425
beam to beam, see beam-to-beam 

connections
beam to column, see beam-to-

column connections
beam to slab, 425, 633
beam or column to wall, 610–611, 

706
billet connector, solid, RHS, 151, 212, 

223, 381, 422–424, 438, 447–464, 
502, 567, 628, 704

bolted, 32, 42, 59, 127, 384, 396,  
437–439, 443, 448, 468–470

bursting (at ends), see bursting
classification system, 422
cleat, cleated connector, 127, 173, 

223, 422, 424, 436–439, 469–470, 
488, 695, 704–706

column or wall to the foundation, 32, 
230–231, 517, 525, 528, 588

column splice, see column-to-column 
splice, and column-to-beam  
splice

compression joints, 386–395
corbel, see beam-to-column 

connection

COST C1 research project, 420
cruciform joint, column head, 

414–418
definition, 30, 383–384
design criteria, 384–386
design exercises, 394, 451, 455, 456, 

459, 463, 482, 489, 498, 526, 528, 
543, 544

dowel action, 399–401, 468–470
early development, 375–377
eccentric loads, 389–391
fixity factor, 418–423
flexural and torsional joints, 404–405, 

632, 705–706
flexural, rotational stiffness, 402, 413, 

416–421, 512
grout injection, 396
moment resisting, 69, 413–418
moment v rotation, 417, 420–421, 

583, 664
open and closed joints, 432–433
pinned joints, 413, 415, 422
PRESSS research program, 419
scarf joint, 375–377
semi-rigid, partial strength,  

418–425
shear box, see box, shear box 

connector
shear joints, deformability,  

396–404
simple supports, 89, 94, 101, 106–

107, 145–146, 154–155, 162–163, 
229, 267–268, 275, 318, 349, 356–
357, 425–426, 491

site connections, 697–699
slab and/or staircase to beam or wall, 

175, 425, 431–435
slab to slab, 85, 88, 253, 258–265, 

560–561, 564–565, 570–572,  
430–431, 708–709

structural steelwork to precast,  
123–127, 707

tension joints, 395–396
tests, 382, 450–451, 468–471
types, 377–380
wall to beam or column, 610–612
wall to wall, 432–435, 608–611, 

622–626
welded plate, 42, 59, 206, 211, 223, 

382, 401, 422–424, 438, 614, 695, 
705

welded plate column splice, 504–507, 
511–513, 660–661

consequences classes, see accidental 
loading

construction cost element, 39
construction depth, 34, 366, 378
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construction matters, methods, 36–42, 
58, 144, 667–714

access equipment, 698
Construction (Design and 

Management) (CDM) health and 
safety regulations, 667

connection methods, 699
construction time saving, 132
construction traffic allowance, 59, 

318, 321, 354–355, 366, 696, 710
crane impact, handling loads, 236, 

671–675, 683, 688, 695–696
design implications, effect on design, 

58, 588, 599, 609, 620, 667–672
Method Statement, designer’s, 

contractor’s, 667
site procedures, 699–709
speed of construction, 39
Statement of Compliance, producer’s, 

667
temporary stability, 28, 37–39, 49, 58, 

432, 436, 498, 503, 606, 668, 694, 
697, 705

continuity ties, see stability ties
corbel, 69, 106, 227, 387, 436, 470–480, 

481–485
core, shear core, 30, 36, 39, 112–116, 

552, 693
cover to reinforcement, 157–158, 177, 

194, 203, 207–208, 225, 240,  
250–252, 302, 318, 410, 437,  
476–478, 508, 545, 621, 711

cracking, precast-in situ, 351–352
crack

inspection, 687–688
in half joint, 200–202
width, 156, 295–298, 688–689

cracking moment of resistance, 
decompression, 193, 198, 284, 290, 
296–298, 302, 325

cranes
crawler, tower, hoist, 39, 58–60
lifting requirements for cranes, 

37–39, 49, 76, 144, 667, 671, 685, 
700

creep of concrete, coefficient, 149–150, 
187, 232, 272

creep coefficients for deflections,  
272–273, 343

creep loss of prestress, 195, 268–270, 
328–329

crenellation (for weatherproofing),  
106

crosswall frame, 16
cube strength, 64, 148–150, 186, 226, 

268, 327, 336, 417, 504, 703, 711, 
714

curtailment of flexural steel, 178–179, 
210–211

cylinder strength, 149–150, 186, 226, 
268, 327, 336, 389

‘dapped-end’ beams, see recessed end
decompression, cracking moment of 

resistance
decorative concrete, cladding, see 

cladding
deep beam action, 25, 30, 111, 147, 352, 

386, 562, 567
deep nib vertical wall connection, 

605–608
deflected tendons, 193, 312–314
deflection, 24–25, 66, 272–275, 331–333, 

343
after installation or finishes, 274–275, 

328
camber, 154, 249, 272, 331, 354,  

371
catenary floor, 646, 664
floor slab horizontal deflections, 173, 

397, 549–551, 560, 571, 575
floor slab vertical deflections, 92–93, 

154, 247, 249, 260, 262–268,  
272–275, 298, 309, 314–315,  
325–333, 711

frame, column, 24–25, 64, 146,  
228–231, 381, 581, 586, 591–592, 
595, 705

lifting, 672, 675
limits, 275, 272–275, 331–333
partial stiffness method, 302–303
prestress, 325–334, 354, 371
shrinkage induced, 347–349,  

580
span-depth ratio, 178, 321
tests on composite slab, 341–343

deflection-induced moments, see second 
order moments

deformations in wall panels, modes of, 
615

degree of prestress, 187
delivery vehicles (loads acting), 58–59
density of concrete, 64
‘design and build’ organisations, 667
design and drawing-office practice, 46
design by tests, 62, 570–574
design exercises, worked examples

beams, 176, 180, 182, 193, 368, 371
columns, 232, 350, 580, 585, 591
column splice, 513, 514
composite slabs, 321, 361, 364
connections, 394, 451, 455, 456, 459, 

463, 482, 489, 498
end shear, shear box, 212, 215, 220

floors, 306, 307, 451, 455, 456, 459, 
463, 482, 489, 498, 526, 528, 543, 
544

foundations, pockets, plates, 526, 528, 
543, 544

horizontal diaphragm, 555, 556, 568, 
576

lifting reinforcement, 684, 689
precast frame, 136
shear, infill, cantilever walls, 601, 602, 

604, 612, 618, 619, 623
stability ties, 656, 661
stairs, 242

design manuals, 60–64
design methods, 154–157
design procurement, 45
development of prestress, contours,  

277
deviations, manufacturing, 

construction, 59, 80, 155,  
157–162, 204, 271–272, 300, 353, 
476–480, 692, 697–699, 709

devising a precast solution, 32–36
diagonal bars, 205–208, 215–216
diagonal strut width, 140, 594–605
diaphragm action, see horizontal 

diaphragm action
differential camber, 273, 564, 567
differential shrinkage, rates, 118–119, 

346–351
dimensional deviation to cover, 157
dimensional inaccuracies, 59
direct method (accidental loading), 637
displaced bearing, 632, 669
disproportionate collapse, 627, 635
disturbed D-region, 472
double-boot beam (inverted-tee), 101, 

428
double-tee floor unit, 18, 69, 76, 89–92, 

245–247, 309–315
bearing, supports, 430–431, 708
cantilever, 136
design, 312–315
diaphragm action, 559, 576
economic and structural comparison, 

80
flexural design, 314–315
half-joints, 90, 247, 312
lifting, handling, 681
load v span, 256, 315, 353
manufacture, 309–312
properties and performance, 79
single-tee slabs, 89
web openings, 314
welded flange plate, 430–431, 

708–709
dowel action, 399–400



734  Index

drift ratio, sway/height, 272, 512,  
550–551, 547–548

dry environment (to the structure), 104
ductility

components, 146, 205, 245
connections, 146, 202, 208, 211, 219, 

377–379, 384–385, 389, 396, 397, 
414–416, 423, 426, 432, 450, 498, 
505, 512

floor systems, diaphragm, frame 
action, 245, 627

reinforcement, 151, 180, 672, 706
Dyform, strand, 152

early history of precast, 1–6
economical plan layout, 34, 74–75
edge beams, 18
edge beam to double-tee slab bearing, 

26, 172
effective breadth precast floor flange, 

365–368
effective height, factor,

in columns, 228–229, 231–232, 
591–592

in walls, 599, 601, 613
effective thickness

fire resistance, 84
infill hollow-core walls, 609, 613

effective span, 154–155
Egan Report, Rethinking Construction, 

7
elastic shortening loss, 194, 269, 

327–328
elastomeric bearing, 69
‘end block’ theory, 208
end bursting, see bursting
Engineering Institute of Malaysia, 67
epoxy materials, 153–154
equivalent strut analogy, infill walls,  

597
erecting precast superstructure,  

700–714
columns, 700–704
beams, 704–706
stability walls, 706

2-d units and floor slabs, 707–709
Eurocodes, 61
European Construction Products 

Directive, 61
expanding agent, expansive cement, 58, 

150, 396, 437, 449, 492, 506,  
611–612, 703, 706, 712

expanding bolts, 541, 591
exposed aggregate spandrel beams, 49
exposure class, 79, 92, 156, 188, 193, 

255, 268, 297
expressed external columns, 22

extended bearing, 69, 376
extruded surfaces finish, 345

façade, see architectural components
factory installation of finishes and 

services, 16
factory lifting, 58–59, 111, 154, 232, 

236, 681, 685
Fédération Internationale de la 

Precontrainte (FIP), 43, 65, 67, 85, 
339

Fédération Internationale du Béton 
(fib), 43, 64–67, 400–401

Accidental loading bulletin, 633, 643, 
647

Mixed construction bulletin, 66, 115
Structural connections bulletin, 64, 

384, 435–436
fibre reinforced concrete, 202
5th Amendment UK Building 

Regulations, progressive collapse, 
637

finishes, 17, 49, 54, 79–80, 90–92, 97, 
110

finite element method, modelling, 198, 
211, 258, 262, 267, 291–292,  
472–473, 476, 574–576

fire resistance, protection, 83–85, 90, 95, 
107, 322, 386, 437, 441

fire testing (hollow-core floors), 62, 85
fixing rates, 39
fixing tolerances, 59
fixity factor (connections), 418–423
flat plank floor, half-slab, see composite 

plank floor
flat soffit, 123–124
‘flexicore’, 78, 255
flexural and torsional joints, 404–405, 

632, 705–706
flexural shear failure, 276
flexural stiffness, 125, 175, 230, 265, 

295, 402, 413, 416, 425, 512, 585, 
628, 688

flexurally cracked, un-cracked, shear 
capacity, 193, 197–198, 275–285

floor layout options, 35
floor plate action, see horizontal 

diaphragm action
floor slabs, see precast concrete floors, 

composite floor slab, hollow-core, 
double-tee

floor in-plane stiffness, 551
floor to beam connections, 107, 143, 

169–171, 173–176
formwork, 709–710
40-storey precast frames, 3, 9, 226
foundations, 32–33, 517–545

base plates, extended, flush, 517, 
535–545

column foundations, 32–33
column shoe, see column splice, shoe
grouted sleeve, projecting bars, 517, 

540, 545
moment resisting, 32–33, 147, 230, 

519–524, 528–535
pad footings, 32–33, 518–532
pinned footings, 146–147, 540
pockets (in situ), 230, 518–525, 

526–532, 701–702
precast pockets, pedestal sockets,  

box foundations, 32–33, 517–518, 
525–526, 532–535

preparation by contractor, 700–702
welded base plates, 543
wall foundations,
wall shoe, 622–623

frame and component selection, 71–113
frame test, full scale, 547–549
frequent load, factor, 156, 297
friction, coefficients, 207, 518, 522, 533, 

568, 570–571, 586, 600, 611
frictional force, 169, 171, 181, 207, 242, 

495, 524, 577, 681
frictional reinforcement, 207, 211–212, 

214–216, 243
full-scale ultimate load testing, 62,  

341–343, 382, 450–451, 468–471, 
570–574

Galaxy Building in Brussels, 3, 9
geometric centroid (of building), 112
glass curtain walling, 71
glass fibre moulds, 74
grade of concrete, 149, 151
Grand Island, Manchester, UK, 96, 113
grandstands, 121, 125–127
granite cast spandrel beams and 

columns,7, 10
ground accelerations, in frame tests, 547
grout, 28, 58, 150, 375, 389, 406–409, 

437, 423, 437, 442, 471, 517–518, 
522–525, 536, 539, 543–545, 548, 
560, 567, 699

grouting, 88, 220, 275, 383–385,  
395–396, 414–416, 449, 492,  
508–510, 545, 586, 600, 605, 609, 
612, 616, 692, 703, 712–714

H-frames, 377
hairline cracks, 58
hairpins, U-bars, 209
half joint in beams, see recessed end
half-slab, see composite plank floor
halving joint, 30, 69
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hanging shear cages, 211
helical strand (prestressing), see strand
Highbury Technical College (University 

of Portsmouth), 3
high-quality finish, 22
high strength concrete, 3
high-strength friction-grip bolts, 153
holding down bolts, 537–540, 700
holes, 34, 49, 69, 74, 80, 101

in beams, 105, 162, 183–184, 224–225
in columns, 111
in floor units, 85–88, 90–91, 95, 143, 

249, 253, 266–267
in walls, 111, 113

hollow-core floor (and roof) unit, 18, 
69, 76–89, 120–129, 245–246,  
249–308, 325–333

bearing, supports, 426–431
bearing capacity, lengths, 300–301, 307
bursting, 259
cantilever, 298–300
cast in sockets and fixings, 89
column connection, 517
composite steel beams, 125–126
concentrated loads, point, line,  

263–266, 275, 284–286
continuity, stability ties, 632, 633, 

641, 650–654, 662–665
crack width, spacing, 295–298
deflections, camber, limits, 272–275, 

331–333
design, 253–308, 325–334
design of cross section, 257–259
diaphragm action, 559–561
dimensional deviations, 80, 161–162
early developments, 77
erecting slabs 707–709
Echo Engineering, Belgium, 325–326
economic and structural comparison, 

80
edge profile, 253–255, 259, 559
edge punching shear, 266
Elematic machine, 253
extrusion, 78, 249, 251–252
filled cores, 276
finite element model, 256 267,  

291–292, 574–576
fire resistance, 322
fire testing, 62
flange thickness, 257
flexible pneumatic tubes, 78
flexure, service and ultimate,  

267–271, 327–330
geometry, 82, 325–326
heating and cooling in cores, 82
in situ concrete framed buildings, 

120

lateral load distribution, or spreading, 
260–266

lifting, handling, site clamps,  
676–681, 687, 707

limiting tension, 255, 296
load v span, 76, 80, 256
longitudinal joints, 255, 259, 559–560
loss of prestress, 269–270
manufacture, 80–83, 249, 302–303
masonry bearings, 131
optimised performance, 80
‘pipe floor’, 82–84
point loads, 263, 275
polystyrene cores, 302
prestressing, 250–260, 327–328
product and section data, 254, 

305–308
properties and performance, 79
reinforced concrete, 76, 253
Roth machine, 250
section properties, 326
service stress, 267–268, 327
shear design, 330–331
shear key, edge profile, 259,
shear tests on deep slabs, 282–284
slip-forming, 78, 249–251
slippage, pull-in, 186, 260, 282–283, 

291–296
sound attenuation, 333
spalling, splitting, 257–259, 387
span/depth ratio, 76, 80
Spiroll machine, 252–253
steel framed buildings, 123–129
strand, wire, 77, 152, 305
structural topping, 286, 336, 340–341, 

634
surface finish, preparation, 340–344, 

711
‘TermoDeck’, 82–83
thermal resistance, 333
torsion cracks, 635
transfer of prestress, 268
transmission length, 255, 257–258, 

277–283, 288–302, 331
voids, holes, notches, 69, 80–81
webs, 257
weep holes, 89
wet cast, 252–253, 301–304

hollow-core walls, 68, 606, 609–614, 
616–620

horizontal diaphragm action (floor 
slab), 28–31, 68, 90, 123, 147, 229, 
252, 558–576

coupling bars, 564
cyclic loads and resistance, 571–572
design by testing, 570–574
design method, 561, 567–569

finite element analysis, 574–576
longitudinal shear stiffness, 571
reinforcement, ring beams, 559,  

561–562, 567–570, 573
structural models, 561–567
structural topping, 576–577
Vierendeel girder action, 561–562

horizontal imperfection force, 138
horizontal loads, 547–581

distribution of, 549–557, 586
resistance, wall capacity, 596
shear centre, 550–554
shear transfer mechanism, 558
torsional effects, 553
ultimate shear stress, 570
volumetric changes, 577–581

horizontal parapet loading, vehicle 
force, 173

horizontal shear stress, 139, 259, 345, 
366, 570, 595

hybrid construction, see also mixed 
construction, 73, 113, 117

Hydemoen airport, Norway, 113, 116

impact forces
accidental load, 111, 173, 377, 635, 

637
crane, handling, transport, 236, 635, 

671–672, 676, 684, 688, 695–696
imperfections, 138, 146, 550–551, 599
indented, crimped, wire, 152
industrial manufacturing facilities, 12
industrial modularised buildings, 12
infill (shear) walls, 68, 111–113, 129, 

593–614
brick, block, masonry, 132, 597–600, 

603–605
design graphs, 596–599
design principles, 594–595
erecting shear walls, 706
precast concrete hollow-core, 606, 

609–614, 616–620
precast concrete infill panel, 598–603, 

605–606, 695–696
infilled joints, 79
Inland Revenue building in 

Nottingham, UK, 131–134
in situ concrete, 150–151

bearings, extended, 69, 169–172, 175, 
240, 301, 390, 406, 432, 488, 708

composite floor, half-slab, see 
composite plank floor

connections with precast, 60, 65, 85, 
111, 148, 150, 163, 375, 383, 392, 
395, 404, 414, 420, 425, 430–435, 
491, 504–507, 518–519, 524–525, 
694, 699
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cracking, 351, 548
diaphragm strips, chords and 

topping, 558–574, 576, 699, 706
differences vs precast, 20, 23–26, 50, 

692
foundations, 32, 73, 117, 616, 

700–705
frames, 29, 37, 49, 96, 694
hollow-core slabs and walls, 125, 517, 

606, 612, 650, 652–655, 659, 665
infill strips, 28, 30, 68, 107, 125, 136, 

559–564, 643, 647, 711–712
mix proportions, 151
mixed, hybrid, with precast, 30, 32, 

44, 66, 68–69, 113, 118–123, 131
shear key with precast, 253, 258–259
site work, specification, 709–714
strength, 151, 699
structural topping, 39, 94, 154, 245, 

310, 316, 325, 571, 635
Institution of Structural Engineers, 

Manual on Joints, 64, 412, 442, 
445, 481, 493, 517, 558, 699

integrated structure, 7, 10, 21, 72, 586
interface shear, see shear capacity
interface shear links, 344–345, 370, 711,
International Federation for Structural 

Concrete (fib), see Fédération 
Internationale du Béton

International Prestressed Hollowcore 
Association (IPHA), 85, 282

inverted-tee beam, 183–198
invisible corbel, 435
isolated members, 154, 287–288, 301, 

405, 408–409

joints
bearings between elements, see 

bearings
definition, 28, 30, 32, 68–69,
design, 23–28, 28, 64–69, 242, 259, 

383–404, 425, 431, 436, 472
expansion, 34, 63, 154, 383, 589
half, halving, 32, 69, 90, 97, 136, 191, 

199–200, 202–206, 216, 238, 242, 
311, 315, 325, 435–437, 472,  
497–498, 628

scarf, 32, 69, 238–242, 375–377

key elements, 637–638, 640
keyed joint, shear key, 253, 259–261, 

310, 339, 397–399, 430, 518–521, 
525, 533, 561, 586–590, 594, 605, 
609, 612, 616, 712

keystones, 131
kinking, rebars, 564, 650
knife edge, 413, 486

lack of plumb, or verticality, 
imperfection, 138, 146, 548, 550–
551, 599, 692, 703

laps, lap lengths, 159, 200, 312, 352–354, 
375, 395, 405, 429–430, 470, 492, 
521, 545, 561, 567, 616, 647, 661, 
692, 711

large voids, service holes, 49, see also 
holes

lateral force, 138
lateral load distribution (hollow-core 

floors), 260–266
lateral stability, beams, 172, 177
layout drawings, 50–54
L-beam, edge beam, 101–103, 163–183, 

350, 428
L-section bleachers, terrace units, 125
ledger beam, see L-beam
lift shaft, lift-motor slabs, 112, 115
lifting

chain tester’s handbook, 672
design strength, stresses, 672, 679, 

681
devices, pins, hooks, 58, 674–675, 681
factory handling, 685
hollow-core slabs, 676–681, 687, 707
positions, points, bending moments, 

669, 672–674, 676
‘scissors’ and ‘Slablock’ clamps, 680
site erection procedure, 699–709
site pitching, 676–677, 700
site stacking, 686
spreader beam, 672–674, 681
strength of concrete, 150, 672

lightweight aggregates and concrete, 
107, 250, 315

lightweight block, infill, 94
linear components, 153
links, stirrups, see shear reinforcement
literature on precast structures, 67–68, 

see also manuals
live load reduction factor, 141
load-bearing or infill structural 

masonry, 49, 71, see infill walls
load testing, 62. 342, 442, 549, 572, 676, 

688, see also design by testing
load v span graphs, 76–80, 92–94, 164, 

249, 256, 315, 355
long term deflection, 274–275, 328, see 

also deflection
longitudinal shear stiffness, floor 

diaphragm, 571

Malietoren Building, The Hague, 
Netherlands, 121

Mansard roof, 49
manufacturing methods, see production

market for precast floors in steel frames, 
123

market share in multi-storey buildings, 
18–19, 21

masonry, 71, 131–135
in situ infill wall, 132, 597–600, 

603–605
precast masonry, 133–135

mastic, sealant, 104, 154, 383
materials, 148–153, 327, 336

admixtures, 150–151
bolts, 152–153
concrete, 149–151, 327, 336
elastomeric bearings, 153
epoxy-based mortars, resin,  

153–154
mixing water, slurry, 149,
neoprene, rubbers, 153, 406
polymers and additives, 153
prestressing steel, 152
reinforcement, 151–152
structural steel, 152–153

maturity strength, curing, 186, 195,
on prestress losses 270, 328

Merchant’s House, 3, 6
mesh, fabric reinforcement, 94, 107, 

139, 151–152, 275, 312, 321, 349, 
353–354, 429–430, 577, 605, 659, 
710–711

metal–inert gas welding, 153
MGM Hotel and Casino at Las Vegas, 

USA, 3, 9
minimum construction depth, 34, 366, 

378
minimum practical dimensions, 156
minimum, maximum, reinforcement 

quantity, 156, 159, 167, 178
mix design, proportions, specification, 

148, 150–151, 709
mixed construction, 18, 113–134

construction time saving, 132
fib Manual, 115
future, 131–132
options for, 119
precast – glazing, 113, 116
precast – in situ concrete, 118–123
precast – masonry, 131–135
precast – steelwork, 117–118,  

123–130, 591
connection details, 128

precast – timber, 113–116, 127–131
precast – glue-laminated timber, 127, 

130–131
Model Code, 43, 400, 476
modular precast concrete buildings, 

modularisation, coordination, 
11–12
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modular ratio, 156, 187, 270, 349, 354, 
358–359, 688

moment connection
beams, 69, 376, 379, 414, 423, 488
foundations, 32, 230–231, 517, 525, 

528, 589
moment distribution factors (columns), 

227, 234–235
moment of resistance, 166, 191, 270–

271, 295, 305–306, 330, 356, 359, 
400, 423, 515

relationship to design and anchorage, 
296

versus depth, 271
moulds

glass fibre, 74
steel, 105, 237
suction, 236, 683
timber, 74, 105, 237
usage, piece-to-mark, 75

multi-functional building design, 21

narrow plate (beam end), 202, 205, 
222–226, 441, 496–498,  
500–501

National Application Document (NAD), 
National Annex, 61, 142, 151, 153, 
156, 163, 649, 654

National Building Frame, 2–6, 89
National Precast Concrete Association 

of Australia, manual, 67
National Society of Earthquake 

Engineering, design guidelines,  
66

National Structural Concrete 
Specification, NSCS-4, 62, 75, 90, 
100

net bearing length, 300, 307, 409, 
478–479

neoprene, 154, 406
neutral axis depth, 163, 271, 359
new movement in design of precast, 21
New Zealand Concrete Society, design 

guidelines, 66
Nib, 106, 167–171, 207, 301, 405, 

408–409
No. 1 Spring Street, Melbourne, 

Australia, 10
nominal shear links, 179
non-cementitious materials, 153
non-composite beams, 101–106, 

163–198
non-mandatory design documents, 

64–67
non-shrinkable concrete, grout, 548
non-structural panels, see cladding
non-symmetrical loading, 60

‘no-sway’ frame, see braced structure/
frame

notches in floor units, 86, 89–91
notional sway load, 548
notional thickness, depth, 195, 329

‘off-site prefabrication’, 7, 113
Omnia floor, see composite floor slab
optimum project potential, 44
options for mixed construction, 119
Orpington, Kent, UK, 109
overturning moments

in columns, 583–586
in walls, 615–626

parapet, parapet loads, 173
Parma, Italy, underground, car park, 

120
partial load factors, 64, 79, 177
partially braced structure, 29–30, 36, 68, 

147–148, 230–232, 503, 582, 
590–593

patch loading, 457–460
PBC (Precast Beam Composite) system, 

324–325
peripheral and internal ties, see stability 

ties
permanent formwork, 709
piece-to-mark ratio, 75
pin-jointed connection, 25, 68, 118, 

146–148, 229, 375, 516, 525,  
540–541, 583–584, 593–595

plank floor, half-slab, see composite 
plank floor

plastic hinges, rotations, at joints, 24, 
146, 163, 385, 399–400, 423–424, 
630, 633, 646

plate strap hanger, 219, 221
pocketed end beams, see recessed ends
polished concrete finish, 12, 15, 22, 104, 

110
polyester resin mortars, 154
polystyrene blocks, 95, 154, 302
polysulfide sealants, 154
portal frame, 12, 15
Portland Building, University of 

Nottingham, UK, 72
pozzolana, 150
pre-cambering of slab, see deflection, 

camber
precast concrete floors, 17–21, 29–31, 

76–96, 136, 245–325, 309–315, 
325–333, 352–364, see also hollow-
core, double-tee, beam and block, 
composite floor, horizontal 
diaphragm action

balconies, 136, 315

bearings and connections, 107, 143, 
169–171, 173–176

building provisions, services, 82–84
concepts, sizing, 48–49, 141, 145
cost comparison, 364–365
design, 245–325, 325–333, 352–364
effect on stability, 25
efficiency (cost ratio, span/depth), 34, 

80, 364–365, 359
fire resistance, 84–86, 90, 322
fixing rates, 39
flooring literature, 65–67, 246
floors in mixed construction, 

118–134
holes and notches, see holes
load v span data & graphs, 79–80, 

92–94, 249
measurements and deviations, 159, 

161–162
optimum floor layout, 34–35, 74–76, 

137–138
Product Standards, 62, 257–258,  

262–265, 275–276, 287–288, 341, 
360

residential building ground floors, 12, 
20, 73, 119, 700

types of floors, 76–78, 245–248,
vaulted floors, 22, 131–134

Precast Concrete Industry Training 
Association, 34

Precast Flooring Federation, UK, 20, 34, 
fire test, 85–86

precast superstructure simply explained, 
23–25

precast trade associations, 20
prefabricated box beams, 124
prefabricated brickwork pillars, 131–134
prefabricated load-bearing brick piers, 

22
prefabricated shear boxes, see shear box 

connector
pressure distributions beneath inserts, 

447, 459
prestressed component design, 154, 

183–199, 238, 253–300, 325, 346, 
354–364

tension class, 154, 186, 268–269, 296
force at transfer, installation, final, 

269, 273
prestressed beams, 183–199, 365–375

boot design, 191
cracking moment of resistance, 193, 

198
deflected tendons, 193
degree of prestress, 187
example calculations, 190–198, 

371–374
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inverted tee beam design exercise, 
193–198, 371–374

loss of prestress, 186–196
possible tendon positions, 183, 189
prestressing force, 186–189, 191–196
service moment of resistance, 92, 156, 

187–198, 372
transformed areas of strands, 187
ultimate moment of resistance, 189, 

191–192, 196–197
ultimate shear capacity, 192–193, 

197–198, 372
Prestressed Concrete Institute (PCI), 

USA, design manuals, 64–65, 67, 
153, 171, 198, 294, 376, 396, 421, 
429, 442, 468, 577

prestressed slabs, 267–305, 309–335, 
352–364

cracking moment of resistance, 284, 
290, 296–298, 302, 325

degree of prestress, 80, 269
example calculations, 306–307, 321, 

361, 364
loss of prestress, 268–273, 278, 281, 

283, 290–95, 327–329, 346
prestressing force, 269–270, 273–274, 

279–281, 288–290, 300, 309, 
328–331

service moment of resistance, 92,  
156, 260, 267–270, 288, 295–298, 
305–306, 329–330, 357–360

ultimate moment of resistance,  
270–271, 305–306, 315, 330, 356, 
369–363, 369

ultimate shear capacity, 260, 275–285, 
305–306, 331, 363

prestressing steel
elastic (Young’s) modulus, 152, 269
relaxation class, 152
strands, 77, 84–85, 152, 190–192, 260
strength, 152, 269
wire, 84, 94, 152, 238, 260

probability density function, 160
production, manufacturing

extrusion, 77, 78, 85, 91, 249–254, 
276, 285, 291, 336, 339, 341, 345, 
363–364, 397, 578, 606, 676, 711

finishing, 48, 54, 75, 90, 100, 110, 310, 
711

lifting, handling, 236, 683, 668–669, 
672–685

moulds, casting, see moulds
self compacting, see self compacting 

concrete
slip forming, 78, 80, 85, 91, 151, 162, 

249–254, 276, 286, 325, 339–341, 
364–366, 397, 606, 616, 676, 711

steam curing, 302–303, 310, 672
storage, stacking, 54, 58–59, 685–686, 

696, 700, 710
tolerances, see tolerances

progressive collapse, 28, 634–638, see 
also accidental loading

project design stages, 48
project and production drawings, 50
propped cantilevers, (columns) 230
propping, 92, 94, 79, 173–174, 315,  

317–321, 356–366, 370–374, 517, 
591, 635, 668, 690–695, 699–701, 
704–710

protected member, see accidental 
loading, key element

protective cloaking (columns), 111
Public Building Frame, 2–3
Published document PD 6687, 62, 75, 

472, 475–477, 485
punching shear, 167–168, 170–171, 183, 

224, 266, 285–288, 445, 453

quantities of precast concrete flooring, 
18, 20

quasi-permanent load, factor, 79, 92–93, 
156, 257, 272, 297, 302, 649

RAI Centre in Rome, 380
re-alignment (of columns), 703
recessed end

beams, 198–216
slabs, 312–313

recycled concrete aggregate, 250
redistributed moment, 163
reduced partial safety factors, 157–161
Reinforced Concrete Council, UK, 12, 

design manuals, 66, 113
reinforcement, 151–152

cover, 158, see also cover to 
reinforcement

diameters, sizes, 152
ductility, 151, 180, 672, 706
grade, 151
elastic (Young’s modulus), 152
epoxy fusion-bonded bars, 152
galvanised steel bars, 152
minimum, maximum volumes, 157
minimum reinforcement, 156
partial safety factor, 158, 160
prestressing, 152
shape codes, 151
shear links, stirrups, 151
spacing of bars, links, lattices, 157, 

163, 169, 171, 179, 210, 219,  
224–226, 318, 338, 345, 450, 476, 
480, 519–521, 534, 616–618, 623, 
688–689

stainless steel bars, 151–152
strength, 151
weldability, 151
welded fabric, mesh, 94, 139,  

151–152, 275, 312, 349, 353, 429, 
577, 605, 659, 711–712

relative humidity, 150, 189, 193,  
195

relative stiffness
columns to beams, 23, 228–230, 419, 

see also flexural, rotational 
stiffness

frame or structure to wall, 594, 597, 
602, 604, 609

relaxation class, prestressing, 152
relaxation loss of prestress, 194, 196, 

269, 327, 329
responsibilities in precasting 

organisation, 45
retail developments, 15, 21
retarding agents, 151
reverse bending (connection), 382
robustness, 28, 34, 63, 94, 145, 316, 375, 

547, 627–643, see also accidental 
loading, progressive collapse

role of designers and contractors, 45
Roth machine, hollow-core, 250
roughness factor, 571
routes to procurement, 45

safe erection guides, 34
safety nets, site fixing, 687
savings over cast-in situ construction, 

36
scarf joint, 32, 69, 238–242, 375–377
‘scheme’ or ‘quote’ stage, 48
scope for optimum project potential,  

44
Scottish Office, Leith, UK, 73
screed, 25, 68, 90, 154, 237, 245,  

335–336, 339, 345, 352, 364–365, 
540, 558–559, 711

second order bending moments, 
deflection, 64, 146, 229–234, 581, 
591–592

self compacting concrete, 76, 126,  
150–151, 276, 302, 310–312, 315, 
676, 711–712

semi-rigid connections, 25, 376, 
418–425

design, 421–425
Ferreira’s classification system, zones, 

422
joint opening, deformability, 424
plastic hinge lengths, 424

service holes and routes, see also holes, 
49, 111
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service moment of resistance, see 
prestressed beams, prestressed slab, 
‘shallow’ boot, bearing nib, 167

shear box, connector, 69, 72, 152, 162, 
183, 198, 217–226, 436–438,  
441–442, 445, 451, 494, 622

shear capacity, resistance
brickwork, blockwork, 603
compression field theory, 277–278
corbel, 475, 376, 474–475, 484
dowel action, 64, 337, 339, 399–404, 

426, 471, 492, 562–567, 605, 612
effect of transmission length, 290
interface, 139, 312, 337–341, 344,  

363, 370, 397–399, 564–567, 
611–614

infill walls, 595, 599–605
punching, edge loads, 183, 286–288
varies with height in webs, 279–282
vertical, beam or slab, 167, 170, 179, 

192–103, 197–198, 260, 274–289, 
295, 300, 305–306, 319, 360, 501, 
684

shear capacity v depth, 271
shear centre, 550–554
shear cores, box, 34, 36, 111–112,  

114–115, 124, 586, 614
shear deformation, 401–404, 664
shear friction, cohesion, reinforcement, 

205–207, 219, 261, 335–337, 370, 
396–399, 414, 429, 518–519, 540, 
562–566, 570–571, 586, 611–615

shear key, 85, 88, 396–399, 519–521, 525
shear joints, 396–404
shear reinforcement, links, stirrups, 

166–167, 171, 173, 179, 202,  
205–215, 219, 221–222, 314,  
317–319, 344–345, 414–417,  
436–437, 475–485, 490,  
498–501

shear slip, in floors, in walls, 614–615
shear studs, 125
shear tests, hollow-core slabs, 276–278, 

280, 282–284
shear walls

design, 136–139, 156, 581–585, 
593–627

in floor diaphragm, 549, 556, 561, 
567, 576

positions, function, 12, 29, 34–38, 41, 
49, 68–69, 74, 111–114, 117, 126, 
131, 146, 336, 401, 692–693, 699

shelf angles (stairs), 240–241
‘shoe-box’ architecture, 11
shop drawings, 50, 57
shop-floor operations, 48
short term deflections, 272–273

shrinkage, 119, 150, 346
autogenous, 196, 579
curvature, moments, 578–579, 581
differential, 346–351
drying, 195
losses, prestress, 195–196, 269, 328, 

346
single-storey retail buildings, 12
single-tee floor slabs, 89
site operations

connections, 706–708
fixing rates, 39
fixing sequence, 707
instructions, 58
lifting, lifting beams, 1, 58–59,  

672–687, 681
pitching, 232, 236
preparation, 699–700

skeletal structures, 1–2, 9, 12, 17–18, 25, 
29, 40, 48, 68, 73, 108, 111, 123, 
132, 145–245, 336, 384, 419, 435, 
549, 577, 582, 628–634, 642, 662, 
693

building design exercise, 136–144
slab-to-beam bearing, 26, 107, 171, 

425–431
slender columns, 64, 66, 229–230, 

232–233
slump, 309, 353, 703, 711–712
sound and thermal insulation, 17, 

333–334
spacing of reinforcement, see 

reinforcement, spacing of bars
span-depth ratio, 101, 118, 123
spandrel beam, 18, 69, 103–104, 109, 

129, 134
speed of construction, 39
special surface finishes, 54
splice connection, see column-to-

column splices
splitting cracks, 85, 205, 258, 681
Sporting Lisbon stadium, Portugal, 121
stability walls, see shear walls
stability ties

calculation of tie forces, 649–654, 
657–658

column ties, 654–658
gable end ties, 640, 652, 654, 657–658
general, 50, 58, 62, 385, 627, 633–640
horizontal floor ties, 29, 68, 144, 207, 

335, 350–353, 364, 567, 643–654, 
657–659

horizontal beam ties, forces, 206, 210, 
478, 630–632, 640, 644–656, 658

strands, use of, 640, 647, 651, 662, 681
types and definitions, 642–643
vertical ties, 605, 608, 640, 659–662

stadia, 121, 125–127
stainless steel, 151–152
staircase, 18, 96–101, 143, 237–243

landings, 237
lifting, factory, site, 681
options for layouts, 97–99
prestressed stairs, 238
scarf joint, halving joint, 238–243
waste depth, thickness, 101
weight-span graphs, 101

standardisation, 11–12, see also 
modular

steel, see structural steelwork
steel fibres, 202–204, 250
strength

concrete, 149–150, 226, 327, 336
elastomerics, neoprene, 154
masonry, brickwork, blockwork,  

597–598, 603–605
prestressing steel, 152
reinforcement, 151

storage of components, stacking, 54, 
58–59, 685–686, 696, 700, 710

storey heights of precast concrete 
frames, 36

strain
shrinkage induced, 349–350, 578
soffit strain development, 289
tendon and concrete bond, 291–295
ultimate, limiting, 271

strand, prestressing, helical, 77, 84–85, 
152, 190–192, 260, 305

strap hanger, see plate strap hanger
strength, maturity of connections, 699
‘stringer’ beams (stairs), 237, 239
structural screed, see structural topping
structural design calculations, 49–50, 

terminology, 153
structural integrity, 85, 145, 426, 432, 

436, 547, 559, 564, 589, 635
structural load-bearing panels, 17, 21, 

68, 117, 638, 699
structural masonry, 49, 71, 131, 300, 

410, 429, 603–604
Structural Products Association, 34
structural stability, 26–29, 32, 43, 65, 

227, 386, 504, 547–626, 627–665
structural steelwork, 18, 30, 44, 48–50, 

66, 73, 85, 113, 117–128,  
152–153, 230, 420, 442

bolts, set screws, nuts, 153
coating, 152
grade, 152–153
encased in concrete, 117
hot-dipped galvanised, 153
plate, 153
with precast concrete, 113, 123–130
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rolled, rectangular, square hollow 
steel sections, 126, 129, 152, 
218–222

solid steel billet, 152, 218, 381
surface coating, 153

structural ties (progressive collapse), see 
stability ties

structural topping, 30, 76, 91, 93–94, 
123, 336, 340–344, 576–577, 634, 
711–713

structural walls, see shear walls
structural zone, 26, 34, 36, 49, 366, 378
strut and tie method, 168–169, 180–181, 

198–200, 206–211, 239–240,  
477–478, 482–483, 485–486,  
495–496, 499, 595

student accommodation, 11, 17
subdivision of floor layout, 75
sub-structuring methods, 146
super strand, 152
surface cleaning, 340–341
surface laitance, 291, 340–345, 519, 612, 

711
surface roughness, texture, 252, 259, 

336–342, 344–345, 397, 518–519, 
559, 571–572, 711

Surrey Docks, London, 7
sway deflections (horizontal), 25
sway frame or unbraced structure, 24, 

29, 36, 68, 108, 146, 228–231, 535, 
583–586, 590–592, 692, 694–695

technical literature, 60–68
tee-columns, cruciform columns, 136
temperature gradients, 154
temporary imposed loads, 59, 696
temporary stability, 28, 58, 670–671, 

690–699
erection sequence, 691–697
lack of plumb, 692
propping, push-pull, 668, 690–695, 

699–701, 704–710, 713
site connections, 697–699
temporary lateral, torsional bracing, 

668, 670, 688, 690
wind loading, 692

tender drawing, 48
tension joints, 395–396
terminology, designers and contractors, 

45
terrace units, 125
tests, experimental, calibration

beams, 174, 202
bond, pull-out, 647
columns, splices, shoe foundations, 

509, 511–513, 532
composite beams, 366–368

composite steel beams, 125
compression, mortar joints, 389, 392
connections, 174, 225, 381, 416–421, 

449, 470, 472, 628–629
double-tee, 314
fire, 62, 85
frames, sway, floor plate, 547
general principles, 62, 148
hollow-core floors, 85, 125, 174, 266, 

277, 280–285, 290, 302, 341–344, 
570–575

horizontal floor diaphragm, 570–575
interface shear, 341–344
lifting hooks, 676
progressive collapse, catenary action, 

637, 662–665
shear deformation, 403
steel fibre reinforced, 202

textbooks, 60–68
thermal and sound insulation, 17
thermal coefficient, expansion, 578–579
tied solution, progressive collapse, 638, 

640–643
ties (brickwork), 111
timber bearers, 58
timber

structural, roof, beams, 73–74, 
113–116

precast mixed with timber, 127–131
glue-laminated timber, 127, 130–131

tolerances, 38, 54, 58–59, 61, 63, 66, 82, 
97, 101, 119, 151, 160–161, 250, 
300, 383, 385, 396, 400, 405, 409, 
445, 458, 470, 476, 479, 505, 510, 
545, 612, 671, 692, 697–699, 
707–711

‘tongue-and-groove’ wall joint, 606
torsion, edge beams, 173–176, 632
transfer of prestress, detensioning, 65, 

92, 149, 186–198, 257–258, 269–
270, 273, 278, 288–294, 326–328

transformed areas of tendons, 187
transmission length, or zone, 192, 255, 

257–258, 277–283, 288–302, 331, 
647

equations, 291
dispersion length, 291
measurement of, 288–289
relationship to shear capacity, 290
relationship to slippage, 294–295

transportation (of components), 58–59
trimmed hole, trimmer angles, 69, 86
truss analogy (shear), 64
‘twin façade’ system, 11, 13
twin-wall construction, 336–339
2-D frame analysis, components, 26, 

153

U bars, 207, 209, 243, 312, 626
U shaped precast beam formers, 119, 

123
UK Precast Concrete Industry Training 

Association, 34
UK Structural Products Association, 34
ultimate load combination factor, 

92–93, 177, 232
ultimate load testing, see full-scale 

ultimate load testing
unbraced structure or sway frame, see 

sway frame
uniaxially braced structure, 68
University of West of England, Bristol, 

11
upstand beams, 69, 103–107, 163,  

166–178, 182–184, 584, 672

variable strut analogy (shear), 167,  
179

vaulted precast concrete floors, 22
Vauxhall Bridge in London, 11–12
vehicle impacts, 173
vertical load transfer, 581–626

braced structures, frames, 586–590
frame action, 581–583
partially braced frames, 590–593
shear cores, see cores
shear walls, see shear walls
unbraced structures, frames,  

583–586
uni-directionally braced structures, 

590
visco-elastic deformations, 272–274, 

295, 332
visual concrete units, 46, 71, 75, 101, 

104, 108–109
visual structural units, 12, 15
voided composite plank floor, 320–321
volume of precast produced per capita, 

21
volume of vertical structural concrete, 

17
volumetric changes, effect on horizontal 

load, 577–581
volumetric structure, 17

walls
balancing walls, see shear walls
cantilever, 68, 111–112, 614–626
connections, wall to slab or wall, 425, 

431–435, xx, 622–626, 706
deformations, modes of, 615
design, 136–140, 156, 581–585, 

593–627
design charts, M-N interaction, 

618–622
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erecting walls, 706
hollow-core walls, 68, 114, 593, 

606–614
infill walls, 68, 111, 113, 129, 139–140
length-thickness data, 111
load-bearing, 49, 71
location and distribution of, 112, 

136–139, 550–553
openings, 616
plain, 156
props, 706
reactions to horizontal load, 551–557
slenderness, 595–603, 609–614, 623
solid cantilever, 615, 620–626
stitch (two separate walls), 111

warehousing, 12
water-cement ratio, 249, 548, 713, 249

Weaver’s Mill, Swansea (now 
demolished), 1

weight of concrete, 64
welds, 152–153

design, 221
electrodes, 152–153, 203, 213
strength, 540
to rebars, 206, 213, 225, 397, 414, 

453–457, 474, 480, 489
to plates, 217, 313, 396, 401, 487, 500, 

502, 507–508, 511, 537, 540, 708
weldability, 151, 153
welded connections

beam-column connections, 382, 466
double-tee flanges, 314

welded fabric, mesh, 151–152
Western House, Surrey Docks, 3, 6

white Portland cement, 22, 23
wide shear box, 218–219
wind load, action, pressure, 138
wind posts (columns), 68, 147, 230
wire (prestressing), 77, 84, 94, 152, 238, 

260, 305
world survey (mixed construction), 113

Young’s modulus
brickwork, 603
concrete, 93, 149, 187, 190, 249,  

269–275, 297, 302, 327, 331, 336, 
347, 349, 387, 391, 394, 419–421, 
549, 689

steel, rebar, tendons, 152

zero slump concrete, 77, 249
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